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1 – Introduction
The Organizing Committee of CoRASS 2019 – the third edition of the International Conference on Recent
Advances in Nonlinear Design, Resilience and Rehabilitation of Structures – welcomes all the participants
and appreciates the involvement of the authors into the success of this event.
CoRASS 2019 is one of the Thematic Conferences of the European Community on Computational Methods
in Applied Sciences (ECCOMAS). The conference aims to identify the application of the new formulations
in the design and analysis of structures made of several materials, with a special focus on the rehabilitation
and retrofitting of existing structures.
The CoRASS 2019 is promoted by the Civil Engineering Department of the University of Coimbra and was
organized under the umbrella of the INESC‐C ‐ Institute for Systems Engineering and Computers at
Coimbra.
The CoRASS 2019 aims to discuss and publicize, in a forum on the state‐of‐art, the most recent models for
nonlinear structural analysis and design, such as: advanced numerical models, damage and fracture
mechanics, durability and environmental aspects, extreme actions on structures, high‐strength concrete
applications, new materials and products, rehabilitation of historical buildings, retrofitting of existing
structures, wind and earthquake engineering, structural health monitoring, and forensic engineering …
Other main goals of the conference are to promote the exchange of experiences within the participants
and to encourage young researchers to collaborate in scientific conferences, by assigning the global best
paper and the best paper submitted by a Young Researcher.
Authors are invited to submit their conference papers to the ASCE Journal of Performance of Constructed
Facilities. Such papers will require at least 50 % additional content and will need to meet the requirements
of ASCE Journals. Beyond the ASCE journal, a special issue of UK Institution of Civil Engineers, Building &
Structures Journal, will be available for paper submission.
The Organizing Committee of CoRASS 2019 is very thankful for the cooperation of the Scientific Committee
and the participation of ACIV in the Secretariat. Expecting to continue to cooperate in the future we are
grateful to you all.

2 ‐ Organizing Committee
• Helena Barros, (Conference Chair) University of Coimbra, Portugal
• Carla Ferreira, University of Coimbra, Portugal
• José M. Adam, Universitat Politècnica de València, Spain
• Norb Delatte, Oklahoma State University, USA.
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3 ‐ Scientific Committee
Adnan Ibrahimbegovic, University of Technology
Compiegne/ Sorbonne Universities, France

Jan Rots, Delft University of Technology,
Netherlands

Antoni Cladera, University of Balearic Islands,
Spain

João Paulo Rodrigues, University of Coimbra,
Portugal

Ayman ElFouly, Applied Science International,
LLC, USA

Jorge Almeida e Sousa, University of Coimbra,
Portugal

Bassam Izzuddin, Imperial College London, UK

Leroy Gardner, Imperial College London, UK

Carlos Lázaro, Polytechnic University of Valencia,
Spain

Luca Pelà, Universitat Politècnica de Catalunya,
Barcelona, Spain

Daniel Oliveira, University of Minho, Portugal

Luigi Sorrentino, University of Rome, Italy

Davide Bigoni, University of Trento, Italy

Luís Cruz Simões, University of Coimbra, Portugal

Dimos Charmpis, University of Cyprus, Nicosia,
Cyprus

Manuel Buitrago Moreno, Polytechnic University
of Valencia, Spain

Ehsan Noroozinejad, Graduate University of
Advanced Technology, Iran

Mar Alonso Martinez, University of Oviedo,
Spain

Elisa Bertolesi,
Valencia, Spain

of

Marco Corradi, University of Perugia, Italy

de

Maria Girardi, Institute of Information Science
and Technologies, Pisa, Italy

Polytechnic

Felipe Alvarez Rabanal,
Ingenieria, Gijon, Spain

EP

University
Superior

Michele Betti, University of Florence, Italy

Fulvio Parisi, University of Naples Federico II,
Italy

Paulo Lourenço, University of Minho, Portugal

Gabriele Milani, Politecnico di Milano, Italy

Pedro Dias Simão, University of Coimbra,
Portugal

Gian Piero Lignola, University of Naples Federico
II, Italy

Raffaele Barretta, University of Naples Federico
II, Italy

Gianni Bartoli, University of Florence, Italy

Tong Guo, Southeast University, China

Giuseppina Uva, Politecnico di Bari, Italy

Víctor Compán, University of Seville, Spain

Herbert Mang, Vienna University of Technology,
Austria

Vitor Dias da Silva, University of Coimbra,
Portugal
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4 ‐ Sponsors
ECCOMAS ‐ European Community on Computational Methods in Applied Sciences
UC ‐ University of Coimbra
ACIV ‐ Associação para o Desenvolvimento da Engenharia Civil
INESC‐C ‐ Institute for Systems Engineering and Computers at Coimbra
5‐ Organizing institution
DEC‐FCTUC – Civil Engineering Department, Faculty of Sciences and Technology of the University of
Coimbra; Rua Luís Reis Santos ‐ Pólo II, 3030‐788 COIMBRA, PORTUGAL.
6 ‐ Place of the event
Amphitheater Laginha Serafim, building 1 in the map, Civil Engineering Department, Rua Luís Reis Santos
‐ Pólo II da Universidade, 3030‐788 COIMBRA, PORTUGAL
7 ‐ Secretariat
Tel: (+351) 239 797 248
E‐mail: corass2019@dec.uc.pt

Fax: (+351) 239 722 012
Web: http://www.dec.uc.pt/corass2019/

8 ‐ Registration on CoRASS2019
Thursday, 16/10/2019, from 8:30 h until 17:00 h.
9 ‐ Coffee break
Coffee will take place at the Bar of DEC, located outside the main entrance of the building, downstairs on
the left hand.
10 – Lunches
The conference lunches will take place at the restaurant signalized by building 2 in the map. Each
participant should give the corresponding lunch tickets included in the documentation and give it when
asked to.
11 – Social program
A social program has been arranged and each participant has to do the inscription for the social program
at the moment of registration. The departure is Friday at 8:45 h at the entrance of the building near the
bar. A whole day visit is prepared with roman ruins in the morning and lunch. In the afternoon we will visit
the university and finish our conference with the dinner at the Restaurant of Museu Machado de Castro.
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WEDNESDAY, OCTOBER, 16, 2019

Opening Ceremony

PLI

9:30 – 9:45

Plenary Lecture I – CHAIR: Norb Delatte
LONG‐TERM PERFORMANCE ASSESSMENT OF RC BRIDGE DECKS UNDER MOVING
TRAFFIC LOADS BY NONLINEAR MULTI‐SCALE SIMULATION
Koichi Maekawa, Yokohama National University, Japan

10:00 ‐ 10:30

Coffee break: 10:30‐ 11:00
Session I: Forensic Engineering, Failures and Structural Performance, 11:00–13:15
ID
P07
P09
P11
P12
P15
P26
P61
P59
P35

CHAIR: Gian Piero Lignola and Joaquin G. Ruiz Pinilla
COMMUNICATION TITLE

AUTHORS

Using Models in Forensic Engineering, Norbert J. Delatte

Norbert J. Delatte

Collapse assessment of existing bridges using the Applied
Element Method: Morandi bridge case study
Failure Mode and Safety Assessment of Corroded RC Tunnel
Sections Subjected to Subsidence and Localized Shear of Soil
Foundation
Interaction of Shear Band of Rock/Soil Foundation and Failure of
Underground RC Ducts
Progressive collapse resistance of a building collapsed during
structural retrofitting
Advanced Computer Technologies for Fluid‐Structure Interaction
Modelling: a Review for Civil Engineering Applications
On an accident in a transition box on a water supply piping of an
aquaculture plant
How to limit failure propagation in building structures: a novel
design approach

A.A. Khalil, A El‐Fouly, Cosimo
Pellechia, E De Yuliis

Parametric Finite Element Analysis of High‐Strength Concrete
Columns with High‐Strength Reinforcement

Lunch: 13:15 ‐ 14:15
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Hiroaki Aoki, Yuto Yamanoi, Hideaki
Takahashi, Koichi Maekawa
Yuto Yamanoi, Hiroaki Aoki, Koichi
Maekawa
M. Scalvenzi, F. Parisi
R. Basile, D. Raffaele, F. de Serio,
M. Mossa, G. Uva
Luis Simões
José M. Adam, Manuel Buitrago,
Elisa Bertolesi
Mohsen K. Khalajestani, Ahsan
Parvez, Stephen J. Foster, Graeme
McGregor
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PLII

Plenary Lecture II ‐ CHAIR: Adnan Ibrahimbegovic
ADVANCED ANALYSIS AND NOVEL CONCEPTS FOR THE SEISMIC RETROFITTING OF
MULTI‐STOREY REINFORCED CONCRETE BUILDINGS
Bassam Izzuddin, Imperial College London, UK

14:15 ‐ 14:45

Break: 14:45 ‐ 15:00
Session II : Wind and Earthquake Engineering, 15:00 – 16:30
ID
P33

CHAIR: Pedro Simão and A. Navarro‐Manso
COMMUNICATION TITLE
AUTHORS
Effect of base flexibility on the dynamic response of an
Omar AlShawa, Domenico
Liberatore, Luigi Sorrentino
unreinforced‐masonry wall restrained by elasto‐plastic tie‐rods.

P20

Analysis of the oscillation of aerodynamic forces on launched
bridges: wind tunnel test and numerical simulation.

P30

Vulnerability of Italian coastal masonry buildings subjected to
tsunami loads
Simplified integrated assessment of the structural and energy
performance of existing buildings at the urban scale: a case study
in Puglia, Italy
Use of data derived by different sources for the seismic
vulnerability assessment of current building stock in GIS
environment: an application to the municipality of Bisceglie, Italy
Definition of low seismic excitations through probabilistic and
deterministic techniques applied to shear buildings

P38

P39
P06

A. Navarro‐Manso , R. Espina
Valdés, M.J. Suárez López, E.
Martínez García, J.L. Suárez Sierra
S. Belliazzi, G.P. Lignola, A. Prota
Uva G., Leggieri V, Iannone F.,
Casolo S.
Uva G., Leggieri V., Morrone M.
Enrico Zacchei

Coffee break: 16:30 ‐ 17:00
Session III: Structural Health Monitoring, Retrofitting of Existing Structures, 17:00‐18:45
ID
P40
P17
P23
P36
P41
P29
P31

CHAIR: Giuseppina Uva and Riccardo Barsotti
COMMUNICATION TITLE
AUTHORS
Effect of the Adhesive Stiffness on the Strain Response of a
I. Alj, M. Quiertant, A. Khadour, Q.
Grando, K. Benzarti
Distributed Fiber Optic Sensor Bonded to Concrete Sample
Using of various steel grades for strengthening of steel columns
Martin Vild, Miroslav Bajer
under load
Martin Vild, Lubomir Sabatka,
Increase in lateral–torsional buckling resistance of beams by
Jaromir Kabelac, Drahoslav Kolaja,
application of stiffeners
Lukas Hron Miroslav
Some Applications of a Displacement‐Based Procedure for the
Andrea Nettis, Roberto Gentile,
Seismic Response of Continuous Girder Rc Bridges
Giuseppina Uva, Domenico Raffaele
Proposal of a procedure for gathering data for the Structural and
Uva G., Leggieri V., Mastrodonato
Energy classification of residential building stock: a case study in
G.
Puglia
A generalized approach for ductility assessment of strengthened
G. Ramaglia, G.P. Lignola, A. Prota
masonry with composites
Deformability of connections to foundations in precast concrete
A. Fiorillo, R. Frascadore, G.P.
Lignola, L. Manna, A. Prota
wall panels

Break: 18:45 ‐ 19:00
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Session IV: Rehabilitation of Historical Buildings, 19:00 – 20:15
ID
P32

P46

P16
P67
P49

CHAIR: Manuel Buitrago and A. Navarro‐Manso
COMMUNICATION TITLE
AUTHORS
Numerical analysis for the response to rocking of asymmetric
S. Belliazzi, G.P. Lignola, E. Cosenza
bodies
Stefano Bennati, Danila Aita,
A trapezoidal plan sail vault by Antonio da Sangallo the Elder in
Riccardo Barsotti, Andrea
the Livorno Fortezza Vecchia: from Historical Investigations to
Piemonte, Denise Ulivieri,
an Analysis of its Structural Behaviour
Francesco Barsi, Leonardo Batini
G. Bartoli, M. Betti, M. Girardi, C.
Structural health monitoring of ancient constructions within the
Padovani, D. Pellegrini, B.
framework of the MOSCARDO project
Pintucchi, L. Robol, G. Zini
Calibration of Seismic Vulnerability Index for Masonry Churches
V. Sangiorgio, G. Uva, S. Ruggieri
and J. M. Adam
Based on AHP Including Architectural and Artistic Assets
Riccardo Barsotti, Stefano Bennati,
In ‐plane shear compression tests on Timber‐Framed Pisé panels Daniel V. Oliveira and Claudio
Tirabasso

THURSDAY, OCTOBER, 17, 2019
PLIII

PLIV

Plenary Lecture III – CHAIR: Luis Simões
DYNAMIC CHARACTERIZATION, MODEL UPDATING AND SEISMIC RESPONSE OF
HISTORIC MASONRY TOWERS
Gianni Bartoli, University of Florence, Italy

09:30 – 10:00

Plenary Lecture IV – CHAIR: Jose Adam
CHALLENGES POSED BY COMPUTATIONAL MODELLING AND NONLINEAR ANALYSIS
OF COMPLEX HISTORICAL MASONRY STRUCTURES
Luca Pelá, Universitat Politècnica de Catalunya, Barcelona, Spain

10:00 – 10:30

Coffee break: 10:30 – 11:00
Session V : Resilience of structures, Durability and Enviromental Aspects, 11:00 – 12:30
ID
P60
P25
P24
P01
P02
P45

CHAIR: Mar Alonso and Marco Simoncelli
COMMUNICATION TITLE
Design and Resilience of Structures and Infrastructure Under
Extreme Transient Loads
Proposal of robustness‐oriented performance limit states for
reinforced concrete framed buildings
Sensitivity analysis on progressive collapse resistance of RC
structures subjected to single‐column notional removal
Numerical solutions for chloride diffusions using stochastic
inputs
Chloride diffusivity accounting for shortening strain effects in RC
structures
Sensitivity analysis of hygro‐thermo‐mechanical problems in
multi‐layered materials

Lunch: 12:30 – 13:30
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AUTHORS
Adnan Ibrahimbegovic
Martina Scalvenzi, Fulvio Parisi,
Emanuele Brunesi
Martina Scalvenzi, Fulvio Parisi,
Emanuele Brunesi
Enrico Zacchei and Caio Gorla
Nogueira
Enrico Zacchei and Caio Gorla
Nogueira
Rafael Ramirez, Bahman Ghiassi
and Paulo B. Lourenço
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PLV

Plenary Lecture VI– CHAIR: Helena Barros
UNDERSTANDING OF LOAD RESISTING MECHANISM FOR MITIGATING PROGRESSIVE
COLLAPSE: CURRENT STATE AND FUTURE NEEDS
Bing Li, Nanyang Technological University, Singapura

13:30 – 14:00

Break: 14:00 ‐ 14:15
Session VI : Advanced Numerical Models, New materials and Projects, 14:15 – 15:45
CHAIR: Martin Vild and João P. Rodrigues
COMMUNICATION TITLE

ID
P21

Numerical modelling of reinforced concrete beams strengthened
in shear by Fe‐SMA strips

P27

Shear Behavior of Reinforced Concrete Beams made from
Recycled Coarse and Fine Aggregates

P28
P63
P66
P13

Strengthening of RC beams with SNSM‐CFRP rods
Performance And Residual Life of Moment Resisting Steel Frames
After Several Earthquakes
Discrete Models for Form Finding of Shells
Comparative Study of FEM techniques for Modelling Flexural
Behaviour of Concrete: Capabilities and Limitations

AUTHORS
Joaquín G. Ruiz‐Pinilla, Luis A.
Montoya, Carlos Ribas, Antoni
Cladera
Firas Al Mahmoud, Rémi Boissière,
Florian Wurtzer, Ala Amini,
Abdelouahab Khelil, Mohammad
Abdallah
Mohammad Abdallah, Firas Al
Mahmoud, Remi Boissiere,
Abdelouahab Khelil, Julien Mercier
C. Bernuzzi, D. Rodigari, M.
Simoncelli
Tatiana Sá Marques, Vítor Dias da
Silva, Eduardo Santos Júlio
Mar Alonso‐Martínez, Juan Enrique
Martínez‐Martínez, Juan José Del
Coz Díaz, F. Pedro Álvarez‐Rabanal

Coffee break: 15:45 ‐ 16:15
Session VII: Extreme Actions on Structures (fire, blast and impact), 16:15 ‐ 18:00
CHAIR: Maria Girardi and Carla Ferreira
COMMUNICATION TITLE

ID
P10

Non‐linear simulation of Cross‐Laminated Timber (CLT)
delamination under fire conditions using FEM numerical model

P54

Numerical Analysis on The Behaviour of Concrete Masonry Walls
Subjected to Fire
Numerical Modelling of Cold‐Formed Steel Σ‐Shaped Beams
Under Fire Condition
Comparison of Design Methodologies for Composite Slabs With
Profiled Steel Sheeting Subjected to Fire
Numerical simulation of the thermal degradation of a timber
beam under a fire event using low‐end personal computers: a
simplified method
Gbt Rayleigh‐Ritz Analysis of Slender Elastoplastic Steel Columns
Under Fire Conditions

AUTHORS
J.E. Martinez‐Martinez, M. Alonso‐
Martinez, J.J. Coz Diaz, F.P. Álvarez
Rabanal
Rafael Oliveira, João P. Rodrigues,
João Pereira, Paulo Lourenço
I. B. Santiago, João P. Rodrigues, F.
C. Rodrigues, Rafael Oliveira
R. Reinhardt Neto, Fabricio L.
Bolina, João P. Rodrigues
Ruben Regueira, Juan Enrique
Martinez‐Martinez and Mar Alonso
Martinez
Pedro Dias Simão, João P
Rodrigues

In‐Plane Response of Hollow Load‐Bearing Block Wall

G. Castori, M. Corradi, A. Borri

P55
P56
P18
P64
P05

Break: 18:00 ‐ 18:15
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Session VIII: High‐strength Concrete Applications, 18:15 ‐ 19:30
ID
P47
P03
P58

P68
P65

CHAIR: Vitor Dias da Silva and Pedro Simão
COMMUNICATION TITLE
AUTHORS
Oligo‐cyclic loading behaviour of full‐scale beam‐column RC
F. Rifai, J. Mercier, N. Kackowski, C.
Bouiyed, and M. Quiertant
joints retrofitted with advanced CFRP
An Effective Corotational Formulation to Finite Rotation ‐ Small
Salvatore Lopez
Strain Description of Timoshenko Beam Elements
Manuel Buitrago, Jose M. Adam,
Experimental research on progressive collapse assessment of RC
Elisa Bertolesi, Pedro A. Calderón,
building structures under corner‐column failure scenarios
Juan J. Moragues
Energy and Economic Analysis of sustainable translucent thermal
Farrin Ghorbanalavi, Nihal
insulation materials applied in building envelope for Iran's Cold
Arioglu, Masoumeh Abedini
and Hot Climate
Nonlinear design of rectangular RC sections under service states

C Ferreira, H Barros

Closure [19:30]

Information about for the Best Paper presented at the conference and the Best Paper submitted by a
Young Researcher

FRIDAY, OCTOBER, 18, 2019

Social program.
The departure is Friday at 8:45 h at the entrance of the building near the bar. A whole day visit is prepared
with roman ruins in the morning and lunch. In the afternoon we will visit the university and finish our
conference with the dinner at the Restaurant of Museu Machado de Castro.
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Summary. Computer models are useful for both structural design and forensic analysis. In the
process of design, loads and materials must be assumed. In contrast, when investigating a
failure, it is possible to know the materials and structural configuration as well as the loads
applied at the time of collapse. The necessary modelling is thus very different from the design
process. Nonlinear models provide a powerful tool for forensic investigation, provided that
they are used correctly. Many examples have been published in the American Society of Civil
Engineers Journal of Performance of Constructed Facilities (ASCE JPCF). Others examples
have been presented at the eight ASCE Forensics Congresses, held every three years since 1997.
The papers have been published published in the Congress Proceedings. This overview paper
will review case studies of modelling applied to forensic investigations, and also examine some
of the issues associated with the use of such models.
1 INTRODUCTION
The British statistician George E. P. Box has stated that “All models are wrong, but some
are useful.”1 Computer modelling has become an important tool in both structural design and
forensic analysis. In both cases, it is important to keep Box’s admonition in mind and to be
properly sceptical of the inevitable assumptions and errors.
This paper addresses concerns that have been raised about computer modelling, failures that
have been attributed to modelling errors, and the use of models as a forensic investigative tool.
Simulations are very popular in litigation following failures, since they can allow a jury to
visualize a possible collapse sequence. Such convincing displays, however, may obscure the
uncertainties that lie behind them.
2 CONCERNS ABOUT COMPUTER MODELLING
Errors can be introduced at many points in the modelling process. They may come in during
the inputs to the model, during the modelling due to some bug in the software, or as part of the
interpretation of the output data.
These concerns have been around about as long as the computer models themselves. In 1992
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the ASCE formed a Task Committee on Avoiding Failures Caused by Computer Misuse to
address issues resulting from misuse of computers in civil engineering. An editorial describing
the committee appeared to reference the 1978 collapse of the Hyatt Civic Center, describing a
roof collapse under snow load. The editorial stated “Structural steel roof trusses were designed
using a design program that assumed that the loads in the chords (double angles) and diagonals
(single angles) acted in a common plane.” In fact the connections were eccentric, leading to
bending stresses that reduced member buckling strength. The editorial published tables with
statistics about errors and failures related to computer use2. While the committee was supposed
to develop a monograph entitled “Guidelines on Avoiding Engineering Failures Caused by
Computer Misuse,” it does not appear that the document was ever published.
Catella discusses some concerns about modeling that are specific to forensic investigations.
“An unfortunate pitfall of the accelerating speed at which FEA can be performed is the
temptation to “cherry pick” results based on the expectations of a client or those of the
engineer/modeler. Given the fact that nonlinear analyses are frequently sensitive to variation of
input parameters, it may be possible for the analyst to perform a range of analyses and “select”
the model input parameters based on what produces the desired result. Engineers who create
finite element models and perform peer reviews of models have an ethical responsibility to
avoid this “top down” approach by demanding that all input parameters are externally justified
by appropriate means, such as forensic investigation, testing, hand calculations, literature
review, or a combination of these. For cases where adequate justification of an input parameter
is not available, a range of parameters should be considered and the results from all of the
analyses should be presented.”3
3

FORENSIC ENGINEERING AND DESIGN ERRORS

Like any design tool or procedure, computer models may be misused. Classic cases of
failures that have been attributed to improper use of computer modeling include the Hartford
Civic Center and the Sleipner A Offshore Oil Platform.
3.1 The Hartford Civic Center Roof Collapse
The steel space truss roof of the Hartford Civic Center collapsed under heavy load of snow
in the early hours of January 18, 1978. The roof was one of the first structures designed using
a computer program. According to Wearne4 the estimated savings from using the computer
were a half million US dollars.
The space frame roof was approximately 91.4 by 110 m in plan supported on pillars 25.3 m
above the arena floor, and was made of pyramidal modules approximately 9.14 m by 9.14 m.
The truss members were input into the computer program assuming a brace at midpoint.
However, the connection details did not in fact brace them against buckling. For elastic
buckling, doubling the unbraced length reduces capacity to 25 %. In some cases, the loss of
capacity was worse due to bending moments induced by eccentric loads. Although the snow
load was heavy at the time of the collapse, it was nevertheless well under the design
requirements.
An investigative report from Lev Zetlin Associates noted “the computer model used by the
structural engineer only included the top and bottom chords and the main diagonals. Roof load
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were only applied at top chord main panel points. If the computer model had represented the
intermediate diagonals and horizontals and had included the roof loads at the mid-point, subpanel points at the top chord, the instabilities and primary bending moments would have been
detected by the designer.”6
Petroski has discussed the risks inherent in structural optimization in reference to this case.
“Because the computer can make so many calculations so quickly, there is a tendency now to
use it to design structures in which every part is of minimum weight and strength, thereby
producing the most economical structure. This degree of optimization was not practical to
expect when hand calculations were the norm, and designers generally settled for an admittedly
overdesigned and thus a somewhat extravagant, if probably extra-safe, structure. However, by
making every part as light and as highly stressed as possible, within applicable building code
and factor of safety requirements, there is little room for error – in the computer’s calculations,
in the part manufacturers’ products, or in the construction workers’ execution of the design.
Thus computer-optimized structures may be marginally or least-safe designs, as the Hartford
Civic Center roof proved to be.”7
3.2 The Sleipner A Offshore Oil Platform Failure
Ortega8 discussed the role of computer design error in the loss of the 700 million USD
concrete Sleipner A offshore oil platform in the North Sea just off Norway on August 23, 1991.
The platform was undergoing a ballast test at the time, and there was sufficient warning for all
15 people aboard to abandon the structure. The cited reasons for the failure were computer
input error, computer program error (bug), and poor construction detailing. Ortega observes
“Interestingly, simple manual calculations using a truss-and-tie model of the area near the wall
supports would have indicated that the results from the finite element calculations were
incorrect by a large margin. In addition, the calculations based on the truss-and-tie model would
have shown that the failure could have been prevented by providing sufficiently long T-headed
bars.”8
4

USING COMPUTER MODELS IN FORENSIC INVESTIGATIONS

Computer models have also proven valuable in forensic investigations. It is an unfortunate
truth that after a collapse there is plenty of time and money for a thorough investigation, and if
there had been that much time and money applied in advance to the design there would probably
have been no collapse.
The U.S. National Bureau of Standards (NBS), now called the National Institute of Standards
and Technology (NIST), was an early adopter of finite element modeling in forensic
engineering investigations. This use predates the routine use of finite element modeling for
analysis, because at that time (during the 1970s) the tools were expensive, difficult to use, and
not widely available. Since that time forensic investigations have made increasing use of
modeling software.
4.1 NBS/NIST Investigations
The reinforced concrete Skyline Plaza building at Bailey’s Crossroads in Northern Virginia
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collapsed while under construction on March 2, 1973.5 The US Occupational Safety and
Health Administration (OSHA) asked NBS to investigate. The structural analysis was carried
out with the three dimensional finite element analysis program SAP to calculate slab and
column strip bending moments for various load cases. The most probable cause of collapse
was found to be shear failure caused by premature removal of shoring.9
The NBS also investigated the Harbour Cay Condominium Collapse in Cocoa Beach,
Florida, on March 27, 1981, again at the request of OSHA. The structural analysis made use
of hand calculations using the Equivalent Frame Method, as well as the finite element program
ICES-STRUDL-II operating on a Sperry Univac computer. The failure was blamed on
punching shear due to numerous design and construction errors.10 In retrospect, the design and
construction errors were so obvious that a complicated analysis was probably not necessary.
The NBS also employed finite element modeling in the investigation of the collapse of the
concrete cooling tower under construction at Willow Island, West Virginia, on April 27, 1978.11
Unlike Skyline Plaza and Harbour Cay, which were regular, rectangular buildings with
relatively simple geometry, the cooling tower was a thin concrete shell a complex hyperbolic
hourglass shape. The investigators made use of SHORE-III, a finite element program
developed for the static and dynamic analysis of axisymmetric shells. The results were verified
using the SAP-IV analysis program. The NSB found that the concrete jumpform system that
was supported by lower layers of concrete in the shell failed because the concrete had not yet
attained enough strength to support the forms.
While the NBS was investigating for OSHA, Lev Zetlin Associates (LZA) was performing
another investigation, on behalf of the general contractor. LZA’s findings disagreed with those
of the NBS investigation. LZA claimed that the most probable cause of failure was the early
removal of anchor bolts and cones from the lower portion of lift 27. LZA believed that if the
anchor bolts had been left in place and stayed attached to the jumpform beams, the collapse
would have never occurred.12
4.2 Modern Usage in Investigations
One common use of finite element models in forensic investigations is to compare the
structural capacity if the building had been built as intended to the loss of capacity due to the
as-built condition. Catella provides an example for construction scaffolding.3
Bovo and Savoia used numerical modeling and time-history analysis to investigate the
partial collapse of a prestressed industrial building during the 2012 Emilia earthquake in Italy.
During this earthquake about 45 % of the industrial buildings in the area either reported
significant damage or collapsed. Regulations in effect prior to 2003 allowed these structures to
be designed considering gravitation loads and wind only, without connecting bars to provide
earthquake resistance to what were essentially friction joints. After considering multiple
possible failure modes, sliding of precast elements with friction based supports was identified
as the most likely. On limitation of the analysis was observed. “Nevertheless, dynamic
behavior of the structure cannot be correctly captured by the FE model when some elements
start to fall down from the supports. In fact, it can be expected that during the collapse the fallen
elements hit or damaged some structural elements, the columns for instance, generating a sort
of domino effect that emerged from the in situ surveys.”13
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On October 12, 2013, six months after construction completion, stage 6 of the Space
Building in Medellin suddenly collapsed, killing 12 people. Although the rest of the building
stayed up, the building was demolished following a condition investigation. A thorough field
investigation was carried out with extensive materials sampling. The computer program SAP
2000 was used to undertake a linear analysis of the building. The material properties and loads
at the time of the collapse were known fairly accurately. The cases investigated including an
ideal structure without defects, a model incorporated observed settlement, the structure right
after a critical column failed, and the additional structural capacity provided by masonry
partition walls. These analyses confirmed the role of the design errors in the collapse.14
These cases and others are of interest because the technical papers generally provide
modelling details about the software used, connection and boundary details, and material
properties. Therefore, they provide useful guidance for modelers analyzing similar failures.
4.3 Use of Computation Fluid Dynamics
There are, of course, computational tools other than finite element analysis available. The
loads applied to structures can be just as difficult to analyze as the structural responses, if not
more so. In the case of hurricane damage, there are often insurance disputes as to whether
damage was caused by wind, which is a covered loss, or by flooding, which is generally not
covered.
Schulman and DesAutels used the computational fluid dynamics (CFD) model FLUENT to
analyze wind fields and pressure forces for a steel building damaged during Hurricane Katrina.
The hurricane’s eyewall passed directly over the storage building. The walls were blown
outward in two locations. The insurance company in this case asserted that the damage was
due to flooding and denied the claim. Because wind speed observations were not available for
the height of the storm, the Penn State/NCAR Mesoscale Model MM% Version 3.74 was used
to predict the maximum wind speeds at the site and provide the inputs for the CFD model. The
analysis predicted strong outward pressures due to wind coinciding with the locations of the
building damage, with lower pressures elsewhere. The calculate outward pressures exceeded
the damage threshold at the two locations of the damage. This demonstrated that the observed
damage was consistent with wind pressures.15
4.4 Development of the Forensic Information Model
Different models and modelers can come to different conclusions. The I-35W Minneapolis
bridge collapse on August 1, 2007 killed 13 people and injured many more. The National
Transportation Safety Board (NTSB) investigation attributed the collapse to a failure of gusset
plate U10, which was half the thickness it should have been. FHWA, the State University of
New York (SUNY) at Stony Brook, and Dassault Systemes Simulia Corporation (Simulia)
developed finite element models to evaluate the forces and deformations.16
The result was that “The National Transportation Safety Board determines that the probable
cause of the collapse of the I-35W bridge in Minneapolis, Minnesota, was the inadequate load
capacity, due to a design error by Sverdrup & Parcel and Associates, Inc., of the gusset plates
at the U10 nodes, which failed under a combination of (1) substantial increases in the weight
of the bridge, which resulted from previous bridge modifications, and (2) the traffic and
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concentrated construction loads on the bridge on the day of the collapse.”16
Brando et al. developed a technique they termed a Forensic Information Model (FIM) that
combined design, retrofit, and maintenance data into a 3D visual database that then fed into
SAP, Abaqus, and LS-DYNA models to analyze the I-35W bridge’s collapse sequence. Results
were then used to create a 3D animation of the collapse. The FIM came to a different conclusion
from the NTSB. Brando et al. contended that the failure was triggered by buckling of the west
lower chord member L9 – L11, with a combination of seized support roller bearings, thermal
loads, and axial forces triggering a global instability. The model considered local inelastic
buckling and the minimal post buckling capacity. The animation of the collapse was overlaid
on the available security camera footage of the collapse.17
5

DISCUSSION

According to technology journalist Mitch Ratcliffe, “Computers have enabled people to
make more mistakes faster than almost any invention in history, with the possible exception of
tequila and hand guns.” Engineers should not uncritically assume that computer results are
correct.5
The concerns of Box, Puri, and Catella, cited earlier, are important to keep in mind when
using models in either structural analysis and design or forensic investigations.
Ortega offers four lessons based on the Sleipner A platform sinking.
1. Designers need to know the boundaries and limits of programs used.
2. The plausibility and validity of the computer results need to be compared to simple hand
calculations.
3. Computer programs need be tested thoroughly before use. The Sleipner A case provides
an excellent benchmark for validating analysis programs.
4. Engineering design needs to balance mathematical analysis with empirical construction
rules.8
Abruzzo discusses the necessity to consider dynamics, large deformations, and yield when
modelling disproportionate collapse. He provides basic solutions that can be used to provide
insight and test cases to validate computer solutions. These include the use of system energy
to evaluate inelastic behavior and the analysis of plastic catenary systems. He concludes that
“These tools and concepts can be used to check large deformation inelastic analysis for order
of magnitude results and provides insight into the critical parameters that define the problem.”18
6

CONCLUSIONS

Over the past five decades computer models have evolved considerably. While 45 years ago
they were only used for the most complex structural analyses or for forensic investigations,
today they are routinely used for structural analysis of even the simplest buildings and bridges.
But computer software is only an analytical tool, and computed results must be checked by the
designer with a careful eye. In routine use, for ordinary structures, errors are rare. The greatest
risks come about with unusual structures or load cases, where the models might be outside of
their range of validity. The concerns of Puri and Ortega continue to be valid today.
Models are very important for forensic analysis, but here perhaps the results are even greater.
This paper has cited two cases (Willow Island Cooling Tower and I-35W Minneapolis Bridge)

6

Norbert J. Delatte

where experts examining the same facts have come to different conclusions. As with design,
the model results depend on the data inputs to the model, and these are often subject to
considerable judgment. As noted by Catella, it is important to be able to justify the inputs, and
to examine the results of varying those inputs on the results.
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Summary. The work described in this study, focusses on the collapse assessment of the
Morandi Bridge, using an innovative computational technique, the Applied Element Method
(AEM). Based on publicly available information about the bridge, a detailed model of the socalled “Balanced system” of the Morandi Bridge is created using Extreme Loading ® for
Structures software1. The impact of local degradation of different structural elements and the
related risk of progressive collapse have been assessed using an iterative analysis approach.
At the end, the capability using progressive collapse analysis to prioritize the retrofit actions
for such structures is evaluated.
1 INTRODUCTION
A significant portion of European bridges constructed following WWII are reaching the
end of their design life. The collapse of the Morandi Bridge in Genoa set off a warning for
European countries regarding the need to allocate resources for assessment, retrofitting or
replacing of these infrastructures. Due to the limited amount of resources, compared with the
number of bridges, it is impossible to create plans for global retrofitting or replacement of all
bridge components. In complex structural systems such as bridges, deterioration or damage of
a specific structural element, due to lack of maintenance or extreme events, does not always
lead to the collapse of the entire system. If there is an alternative load path due to structural
redundancy, economic and life losses can be avoided.
In this research, analysis of the Morandi Bridge is performed to study the capacity of the
bridge to redistribute the load and avoid failure. The assessment of the risk of collapse
requires an efficient computational method with the ability to perform 3D nonlinear collapse
analysis taking into consideration the details of the structural connections. The objective is to
demonstrate the use of AEM for detection of the critical elements that are essential to prevent
progressive collapse of the bridge. This would allow prioritizing retrofitting actions for those
key elements and thus achieve the maximum increase in terms of robustness of the structural
system for the given retrofit budget.
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2 THE MORANDI BRIDGE
The Morandi Bridge, designed by Prof. R. Morandi, was built in the 1960s. It was one of
Italy’s most important bridges with pre-stressed concrete stays. The bridge connected two of
the most important Italian speed-ways, the Genoa-French border and the Genoa-Po River
valley. It crossed a heavily built-up area with civil and industrial buildings, beside the
Polcevera River and strategic railways yards.

Figure 1: Picture of Polcevera Viaduct during (left) and after the construction in 1967 (right) 2

The need to cover a long span with a small number of supports led to the use of an
advanced structural configuration called “Balanced system”. This system consist of three up
to 172 m stayed cantilever box girders, which, together with 36 m central closing girders,
manage to cover 208 m in length. On August 14, 2018, one of the three balanced system
collapsed, causing 43 deaths. The significance of the structure makes it a suitable choice for a
case study on collapse analysis for existing infrastructure with the objective of optimizing
retrofit plans.
3

THE APPLIED ELEMENT METHOD

Methods commonly used for structural design like the Finite Element Method are mainly
based on continuum mechanics rules which cannot be applied explicitly to discrete elements.
Extending continuum mechanics-based methods to simulate the collapse analysis of bridges
and separation of components has a lot of challenges. On the other hand, analysis methods
based on rules of discrete elements cannot be used to predict behavior of continuum elements.
During a collapse situation the structures passes through the two stages: a continuum stage
followed by a discrete stage. The analysis and simulation needs to follow both behavior stages
in order to provide reasonable results. The Applied Element Method (AEM) has been
developed to be capable of predicting with a high degree of accuracy the continuum and
discrete behavior of structures. The Applied Element Method (AEM) has been proven to be
able to track the structural collapse behavior passing through all stages of the application of
loads: elastic stage, crack initiation and propagation as well as yielding, element separation,
element contact, and collision with the ground and with adjacent structures. International
publications in the area of structural engineering verify that the AEM can cover with a
reasonable accuracy the fields of application. The method accuracy is compared with dozens
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of experimental and theoretical results3,9. With AEM, the structure is modeled as an assembly
of small elements; the two elements shown in Figure 2 are assumed to be connected by one
normal and two shear springs located at contact points, which are distributed around the
elements edges. Each group of springs completely represents stresses and deformations of a
certain volume.

Figure 2: Modelling of structure in AEM (left) and Reinforcement springs (right)

In AEM, each element is an eight-node hexahedron. One or more faces can be degenerated
into a point or line and hence, 4-point, 5-point, 6 points pyramids or prisms can be formed.
Each element center of gravity is calculated and this is where the degrees of freedom are
calculated. The use of 3D elements with springs connecting them at the faces leads to
avoiding many of the problems that exist in modeling progressive collapse using FEM. FEM
assumes full compatibility at the nodes which makes automatic prediction of crack location
practically impossible for large problems unlike the AEM which can automatically predict
crack initiation, crack widening, and element separation. Moreover, in 3D nonlinear FEM the
time of analysis can be 10-30 times larger than the AEM analysis when attempting to solve
the same problem10. Thus, AEM method was chosen for the collapse analysis of the Morandi
Bridge.
4

THE BALANCED SYSTEM OF THE MORANDI BRIDGE

The structural system of the Morandi Bridge consists of a three-span continuous girder
resting on four supports, with two end cantilevers. The girder is supporting two 36 m span
pre-stressed concrete decks. The two external supports of the three-span girder are provided
by two pre-stressed stay-cables passing over a suspension tower, called “antenna”, located on
the axis of the system.
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Figure 3: Picture of the model of a balanced system (left) and corresponding image of the AEM model (right)

4.1 Structural details
Each balanced system consists of:
1) A reinforced concrete trestle composed by four H shaped columns connected by cross
girders (Figure 4).

Figure 4: Trestle reinforcements detail – Comparison between as-built drawings2 (left) and AEM model (right)

2) A tower, called “Antenna”, made up of four inclined columns with variable hollow
section. The tower is completely independent from the trestle system (Figure 5).

Figure 5: Antenna reinforcements detail – Comparison between as-built drawings2 (left) and AEM model (right)
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3) A continuous box girder of pre-stressed concrete with six longitudinal ribs. Prestressed cables of 21Ø7 were located across the connections with cables and trestle (Figure 6).

Figure 6: Antenna reinforcements detail – Comparison between as-built drawings2 (left) and AEM model (right)

4) Two stay-cables passing over the top of the tower. The first step in the building phase
was the tensioning of the main tendons (16x16T + 4x 12T Strands) that were supposed to
support the dead load of the box girder. Subsequently, concrete shells were cast in situ, in
segmental way, from the deck up to the antenna. The obtained concrete beams were then posttensioned using additional tendons (28x4T Strands).

Figure 7: Stay-cables – Comparison between as-built drawings2 (left) and AEM model (right)

4.2 Materials and Loads
Based on design data and specimen tests the following values are assumed for concrete and
steel properties.
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Element
Not prestressed
Prestressed

Concrete
Compre
Young’s
ssive
modulus
stress
[kg/cm²]
[kg/cm²]
380

350.000

520

400.000

Steel
Element
Not prestressed
Prestressed

Cables and strands
Yield
Diam
stress
Element eter
[kg/cm²
[cm]
]

Yield
stress
[kg/cm²]

Young’s
modulus
[kg/cm²]

2700

2.100.000

Cables

0.7

17.000

4400

2.100.000

Strands

1.27

17.000

Table 1: Assumed properties for Concrete and Steel

Traffic load have been considered by modelling the actual moving loads. Cars are
implemented by modelling the two axles with an axle load equal to 2 ton. Trucks had 5 axles
at equal distance with a total load of 44 ton. Analysis has shown that traffic load is not
significant with respect to the dead load of the bridge and that it could have acted at most as a
trigger of the failure, in a high-degraded system. Seismic and wind load are not considered
within the scope of this document.
1.5

0

-0.5

-0.1

Figure 8: Vertical displacement [cm]due to the dead load (left) and Plot of the compressive stress [kg/cm²] due to
the vehicles loads, along the bridge’s deck, in a certain time of the analysis (right)

5

COLLAPSE ASSESSMENT

The collapse assessment analysis of the bridge has been carried out through an iterative
approach, assuming an increase of local degradation in different sections of the structure. The
first outcome of the sensitivity analysis on the collapse of the bridge highlighted the
robustness of deck, antenna and trestles. The high robustness of these elements is believed to
be a specific intention of the designer, Prof. Morandi. The tensioned cables were designed to
impose high compressive stresses in the deck so that all the sections were in a prevalent
compression state under the working loads (Figure 9, left). The objective of this design is to
reduce the effects of fatigue caused by the live load. Because of the substantial compression
state of the deck, for deck’s sections, as well as for trestle’s and antenna’s sections, a
degradation of the concrete material has been introduced in order to achieve the collapse
under the own dead load (Figure 9, right).
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0.0

0.5

-500

0.0

Figure 9: Compressive stresses along the deck in the static analysis [kg/cm²] (left) and displacement with local
degradation in three deck’s ribs [m] (right)

A section-by-section degradation, up to the 90% of both steel and concrete material, has
been incrementally introduced in the analysis until the collapse is reached (Table 2).
Deck’s ribs

Trestle’s column

Antenna’s column

Stay cable

Steel and concrete

Steel and concrete

Steel and concrete

Steel only

Table 2: Location of sections with assumed degradation (top) and imposed material’s degradation
(bottom)

Reducing the global capacity of three ribs’ sections, the bridge was still able to redistribute
the load (Figure 9 right). The collapse of the bridge is reached with the degradation of four
deck’s ribs (Figure 10). Local degradation of trestle’s sections leads to the collapse of the
bridge only with the degradation of five trestle’s sections (Figure 11).
10.0

10.0

0.0

0.0

Time: 5.5 sec.

Time: 8.0 sec.

Figure 10: Collapse mechanics for the degradation of four deck’s ribs, Vertical displacement [m]
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1.0

10.0

0.0

0.0

Figure 11: Vertical displacement [m] with reduction of four (left) and five (right) trestle’s sections.

Even the failure of one column of the antenna does not lead to the total collapse of the
bridge, which was able to redistribute the load and find a new balance stable state (Figure 12).
0.5

0.5

0.0

0.0

Figure 12: Partial collapse of the bridge with the failure of antenna’s column. Vertical displacement [m].

On the other hand, the failure of one cable leads the main deck to fail, due to the lack of
torsional capacity (Figure 13). These results are in line with the results of a separate research
on the collapse of the Morandi Bridge11. The other research team11 has shown that the failure
of a cable is believed to be the most reasonable scenario for the collapse of the bridge, based
on comparison of the debris shape obtained from AEM analysis with the actual debris
shape11.
10.0

0.0

Time: 1.0 sec.

Time: 1.8 sec.
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10.0

0.0

Time: 2.3 sec.

Time: 5.0 sec.

Figure 13: Total displacement on the bridge in case of local degradation of a cable [m]
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TARGETING RETROFITTING ACTIONS AND INCREASE OF ROBUSTNESS

After the evaluation of the consequences of the failure of different components it was
determined that the cable is the most critical element in this design. Additional analysis was
performed with the aim to understand if any critical section could be identified within the
cable itself. The analysis with increasing of degradation along all the length of the stay cables
has shown that the first failure happens in the connection of the cable with the top of the
antenna (Figure 14).

Normal Stress in Spring
Direction [daN/mm²]

3.0

0.0

Time [sec]

Figure 14: Failure of the cable on the connection with the antenna (left) and corresponding increasing of normal
stress on the strand (right).

Therefore, the increase of capacity of this connection should be the first priority for the
designer. In the as-built configuration, the bridge was able to achieve a global
degradation/corrosion of the cables up to the 54% before reaching the collapse (Figure 15,
left).
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0.4

0.4

0.0

0.0

Figure 15: Comparison of the displacement [m] of the bridge at the same point of the analysis between the as
built configuration (left) and the configuration with increased capacity of the connection between stay cables and
the antenna (right)

The retrofit of this specific connection allowed reaching a level of degradation in the
cables up to almost the 63% without collapse (Figure 15, right). In this configuration, the
bridge was also able to avoid the collapse even with a degradation up to the 60% of the
capacity of the sections in four deck ribs, four trestles and one column section.
7

CONCLUSION

The collapse of the Morandi Bridge represents one of the most dramatic bridge failures
observed in recent years. The analysis presented in this study aims to evaluate the capability
of a progressive collapse analysis to prevent such catastrophic collapse through the evaluation
and detection of key elements and prioritization of retrofitting actions for those elements.
Analysis highlights the robustness of different elements of the bridge as well as the
disproportionate consequences of the failure of one cable. Advanced computational
techniques like the Applied Element Method allow the performance of such assessment on all
existing sensitive structures, thus reducing the risk of collapse by optimizing the use of the
limited available economic resources.
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Summary. Deformation has been reported of degraded underground structures where the
inflow of groundwater containing salt has corroded steel. There are few cases that have studied
the possibility of an external load acting on the underground structure due to ground subsidence
or fault displacement and, moreover, the impact resulting from chloride-induced deterioration.
Accordingly, in this study, an FEM analysis was conducted that considered mutual interaction
between the underground structure and ground to examine the impact that chloride-induced
deterioration has on the shear failure zone of peripheral ground and future durability of the
structure. Numerical analysis confirmed that: (1) chloride-induced deterioration impaired
structure durability, reducing the environment so that it would be difficult to maintain the inner
space, and (2) the location of the corrosion and the failure mode of the structure are intimately
related and modify shear zone direction in the peripheral ground.
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1 INTRODUCTION
In the ground under the greater Tokyo metropolitan area of which Tokyo is at the center,
reinforced concrete structures have been constructed during many different time periods.
Damage and degradation of underground spaces in infrastructure below ground is a serious
issue, particularly with regard to asset management, in urbanized regions. Underground
structures are surrounded by ground and groundwater, making it difficult to inspection of the
external surfaces. Maintenance inspections and other such tasks must make determinations
based only on the internal environment, and repairs and reinforcements to address such
degradation must be performed within limited space. To extend the life of underground
structures, it is important to take into consideration the environment and degradation observed
so as to quantitatively assess with reasonable reliability the safety of reinforced concrete
components.
Therefore, the purpose of this study is to assess safety in cases where an underground
structure, whose material has become degraded, is affected by ground subsidence or fault
displacement. One type of material degradation, which is taken into account for underground
structures, is chloride-induced deterioration of steel caused by the inflow of groundwater
containing salt. This study used numerical analysis to reveal how the degree and location of
chloride-induced deterioration impacts failure mode in ground.
2

NUMERICAL ANALYSIS OF UNDERGROUND RC TUNNELS

There are cases where a shield tunnel in soft clay ground may be subject to load associated
with ground deformation caused by short-term consolidation settlement, which is brought about
by excessive pumping up of groundwater or long-term ground consolidation settlement of
normally-consolidated clay. Fig. 1 shows a diagram and photo of a circular shield tunnel that
has sustained damage.1 Cracking has occurred in the axial direction of the ceiling of the shield
tunnel which has been subjected to load from ground settling, and deformation has occurred
where the inner space has decreased in the vertical direction. Furthermore, in cases where the
chloride ion concentration is high in the groundwater flowing into the tunnel, salt corrosion
occurs of the steel in the lower part where groundwater is retained.

Fig. 1

Damaged circular shield tunnel1
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This study reproduced the conditions of macroscopic load due to ground subsidence and
analytically ascertained the deformed shape of a circular shield tunnel. The parameters
considered the presence or absence of steel corrosion in the region of the lower part of the shield
tunnel, and examined the impact on durability of the circular shield tunnel that salt corrosion
has.
2-1

NUMERICAL MODELLING

The target structure analyzed was the horizontal section of a circular shield tunnel having an
outer diameter of 4.2 m and a thickness of 25 cm, which is shown in Fig. 2. The analytical
model was three-dimensional and comprised one element in the depth direction for both the
structure and ground. The physical properties of the ground and structure are given in Tables 1
and 2, respectively. For the ground, a soft ground is assumed that does not exhibit softening
behavior. The structure is comprised of reinforced concrete elements (RC elements) and plain
concrete elements (PL elements). For the RC elements, the main reinforcements were
configured in the circumferential directions (X and Z directions) and the distributing
reinforcements set in the axial direction (Y direction). Fig. 2 indicates the region of steel
corrosion in red. The region used for the steel corrosion was the vicinity around floor-path slabs
where steel corrosion has actually been confirmed to have resulted from chloride-induced
deterioration. The corrosion mass ratio (g/cm2) per unit surface area of the steel is given for the
elements of the target region. A case was assumed where there was a corrosion rate of 20% and
significant corrosion due to chloride-induced deterioration. Numerical analysis was used to
calculate the decrease in the reinforced steel cross-section associated with steel corrosion as
well as the decline in the adhesive effect of the concrete.

Fig. 2

Overview diagram of analytical model and enlarged diagram of the shield tunnel and
periphery
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Table 1 Physical properties (ground)
Item
Unit
Soft ground
Initial shear stiffness
(kgf/cm2)
18.62
Shear strength
(kgf/cm2)
1.0
Weight per unit volume
(kgf/cm3)
0.00166
Poisson ratio
0.45

Table 2 Physical properties (RC structures)
Item
Unit
Frame
Young’s modulus
(kgf/cm2)
320000
Compressive strength
(kgf/cm2)
150
Tensile strength
(kgf/cm2)
29
Poisson ratio
0.2
Weight per unit volume
(kgf/cm2)
0.0026

For ground subsidence, load resulting from ground deformation was reproduced by imposing
force displacement in the -Z direction along the bottom boundary with the exception of the
lower part of the structure. In order to take into account chloride-induced deterioration that
occurs after ground subsidence causes the structure to deform, corrosion was applied to the
structure at the point in time where forced displacement of 3 cm was input. After corrosion was
applied, the forced displacement was reproduced.
2-2

ANALYSIS RESULT

Fig. 3 shows strain distribution and deformation of the structure and ground. In a sound case
where there is no steel corrosion, shear deformation of the ground is prominent around the
perimeter of the shield tunnel and the principal strain developed in the vicinity of the structure.
The range of impact was relatively broad. On the other hand, when chlorine-induced
deterioration occurs in the lower part of the shield tunnel, damage was concentrated at the
location of the structural deterioration, so shear deformation of the peripheral ground was
mitigated and the principal strain of the ground was limited to a section near the structure.
Fig. 4 shows the change in properties and condition of deformation of the structure associated
with an increase in settlement. In a sound case, as the amount of settlement increases,
concentration of bending tensile strain is observed on the left and right exterior sides as well as
the top and bottom interior sides. Each of these exceeds 3000 µ and cracks developed in the
concrete. In a case where chloride-induced deterioration occurs, along with the steel corrosion,
the principal strain on the structure is localized in the region of corrosion, and the strain on the
upper part as well as the left and right sides is smaller than in a case where the structure is sound.
As the forced displacement increases, the strain become significantly concentrated in the region
of steel corrosion and the inner space is no longer able to be maintained.
Fig. 5 shows the relationship between the amount of ground subsidence (0 cm to 35 cm) and
the amount of inner space displacement of the structure. The solid line indicates inner space
displacement in the vertical direction and the dotted line inner space displacement in the
horizontal direction. Immediately after the steel has been corroded to a 3-cm settlement, the
vertical displacement continues to increase and the displacement in a lateral direction no longer
changes at the point in time when settlement exceeds 15 cm. In sound tunnels where such
chloride-induced deterioration is not observed, the ratio of vertical and lateral displacement is
small and performance is exhibited that maintains the inner space, but it was found that the
occurrence of chloride-induced deterioration significantly decreases tunnel performance and,
when the corrosion rate is 20%, settlement of 35 cm leads to vertical displacement more than
1.5 times.
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Fig. 3

(a) Sound case
(b) Case where corrosion is considered
Diagrams showing strain distribution and deformation of structure and ground (when
forced displacement is 50 cm)

(a) Sound case

(b) Case where corrosion is considered
Fig. 4 Time series of diagrams showing structure strain distribution and deformation
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Fig. 5 Relationship between forced displacement and the inner space displacement

3

NUMERICAL ANALYSIS OF UNDERGROUND RC DUCTS

In assessing the interaction between an underground structure and the ground, it is important
to appropriately assess the progression of localized shear displacement (fault) of the ground.
The reason is that the rigidity created by the presence or absence of an underground structure
is thought to change development of the direction and location where a shear zone forms in the
ground. This study applies a ground model2 capable of simulating the shear failure zone of soil,
and a sensitivity analysis was conducted relating to the issue of fault displacement as concerns
a box culvert. Salt corrosion was applied to the box culvert to examine the impact of steel
corrosion with respect to the location and direction in which a fault progresses.
3-1

NUMERICAL MODELLING

The structure examined was an underground box culvert set on base rock. This sort of
structure was considered to have been designed to address a horizontal section forming a weak
axis, and a two-dimensional horizontal section was the cross-section analyzed. The entire
analytical model is shown in Fig. 6, and a diagram of the structure’s horizontal section in Fig.
7. The analytical model was created with one solid element in the depth direction for both the
structure and ground. The physical properties of ground and structure are shown in Tables 3
and 4, respectively. The structure is comprised of RC elements and PL elements. The RC
elements were configured with a 1% reinforcement ratio in the circumferential directions (X
and Z directions) and axial direction (Y direction). A softening model in shear strength was
adopted for the ground model and it has been confirmed that the shear failure zone was able to
be simulated for the most part.2,3 Here, the width of the shear failure zone was assumed to be 5
mm so as to identify fracture energy within the element and re-create a localized region that is
not dependent upon element dimensions.
For the fault, a reverse fault with a 45° dip in the early stage of development was used, and,
as shown in Fig. 6, forced displacement is set along the lateral boundaries and bottom of the
analytical model and was regarded as the point of departure for fault displacement developing
throughout the ground. Of the ground elements, the fault plane has not been specified in
advance due to conjoining elements, so the fault slip plane progresses while creating a
localized region within the group of ground elements.
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Fig. 6

Fig. 7

Overall diagram of analytical model

Enlarged diagram of box culvert and periphery

The location supplying steel corrosion is an analysis parameter. Fig. 8 shows the relationship
between the location supplying steel corrosion and the reinforcement location. A total of three
corrosion areas were used: two on the left and right ends of the lower part of the box culvert
and one in the middle of the lower part. The corrosion rate was set at 20%, which was the same
as used in examination of the circular shield segment.

(a) Corroded lower left
(b) Corroded middle lower part
(c) Corroded lower right
Fig. 8 Relationship between the corrosion areas and reinforcement of the structure
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Table 3
Item

Physical properties (ground)
Unit
Surface Base
layer
rock
Initial shear stiffness (kgf/cm2)
633
5296
Shear strength
(kgf/cm2)
2.6
17.90
Weight per
(kgf/cm3) 0.0018 0.0017
unit volume
Relative density
(%)
50.0
99.9
Adhesive force
(kgf/cm2)
1.65
5.00
Internal friction
(def.)
30
35
angle
Shear zone
(cm)
0.5
0.5

3-2

Table 4 Physical properties (RC structure)
Item
Unit
Frame
Young’s modulus
(kgf/cm2)
220000
Compressive
(kgf/cm2)
300
strength
Tensile strength
(kgf/cm2)
26
Poisson ratio
0.2
Weight per unit (kgf/cm2)
0.0025
volume

ANALYSIS RESULT

Fig. 9 shows the distribution of principal strain in the case of a sound box culvert with no
corrosion. The shear zone (fault slip plane) accompanying fault displacement progresses toward
the middle pillar of the structure and reaches the middle lower part of the structure. Strain is
concentrated in the upper part of the left-side wall and the right side of the lower part of the
middle pillar of the structure, and deformation is localized considerably, but inner space
displacement of the structure is relatively secure. The ground above the structure branches out
into 2 or 3 fault slips.
Fig. 10 shows diagrams of strain distribution in cases where corrosion is supplied. In a case
where corrosion is supplied to the lower left part, the fault slip plane progressed toward the duct
on the left side of the structure and two lines of fault slip planes formed originating from the
upper left of the structure. In a case where the lower middle part of the structure is corroded,
the fault slip plane branched into two lines, progressing first toward the left side duct center
(boundary of the corrosion region) and next toward the right outer perimeter of the structure.
The fault slip plane does not advance toward the middle lower part which is the fulcrum, but
advances toward the region where deformation progresses easily with corrosion. In the ground
above the structure, the fault slip plane branched into four lines and reached the ground surface.
In a case where the lower right part of the structure was corroded, the fault slip plane advanced
toward the middle lower pillar which is the fulcrum, but because the right side duct deforms
easily due to the effects of corrosion, the fault proceeds as if going around the outer perimeter
on the right side of the structure and branches into three lines to head to the surface.
Based on these results, we found that the location supplying salt corrosion has a significant
impact on the direction in which fault displacement progresses as well as the failure mode of
the structure. In a case where corrosion was supplied to the lower left part of the structure, the
location where fault displacement acted was limited to the left side duct and the structural frame
of the right-side duct was able to be maintained. By providing weak part to the structure, it is
possible that there will be no impact on the middle pillar and a worst-case scenario may be
avoided where the entire structure collapses.
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Fig. 9

Diagrams showing strain distribution and deformation in a sound case (when forced
displacement is 90 cm)

(a) Corrosion in lower left part (rate: 20%)

(b) Corrosion in middle lower part (rate: 20%)

Fig. 10

(c) Corrosion in the lower right part (rate: 20%)
Diagrams showing strain distribution and deformation in a case where corrosion is supplied to
the structure (when forced displacement is 90 cm)
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4

CONCLUSIONS

This study created two models that take into account ground subsidence and fault
displacement and utilized numerical analysis to examine the impact that chloride-induced
deterioration has on structure and peripheral ground. The results suggest the following:
1) The impact that chloride-induced deterioration has on maintaining functionality of an
underground structure is considerable. It makes maintaining the inner space more difficult,
and there is a risk that durability of the structure may decrease.
2) The location of corrosion and the failure mode of the structure are intimately related, and
decreased rigidity due to damage to the structure changes the deformation properties of the
peripheral ground.
3) It is possible that providing a place where steel is corroded in a structure may prioritize the
collapse of that part and not affect the other parts.
In the future, experiments will be conducted that take into account interaction between
structure and ground to verify the validity of the analysis and clarify the failure mode of the
underground structure. Then, countermeasure processes will be proposed that take into account
the condition of structural degradation and the conditions of the surrounding environment.
5
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Summary. 3D non-linear analysis of soil-structure coupled systems was conducted to
investigat the mode of structural failure caused by active sub-faults and multiple shear
localization was confirmed in soil/rocks, underground RC and their interfaces. Structural level
experiments were conducted to investigate several scenarios of localization in view of the
failure control. RC beams were built with interfaces between high strength concrete layer as
the rock and low strength concrete layer as the soft foundation. Shear forces were applied to
reproduce some localizations. It was found that the low strength layer may induce bifurcation
of shear localization, which may consequently protect other zones of higher strength. The
nonlinear analysis was also experimentally validated and the shear-slip fracture energy of
joint interfaces was discussed for the upgraded safety assessment of underground RC ducts in
service.
1 INTRODUCTION
High seismic zones are exposed to inherent active faults and their branches. The lower
frequency of ground faults implies the greater hazard at the time of occurrence. In Japan,
energy facility sites are decided so that active faults do not reach them at the time of
earthquakes1. However, in case of Taiwan Chi-Chi Earthquake in 1999, a big fault hit a
hydraulic dam and the huge damage was caused2. In fact, some unexpected damages by active
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faults were reported2,3. Hence, it is required to secure the minimum function of structures and
its resilience even if the limit states in the design are exceeded.
Understanding the structural failure scenarios by fault attacks is of particular importance
especially in urban areas with underground facilities. The reversed fault has the characteristic
in nature that its range of impact is wide and the path of propagation is complex near the
ground surface. Particularly, the fault propagation near the ground surface is greatly affected
by the presence of heavy structures. For evaluating the fault action properly, integrating the
behavior of soil/rock and structure is indispensable. In this paper, two RC beams were tested
as an analogy of shear cracks in RC and faults running in the foundation. The experimental
validation is also presented for upgrading risk assessment, and the mechanics of interfaces are
focused on.
2 THE FEM ANALYSIS OF THE SOIL-STRUCTURE COUPLED SYSTEM
To reproduce the failure of underground RC ducts affected by a reversed fault, the simple
FE model was targetted (see Figure 1), and 3D non-linear analysis was conducted. The FEM
analysis system com3D, developed by Maekawa et al4 was used in the analysis. This code
includes the RC model and soil model. In the RC model, the average constitutive relation of
the RC is idealized by combining concrete, reinforcement and joint interaction. For uncracked
concrete, the conventional elastoplastic theory is applied, and after cracking, the cracked
concrete model which considers the multiple non-orthogonal fixed crack planes is activated.
For soil and rock, the constitutive model is based on the multi-yield surface concept
developed by Towhata et al.5,6,7,8 and is integrated into the soil-concrete structure code by
Soltani et al.4,9

Figure 1: The model of RC-Soil coupled structure

In some previous analysis of the fault motion, the fault plane was reproduced by installing
joint interface elements along the fault face in advance or relative displacement was applied
directly to the structures10,11. In this analysis, the authors idealized the sub-fault displacement
as the progressive deformation by applying forced displacement to the edge of rocks with no
joint element. All of the contours in Figure 2 expresses the maximum principal strains. As
shown in Figure 2-a, the fault runs quickly but not simultaneously over the fault plane. Figure
2-b represents the distribution of the imposed displacements. Figure 2-a-4 implies the
variation of the fault displacement up to the surface. Figure 2-c shows the damaged duct
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obsereved from its inner side. The out-of-plane shear failure of the base slab occurs and the
deterioration of side-walls along the extended line of the fault is also observed. Similar types
of damages were also experienced in the reality12,13. The combined soil, rock and the
underground RC members resist against the fault attack followed by the localized shear
fracture at the boundary between the base slab and the wall as shown in Figure 2-d. These
results imply the possibility of multiple shear localization in the analysis domain with joint
interfaces even though no real experience is available. Then, we conducted a validation of the
analysis by model mock-up.

Figure 2: a: Progressive shear localization of the fault displacement, b: The distribution of the imposed
displacements, c: The damage condition of the duct from the inner side, d: The damage of the structure

3 EXPERIMENT REPRODUCING THE MULTIPLE SHEAR LOCALIZATION
3.1 Shear localization phenomenon of multiple places
When the reversed faults attack the underground structure, shear localization is considered
to appear in several zones of the coupled system including fault faces, RC structures and their
boundaries as shown in Figure 3(a). Although we have knowledge about a great variety of
stiffness and mechanical characteristics of soil/rock and RC members, there exist fewer
experiences on the multiple shear localization. In order to reproduce this phenomenon, a test
piece consisting of two layers with different rigidity was produced. As shown in Figure 3(b),
we have a possibility of the multiple shear localization indicated in red.

Figure 3: Image of multiple shear localization in reality and the experiment
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3.2 Experimental program
Two types of specimens were made with different interfaces. The normal strength concrete
layer was placed in the upper part and the high strength concrete layer was placed at the lower
part (Case-1). For Case-2, the weak concrete layer was placed in between the upper and lower
layers as shown in Figure 4. Here, the weak layer represents the artificial soft rock which is
installed under the foundation in the Kashiwazaki-Kariwa nuclear power plant. It is expected
to reduce the damage of the main strucure by sacrificing itself. The fault action is divided into
horizontal contraction and slip. For similarity of condition, the shear span to depth ratio (a/d)
is reduced to unity and only two re-bars was placed (SD390: 32mm diameter).
In order not to affect the kinetics of interfaces, reinforcement was firmly anchored into the
strong concrete part with no stirrup. The schedule of fresh concrete casting is shown in Table
1a. The construction joint was processed by pasting the hydration retarder and roughening the
old face. The material properties are shown in Table 1b. The loading test of the cylindrical
specimens was conducted on a middle day between the loading test of case-1 and case-2.

Figure 4: The size of experimental specimens

A three-point monotonic loading at the ratio of 1kN/sec was applied at the center of the
span. Although the simple support condition was intended, a large slack was observed
because the bearing apparatus didn’t have enough rigidity. However, the translational motion
of the boundary was successfully measured by remote sensing. In this experiment, the
displacement was measured by the image matching technique. Thereafter, a mosaic pattern
was drawn at one side of the specimen and two lights were set to make light condition stable.
High-resolution camera of 1,624*1,224 pixels was used for capturing photos.

Table 1: a) The schedule of the experiment, b) The material properties
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3.3 Experimental result
The failure modes in progress are shown in Figure 5. Contour represents the mean strains
obtained by image sensing, and load-displacement relation at the span center is shown in
Figure 6. In case-2, the unloading path was obtained after the collapse. In both cases, bending
cracks appeared first at around 400kN. Diagonal cracks both in upper and lower layers
occured at about 700kN and 600kN in case-1 and case-2, respectively. After the occurrence of
diagonal cracks, discontinuity arises eventually and the rigidity is reduced in case-2. For case1, no kinetics of concrete joint was seen until the whole structure failed. In case-2, the
opening of the concrete joint occurred as soon as the diagonal crack appeared. Eventually,
brittle shear failure occurred in case-1, while the ductility was seen in case-2. The separation
of interfaces seems to cause failure leading to discontinuity.

Figure 5: The failure mode and the process of destruction of each case

Figure 6: Load-displacement relation at the center of the span

5

Y. Yamanoi, H. Aoki. and K. Maekawa.

Despite the existance of the weak layer, case-2 shows 92% capacity of the specimen of
case-1. The weak layer having low stiffness may change the direction of diagonal cracks as
shown in Figure 5 as well as its mode of failure. We can also confirm that the joint interface
kinetics may play a substantial role in the control of the failure mode of the whole structural
systems.
4

VALIDATION OF NUMERICAL ANALYSIS

4.1 Analysis condition
A numerical simulation is thought to be a sole means to assess the risk of fault attack since
experimental validation is of great difficulty. At the same time, the size effect in shear must
exist in both rocks and RC. The experimental validation of the simulation tool has been
conducted4. However, its validity is not fairly proved under the multiple interfaces with large
kinetic differences. Then, the specimens were discretized into a mesh of 3D solid elements as
shown in Figure 7. Material properties obtained by the cylindrical test were used as the input
data. The high strength was designated just above the steel plates to eliminate bearing failure.
For the problem of shear localization, the assumed enhanced strain method was developed
by Simo et al14. In this method, the enhanced strain which represents the incompatible mode
is incorporated in the strain tensor. Due to this method, the spurious locking can be avoided
regardless of the mesh scales.
The interface nodes are shared with loading plates and specimens. In the analysis, two
different conditions were assumed for the interface of each layer. One is perfectly fixed
condition and the other is the Mohr-Coulomb frictional joint interface. In the Mohr-Coulomb
joint interface, The interface behavior is divided into two modes with opening and closure
(see Figure 8). The different rigidity of each mode wasset. The propertis used in the analysis
are shown in Table 2. In the mode of closure, the large rigidity is set forth so that we may
avoid overlapping. On the other hand, zero stiffness is defined in the open mode. The joint
strength was considered lower than the strength of the weak layer.

Figure 7: Mesh distribution for the analysis model
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Table 2: The input values of the joint element

Figure 8: The concept and the constitutive equations of the joint model

4.2 Comparison between the analytical and experimental results
Figure 9 and Figure 10 show the analytical results of case-1 and case-2, respectively. In
both figures, the subscripts a) and b) indicate the contour of the maximum principal strain,
and c) and d) show the load-vertical displacement relation at the span center. The transient
states of deformation can be seen prior to the final failure. In the analysis, joint interface
elements are placed to represent the open and shear modes of relative displacement along the
construction joints.
As shown in Figure 9 c), if no joint interface element would be arranged, the computed
capacity of the specimen rises even after the diagonal cracks appear. In reality, the loadcarrying mechanism dropped suddenly. As for the sensitivity investigation, joint interface
elements built in the analysis domain bring about a brittle fracture accompanying the
occurrence of the combined joint open and slip.
Figure 9 d) compiles a large amount of simulation results of softening branches using same
input data. Since the massive CPU parallel processing was applied to the nonlinear simulation,
some perturbation is automatically reproduced and the symmetry of equilibrium solution is
analysised successfully without any variation of material properties in space. Here, there is a
large variation of load-displacement relationship beyond the capacity after the diagonal cracks.
From these results, we can see that the equilibrium path is not stable because of the localized
brittle shear failure. The remarkable point is that the brittle fracture occurred only if the open
or slip of the joint appeared. Therefore, we can consider the mechanical property of the
interface is a dominant factor for the failure mode of the whole structure.
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In case-2, the computed load-displacement relation after diagonal cracks is different from
the experiment even if the joint elements are applied. Here, the intermediate weak layer is
damaged up to the edge of the specimen when we do not consider the interface joint. When
the joint interface opens, the shear fracture of the weak layer gets minor. Furthermore, the
shear strain in the lower layer of high strength is larger compared to the case with no joint. In
the experiment, diagonal cracks penetrated into all layers appeared at the time when the joint
interface opened. In view of the failure mode, the analysis with joint elements seems to
simulate closer to the reality than the case of no joint. Thus, we further focus on the
nonlinearity of joint interfaces.

Figure 9: The result of the analysis case-1

Figure 10: The result of the analysis case-2
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The computed residual displacement in case of no joint element coincides with the
experimental results. In the case considering joint elements, the residual displacement is
comparatively smaller. As a whole, the joint interface modeling plays a primary role in the
failure mode of the mixed multiple structures. In reality, stress transfer across the interface is
activated before the closing of cracks owing to the surface roughness of the joint planes.
However, the joint elements were assumed so that once the joint turns to the open mode, the
normal stiffness never revives unless the joint closes perfectly. Then, the joint may close
easily in the unloading path. As a result, the residual deformation is thought to be a little
smaller than the experiment.
We assume the residual fracture stiffness of open joint interface according to the past
research, but it has never been validated for case-2. The point of discussion of both different
cases is the presence of the intermediate weak layer and the possible kinetics of construction
joints. Then, we should keep in mind that two factors are possibly canceled or vice versa. The
concrete constitutive model validated for 15-80MPa was applied to the weak layer of 8MPa4
as an analogy of soft rock. In the preliminary stage, the constitutive model for the soil
foundation was investigated, but no clear conclusion was derived. The authors will continue
the investigation in the future.
In regard to the joint model, not only the closing mode of re-contact but also the tension
softening may fill the gaps between the simulation and the reality. Although some models for
crack surfaces can take into account these behaviors 15, it is important to reveal which factors
are more effective on the multiple shear failure.
5

CONCLUSIONS

In this paper, the failure mode of underground RC structures affected by the ground fault
was investigated by the soil-structure coupled analysis. As a result, it was implied that the
combined soil, rock, and the underground RC resisted against fault action, and the failure
mode of the whole structure was dominated by the multiple shear localization and the fracture
of the joint interface. Then, we can observe this phenomenon by conducting a statical loading
test of the specimen which has different strength layers. From the experiment, the knowledge
below is obtained.
1) If there are some layers which have different strength, the behavior of the interface of
each layer can be the critical factor for the failure mode of the whole structure.
2) If the very weak layer exists in the shear zone, the damage concentrates on the weak
layer, which may save the other parts. However, the validity of the modeling of the weak
layer should be verified in the analysis.
3) Due to applying the joint elements to each interface, the existing analysis method can
reproduce the failure mode in the multiple shear localizing mode. However, there are some
gaps between the simulation and reality in terms of fracture energy.
In order to confirm the failure mode appropriately, the nonlinearity of the interface joint
must be essential. There are a lot of factors that can affect the interface behavior. However,
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for simplicity, it is important to find the factors which are more effective on the multiple shear
failure. As the first step, the authors are trying to apply a new joint model that can consider
the tension softening behavior.
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Summary. Progressive collapse is a special type of structural collapse that is caused by the
propagation of a localized damage throughout several components of the structure. This
collapse phenomenon is of particular interest when there is a disproportion in size between the
initial and final states of structural damage. In that case, the failure of the structural system is
more exactly referred to as disproportionate collapse, whereas the capability of preventing this
type of collapse is termed structural robustness. Eurocodes together with other advanced
codes and guidelines provide design rules to mitigate the risk of disproportionate collapse
under extreme loads, including human actions. The latter frequently consist of wrong
operations during construction, use or retrofitting. In this study, the progressive collapse
resistance of a reinforced concrete building designed only to gravity loads and collapsed
during structural retrofitting is evaluated. Retrofitting works included the concrete cover
removal from a number of columns at the ground floor. The reduction in gravity load capacity
caused by that type of structural retrofitting is assessed through pushdown analysis with
displacement control. Two alternative capacity models of the building are considered to
investigate their computational efficiency in progressive collapse analysis.
1

INTRODUCTION

In recent years, the interest on progressive collapse has significantly increased, especially
in view of extreme events including the 2001 terrorist attack on the World Trade Center in
New York. An important remark is that the progressive collapse of structures can be caused
by not only natural causes such as impacts, tsunamis and landslides, but also human causes.
Regarding new buildings, their construction may be a critical stage as noted by several
researchers such as Buitrago et al. [1]. This is because the structure may be rather sensitive to
the construction process that can induce a significant variability of loads and/or structural
configuration in terms of boundary conditions, geometry, and material properties. On the
other hand, existing buildings may suffer progressive collapse as a result of wrong operations
during structural retrofitting. Until now, a few studies have investigated the progressive
collapse resistance of existing buildings (see e.g. [2]) and the influence of structural
retrofitting operations has not yet been evaluated. This is the aim of this study, which presents
the main outcomes of pushdown analysis on a real building that collapsed during retrofitting.

Martina Scalvenzi and Fulvio Parisi

2

DESCRIPTION OF CASE-STUDY STRUCTURE AND METHODOLOGY

The building under study is a reinforced concrete (RC) framed structure that was located in
Naples, Italy, and in 2001, suffered the collapse of a corner during retrofitting works. The
latter consisted in the simultaneous concrete cover removal (CCR) from ten columns at the
ground floor, as well as soil excavation around column bases that caused the loss of bearing
capacity for the shallow soil-foundation system. The structure was designed in the 1950s only
to gravity loads according to past Italian code and practice rules (Regio Decreto 2229/1939)
[3]. The structure consisted of eight floor levels above ground and had an irregular shape with
length equal to 43.82 m and 19.40 m in the longitudinal and transverse directions, respectively
(Fig. 1). The inter-storey height was 3 m at any floor. The project documentation of the
structure was not available, so most part of the structure was modelled in accordance with
geometric surveys and laboratory tests, which were carried out during forensic investigations
[4]. Nonetheless, a partial level of knowledge was achieved because of the lack of information
on ten internal columns that were found to be completely destroyed after the collapse of the
building corner. Consequently, the authors of this paper implemented a simulated design
procedure to define the sectional size and reinforcement of the unknown columns, accounting
for the average ratio between the axial load demand and capacity. The simulated design
procedure was based on the permissible stress method (PSM). Assuming a cubic concrete
strength class σr,28 = 160 kg/cm2 and smooth reinforcing bars made of AQ42 steel type, the
design strengths of concrete and reinforcing steel were assumed to be σc,am = 45–50 kg/cm2
(lower and upper bounds related to cross sections under compressive loading and bending
combined with compressive loading) and σs,am = 1400 kg/cm2, respectively [3]. 0 In line with
PSM and assuming one-way floor systems, the design gravity loads were defined by summing
up nominal values of dead and live loads, i.e. DL = 4.7 kN/m2 and LL = 2 kN/m2. Dead load
due to self-weight of structural elements was directly computed by the software.

Figure 1: Typical floor plan of case-study structure
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The simulated design procedure allowed the authors to obtain the amount and arrangement
of steel reinforcement in beams (Fig. 2). Sixteen section types labelled as A through to R were
defined for columns, depending on the amount and distribution of steel reinforcement (Table
1). The longitudinal steel reinforcement of columns consisted of 4Ø16 bars, whereas the
transverse reinforcement was composed of two-leg Ø6 stirrups with 200 mm spacing.
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Figure 2: Longitudinal and transverse reinforcement of beams: (a) X-direction; (b) Y-direction
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The structure was modelled in the FE code SeismoStruct [5] using a spread plasticity
approach (Fig. 3a). The cross section of beams and columns was discretised into 200 fibres. A
uniaxial, nonlinear, constant confinement model by Mander et al. [6] was used for concrete, in
which confinement effects due to transverse reinforcement are incorporated. Two different
models were assigned to reinforcing steel: (i) the uniaxial bilinear model, where the elastic
range remains constant throughout various loading stages, and (ii) the Monti-Nuti model [7]–
[8], which is able to describe the post-elastic buckling behaviour of longitudinal bars in
compression. In nonlinear pushdown analysis of the structure, the mean values of cylinder
concrete strength and yield steel strength were set to fcm = 16 MPa and fyd = 250 MPa,
respectively. Those values are consistent with forensic investigations as well as design codes
and practice rules used before 1971 [9]–[11]. Floor systems were not included in the capacity
model, so design gravity loads were directly assigned to beams according to the accidental
combination recommended by UFC guidelines [12], i.e. Qb = 1.2DL + 0.5LL.
Section
A
B
C
D
E
F
G
H
I
L
M
N
O
P
Q
R

Base [mm]
450
450
450
450
600
300
300
300
300
300
500
500
550
250
750
700

Height [mm]
300
600
900
250
300
500
550
400
250
650
250
350
350
550
250
250

Table 1: Columns sections

(a)

(b)

Figure 3: (a) Three-dimensional view of the structure; (b) building corner collapsed during retrofitting
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Nonlinear pushdown analysis was performed with displacement control on two different
capacity models of the structure separately: (i) a complete capacity model, and (ii) a partial
capacity model consisting of the building corner subjected to retrofitting. Figure 3b shows the
building corner that collapsed during retrofitting works that simultaneously involved all
columns at the ground floor. A load multiplier  was used to change the intensity of under
monotonically increasing downward displacement Dv imposed to a control node of the
structure. Pushdown analysis was thus carried out to investigate the sensitivity of the
progressive collapse resistance of the selected structure to CCR from columns. It is noted that
CCR is a typical stage of classical column jacketing. The beam-column joint on top of the
most stressed column (i.e. the central column C9-16) was adopted as control node. The
columns were labelled according to Figure 4. Several scenarios were assumed, depending on
the number and location of columns subjected to CCR. The methodology used to generate the
CCR scenarios considered in this study is outlined in Figure 5. First of all, CCR from a single
column was considered, assuming three different locations at the ground floor in order to
identify the worst scenario. The number of columns subjected to retrofitting operations was
subsequently increased, considering CCR scenarios simultaneously involving the columns.
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Figure 5: Definition of CCR scenarios for progressive collapse analysis
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3

DISCUSSION OF RESULTS

3.1 Progressive collapse assessment of complete capacity model
The first group of pushdown analyses on the complete capacity model of the structure
produced the outcomes listed in Table 2 in terms of αmax and its variation with respect to the
maximum load multiplier of the intact structure. The latter was able to withstand 2.78 times
the design gravity load. Dealing with CCR scenarios involving a single column, the highest
drop in vertical load-bearing capacity (approximately equal to 19%) was found when concrete
cover was removed from the internal column C9-16. A negligible impact on vertical loadbearing capacity was found when concrete cover was removed from either side or corner
columns located along the building perimeter, exception made for the external column C7-16.
Scenario
Intact structure

CCR from single column

CCR from 3 columns
CCR from 6 columns
CCR from 10 columns

Column(s)
C11-19
C9-16
C7-16
C5-22
C7-21
C11-16
C5-16
C9-20
C7-12
C9-11
C11-19, C5-22, C7-16
C11-19, C5-22, C9-16
C11-19, C7-16, C9-16
C9-16, C5-22, C11-19, C7-16,
C9-20, C7-21
C9-16, C5-22, C11-19, C7-16, C9-20,
C7-21, C5-16, C11-16, C7-12, C9-11

αmax
2.78
2.77
2.26
2.48
2.78
2.77
2.76
2.77
2.77
2.77
2.77
2.51
2.26
2.24

Δαmax
-0.25%
-18.66%
-10.89%
-0.02%
-0.28%
-0.47%
-0.23%
-0.31%
-0.34%
-0.42%
-9.59%
-18.63%
-19.39%

2.23

-19.75%

2.21

-20.47%

Table 2: Maximum load multiplier and its variations due to CCR scenarios on complete capacity model

As the number of columns affected by retrofitting was increased from 1 to 3, αmax
significantly reduced with variations between -19% and -10%. In those conditions, CCR
appeared to be more dangerous when simultaneously applied to two central columns and a
corner column. The load-bearing capacity of the structure further reduced by approximately
20% when CCR involved 6 and 10 columns at the same time. Figure 6 allows the comparison
of pushdown curves related to the intact structure and the most significant CCR scenarios.
Figure 7 shows the initial configuration of the structure (in light grey) compared to the
deformed configuration (amplified by five times) after CCR from 10 columns (in dark grey).
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α

2
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Intact model
CCR from column C9-16
CCR from 3 columns
CCR from 6 columns
CCR from 10 columns

1
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0
0
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0.004
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0.008

0.01

Figure 6: Pushdown capacity curves of the complete capacity model under CCR scenarios

Figure 7: Deformed configuration of complete capacity model subjected to simultaneous CCR from 10 columns

3.2 Progressive collapse assessment of partial capacity model
The second group of pushdown analyses was carried out on the building corner that was
directly involved in retrofitting (Fig. 8). The goal of those simulations was to assess whether
partial capacity models may allow a computationally efficient prediction of progressive
collapse capacity under retrofitting operations. Fifteen CCR scenarios were considered again.
Table 3 confirms that the worst CCR scenario was that involving column C9-16,
evidencing a load-bearing capacity drop of approximately 18%. Furthermore, CCR scenarios
involving either a corner column or a side column (except for column C7-16) were found to
produce negligible effects on structural capacity. CCR involving 3 columns caused capacity
drops between -19% and -10%. Approximately the same figure was obtained in the scenario
related 6 columns, reaching a load capacity drop of 20% when 10 columns were assumed to
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be subjected to CCR. In all cases, pushdown analysis of partial capacity models allowed very
accurate predictions of the maximum load multiplier and pushdown curves (Fig. 9).
Nonetheless, it is noteworthy that partial capacity models strongly reduced the computational
time up to 20 times.

Figure 8: Partial capacity model corresponding to the building corner subjected to retrofitting

Scenario
Intact structure

CCR from single column

CCR from 3 columns
CCR from 6 columns
CCR from 10 columns

Column(s)
C11-19
C9-16
C7-16
C5-22
C7-21
C11-16
C5-16
C9-20
C7-12
C9-11
C11-19, C5-22, C7-16
C11-19, C5-22, C9-16
C11-19, C7-16, C9-16
C9-16, C5-22, C11-19, C7-16, C9-20,
C7-21
C9-16, C5-22, C11-19, C7-16, C9-20,
C7-21, C5-16, C11-16, C7-12, C9-11

αmax
2.78
2.78
2.27
2.57
2.78
2.78
2.78
2.79
2.78
2.78
2.78
2.49
2.27
2.24

Δαmax
-0.05%
-18.45%
-7.54%
0.00%
-0.08%
-0.24%
0.29%
-0.28%
-0.14%
-0.20%
-10.64%
-18.49%
-19.48%

2.25

-19.32%

2.22

-20.21%

Table 3: Maximum load multiplier and its variations due to CCR scenarios on partial capacity model
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Figure 9: Pushdown capacity curves of the partial capacity model under CCR scenarios

4

CONCLUSIONS

In this study, the progressive collapse capacity of RC framed structures during retrofitting
was investigated. A real case-study structure that collapsed after concrete cover removal from
several columns at the same time was selected. Fifteen scenarios in terms of location and
number of columns subjected to concrete cover removal were considered. Pushdown analysis
was performed on both the complete capacity model of the structure and a partial model
consisting of the building corner directly involved in retrofitting. Analysis results allow the
following conclusions to be drawn:
Concrete cover removal from a single column produces the worst scenario when
involves a central column rather than either a side or corner column located along the
building perimeter.
A simultaneous removal of concrete cover from two central columns and a corner
column results in a greater reduction in load-bearing capacity compared to other
scenarios involving three columns.
As the number of columns affected by concrete cover removal increases from three to
six or even ten, a further capacity drop is observed.
The use of partial capacity models allows accurate predictions of progressive collapse
capacity, significantly reducing the computational work.
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Summary: This document provides synthetic information for approaching and selecting
fluid-structure interaction models for engineering applications, based on the different scenarios
to be analysed. The study investigates, identifies and compares tradeoff between benefits and
accuracy/efficiency of fluid-structure interaction software packages alternatives.
1. INTRODUCTION
Fluid-structure interaction (FSI) is a class of problems with mutual dependence between the
fluid and the structural mechanics part [1]. A key aspect of FSI is the coupling between the laws
that describe both fluid dynamics and structural mechanics. The interaction of a structure with
a flowing fluid, either submersed or surrounded, has been the subject of many classic studies in
a rich variety of scientific and engineering disciplines [2]. In particular, research on FSI in the
field of civil and marine applications, with reference to both on and offshore structures, has
strongly increased in the recent past. Previous studies have especially focused on the
development of numerical procedures to solve the FSI problem, which have become
progressively more and more sophisticated. In fact, much of the books and reviews related to
the numerical study of fluid-structure interactions has focused on identifying and evaluating
numerical algorithms and analytical solutions to the problem [3, 4, 5].
The rapid growth of the computer technology is mirrored in the development of specific FSI
software for more detailed analysis and various applications. FSI software provide solution
framework, combining powerful algorithms to solve fluid-structure coupled problems, under a
general-purpose Graphical User Interface (GUI) [6]. However, the existing literature on FSI
software applications is relatively limited. Moreover, to date, limited FSI studies have been
investigated in the civil engineering field. It is well known that hydraulic forces add significant
hydrodynamic loads on structures built in fluvial or marine environment [7, [8], [9]. In order to
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design new constructions and evaluate the dynamic response of existing structures to these
loads, it is essential to develop a clear understanding of the fluid-structure interaction with the
use of appropriate informatic tools [10]. However, there are no general guidelines for the
selection and applicability of FSI software. Research on the subject has been mostly restricted
particularly on either study-case dependent or single software-oriented guides.
An overview of the state-of-the-art of FSI software applied in engineering disciplines is
needed and this is the motivation of the present research. Therefore, it aims to provide a
guideline to choose and select the most suitable software to study fluid-structures interaction in
typical applications of civil engineering. In particular, a series of specific parameters of the
examined FSI software packages is taken into account, representative of the software
characteristics. The principal novelty of the present work is in investigating, identifying and
comparing the main benefits of each software package and in assessing their accuracy and
efficiency, in order to significantly reduce the error rate based on the use of an inappropriate
code. At first, we provide an overview of available open source, academic and commercial
codes, with emphasis on their significant skills, functional requirements and general abilities.
The second part summarizes the main findings of the software comparisons and suggests the
most efficient codes to be used to simulate coupled fluid-structure problems in civil
engineering.
2. METHODS
Recent advances in information and computer technologies have facilitated the development
of specific FSI software algorithms to thoroughly analyze the coupled fluid-structure behaviour.
Different studies in various scientific and engineering fields have been proposed to assess if a
specific code provides robust results. Nevertheless, some fundamental concerns remain about
the selection procedure and viability range of these FSI codes.
In this study, a qualitative method has been used to help in selecting and implementing the
calculation codes for engineering scopes. In a first instance, this method can be used to identify
and characterize the main features of a software list. The design of this approach has been based
on selecting several fundamental criteria to guide the process of software selection. A practical
advantage in this method is to simply establish the connection between the objectives to be
achieved, the operating efficiency and the time constraint in a project.
Three groups of software have been evaluated, respectively open source, academic and
commercial codes. Open source software involve a complete visibility of the code and
guarantees maximum technological flexibility, as well as being available free of charge.
Academic software are used by students in university projects, by researchers to solve complex
engineering problems and by postgraduate students to produce data for master’s theses or
doctoral dissertations. Finally, commercial software packages are a sort of black box with a
limited accessibility to the source code, where only some parameters or coefficients can be
tuned. Nevertheless, their main advantages are: (1) they are targeted for a specific task, (2) have
user-friendly interface and (3) have great hardware compatibility.
The informatics parameters we have used to describe the software are the following:
- Module: generally, a module is a standalone part of code that provides specific functionality.
It is usually packaged in a single component so that it can be simply organized.

2

R. Basile, D. Raffaele, F. De Serio, M. Mossa, G. Uva

- Programming language: a programming language is the formal language, used in computer
programming to implement algorithms. In the case of the open source code, the knowledge
of the programming language used is fundamental when changing of the code are needed to
meet different requests. This involves continuous improvements and updates of the software.
- Extensibility: it is the ability of a software system to consent and receive a substantial
extension of its capabilities, without major rewriting of the code or changes in its basic
structure.
- Supported platforms: an operating system is a powerful program that controls and manages
the hardware and other software on a computer. The greatest part of FSI codes is now
available on different platforms, but, in some cases, the lack of compatibility of the software
with an operating system involves the exclusion from the project program.
The general information criteria, typical of the software characteristics, are represented by:
- Features: the feature of software is a distinguishing characteristic of a software item, such
as performance or functionality.
- Advantages: combination of performances and benefits related to the software.
Moreover, in the general criteria also some research indexes have been considered, related to
the approval rate and successful use of the code, which have been evaluated based on a Google
Scholar query:
- Cites/years: the average number of citations of the code per year.
- Cites/paper: the sum of the citation counts across all papers, divided by the total number of
papers.
- Cites/author: the average number of citations per author.
The results of this research are presented in Table 1, where parameters providing informatic
indications as well as general parameters are included. The investigation still shows some gaps
in the aimed knowledge, but the proposed revision method could be useful for subsequent
research.
3. RESULTS
Table 1 summarizes the research results on FSI calculation codes, providing an overview of
the fundamental parameters characterizing open source, academic and commercial software.
The most interesting aspect is the huge availability of information and publications on open
source codes, while it can be seen that by far the greatest demand is for basic material on
academic and commercial codes. The most outstanding observation emerging from this data
comparison is a positive correlation between the research indexes of the open source codes and
their characteristics. This supports previous findings in the literature on the widespread use of
open source codes for their advantages [11], in terms of flexibility, cost, security and
accountability, which are insuperable if compared to proprietary software solutions. In contrast,
there is no significant number of citations for closed source codes because of their limitation in
programming specific tasks and their inaccessibility to the source code, which attracts fewer
developers to invest in offering new products and updates. Moreover, no significant information
is available for academic software. Some information gaps are evident, thus future
improvements are wished, and the review in Table 1 should be critically read and interpreted
with caution.
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INFORMATICS PARAMETERS
List of FSI
software

OpenFOAM
FSI

OPEN
SOURCE
CODES

oomph-lib

Elmer FSI

CBC.solve
Biomedical
Solvers

Module

Progr.
Supported
Extensibility
Language
Platforms

• Basic CFD
• Incompressible Flow with RANS and LES
Capabilities
• Compressible Flow Solvers with RANS and
LES Capabilities
• Buoyancy-Driven Flow
• Multiphase Flow
C++
• Particle-Tracking
• Solvers for Combustion Problems
• Solvers for Conjugate Heat Transfer
• Molecular Dynamics
• Direct Simulation Monte Carlo
• Electromagnetics
• Solid Dynamics
• Poisson Equation
• Linear Wave Equation
• Advection-Diffusion Equation
C++
• The Navier-Stokes Equations
• Equations of Large• Displacement Solid Mechanics
• Basic finite elements based on the Lagrange
interpolation of degree k≤3 (1D/2D) and k≤2
(3D)
• Time integration schemes for the 1st and 2nd
order equations
2/3 in
• Solution methods for eigenvalue problems
Fortran and
• Direct linear system solvers
1/3 in
• Iterative Krylov subspace solvers for linear
C/C++
systems
• Multigrid /BEM solvers
• Parallelization of iterative methods
• The discontinuous Galerkin method
• Stabilized finite element formulations
-/-

Python

YES

Unix/
Linux

YES

Linux/
Windows/
Mac OS

Unix/
Linux/
Windows

YES

NO

-/-
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GENERAL INFORMATION PARAMETERS
Research index
Features
Advantages
Cites/ Cites/ Cites/
years paper author

• Open architecture
• Efficient on massively
parallel computers, portable
to new comms protocols
• Problem-independent
numeric and discretization
• Efficient environment for
complex physics problems

-/-

• Fluid flow: Navier-Stokes
and Reynolds equations, kε model
• Species transport
• Elasticity
• Acoustics
• Electromagnetism
• Microfluidics
• Quantum Mechanics

-/-

-/-

58.31 11.66 37.32

-/-

87.15 14.16 422.3

• Modern programmable
GUI
• Flexible handling of the
coupling of field equations
• Dependence of material
parameters on the field
80.15 43.03 228
variables in a free manner
• Large selection of modern
numerical methods
• Both assembly and
iterative solution can be
done in parallel
-/-

170.8 170.8 515.6
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PreCICE
Coupling
Library

Stochastic
Immersed
Boundary
Methods in 3D,
Atzberger
Immersed
Boundary
Method for
ACADEMIC Adaptive
CODES
Meshes in 3D,
Griffith
Immersed
Boundary
Method for
Uniform
Meshes in 2D,
Fogelson

Abaqus
Multiphysics
Coupling
COMMERCIAL
CODES

ADINA FSI

-/-

C/C++,
Fortran and
Python

NO

-/-

-/-

NO

-/-

-/-

-/-

NO

-/-

-/-

NO

-/-

•
•
AcuSolve FSI •
•

• Fully parallel peer-to-peer
concept
• Pure library approach
Linux/
Windows/ • Highest flexibility
MacOS
• Sophisticated quasi-Newton
coupling algorithms
• Multi coupling

Python

Physics model
Turbulence model
-/Time accurate transient simulation
Fluid/Structure Interactions (practical FSI; direct
Coupling FSI; Rigid body & flow coupling)
• ADINA Structures
Fortran
• ADINA CFD

-/-

27.78 3.57

68.15

-/-

-/-

15

22

150.6

-/-

-/-

-/-

8

48

12

-/-

-/-

-/-

9

32

99

-/-

71.57 41.15 774.5

• Abaqus/CFD
• Coupled EulerianLagrangian
• Hydrostatic-FluidWindows/
Mechanical
Linux
• Piezoelectric-Mechanical
• Structural-Acoustic
• Thermal-Fluid-Mechanical
• Structural-Pore Pressure

NO

NO

Windows/
Linux

-/-

NO

Windows/
Linux

-/-
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•
•
•
•
•

Robustness
Speed
Accuracy
Easy-to-use
Flexible

24.79 11.57 151.2

-/-

125

66.97 523.7
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•
•
•
•
•

Ansys' FSI

• ANSYS Mechanical Enterprise CFD Maxwell
ADPL
3D
(ANSYS
• ANSYS Mechanical Enterprise
Parametric
• ANSYS CFD
Design
• ANSYS Icepak
Language)
• ANSYS Simplorer and ANSYS Designer
•
•
•
•

Altair
RADIOSS

•
•
•
•

Autodesk
Simulation
CFD

ADINA Thermal
ADINA-FSI
ADINA-Thermal Multi-Coupling
ADINA User Interface
ADINA Modeler

Windows/U
nix

YES

Nonlinear explicit dynamic structural analysis
Nonlinear implicit structural analysis
Explicit Computational Fluid Dynamics
Euler, Lagrange and Arbitrary EulerLagrangian formulations
Smoothed-Particle Hydrodynamics
Finite Volume Method based airbag simulation
Multi-Domain to manage models with fine
meshed components needed to “zoom” for
rupture prediction (compatible with FSI)
Sub-Modeling for local design of components
or sub-structures

-/-

NO

-/-

Python /
QT
Scripting

NO

-/-

• Best-in-class solutions for
the simulation of
mechanics and fluids
• Comprehensive
technologies for coupling
of physical disciplines
• Flexible work processes
• Unified software
philosophy that facilitates
training, use and licensing

200

185.6 5626

• Best scalability in the
industry for large, highly
nonlinear
structural
• Large selection of material
simulation
and rupture libraries in the
• Accurate results
industry
Mac
OS/
• Full repeatability of results
Linux/
13.09 7.20
• Tightly integrated with
regardless of the number of
Windows
OptiStruct and HyperStudy
computer cores, nodes or
• Support very responsive in
threads used in parallel
reacting to user input
computation.

Windows

CD-adapco's
Star-CCM+
Product

-/-

-/-

NO

Linux/
Windows

CoLyX - FSI

-/-

-/-

NO

Linux/
Windows

6

-/-

-/-

• High performance
• Mesh quality

-/• Realized fewer field
failures
• Reduced number of
physical prototypes
• Reduced time-to-market
• Cut manufacturing costs
• Better understood product
behavior
-/-

97

24.03 8.52

418.4

27.36 4.79

168.98

-/-

-/-

-/-
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Fluidyn-MP
FSI
Multiphysics
Coupling

• Single-phase flows
• Laminar/Turbulent flows (0. 1 rst. 2nd order
turbulence modelling).
• Incompressible/Compressible flows
• Steady/Transient simulations
• Mixture flows (multi-species)
• Reactive flows
• Combustion
• Surface adsorption
• Solid coupled explosions

Solver for FSI problems (as well as other
multiphysics problems):
COMSOL FSI
• fully coupled solver (or monolithic solver)
• segregated solver (or partitioned solver)

-/-

NO

Linux/
Windows

Java

YES

Linux/
Windows

MpCCI

-/-

Bourne
shell/
Perl/
Java

MSC
Software MD
Nastran

-/-

-/-

YES

NO

• Low-level interfaces
• Integration
• A batch solver which
encloses an ensemble of
different fluid solvers for
solutions optimization
• Incompressible/compressible
single phase/multiphase
flows on 3D unstructured
meshes with heat transfer.
• Robust CFD tool features for
advanced users
• User-coding for personalized
applications and adding
physics
• A CAE-post platform for
plotting results on CAD
geometry
-/-

-/-

13.21 6.17

-/-

107

43.48

66.88 1967.3

• Enhanced processing of
Windows/
Fourier-transformed data
Linux/
• New Harmonic Wizard to
-/12.83 7.70 191.78
Mac OS/
map a set of harmonic
Unix
turbomachinery CFD results
at once to a CSM model
• Access to more connected
physics and disciplines
• Ability to leverage MSC’s • Structural analysis solution
for a wide variety of
ecosystem of products
engineering problems
including MSC Apex, MSC
-/37.7 983.9 24.7
Nastran, Patran, Adams,
• Structural Assembly
Marc, SimManager,
Modeling
MaterialCenter
• Automated Structural
• Access to MSC Apex and
Optimization
the new modules as they
become available
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•

•
MSC
Software
Dytran

Both Lagrangian and Eulerian. Interaction
between fluids and structures is achieved
through a coupling surface created on
structures (Lagrangian domain).

-/-

Windows/
Linux/
Windows/
Unix

NO

•
•
•
• Finite Element solver Oofelie of Open
FINE/Oofelie
Engineering
FSI
• OpenLabs™

•
•
-/-

YES

-/•
•

• Flexible body contact algorithms
• Flexible body to rigid body contact / Rigid
body to rigid body contact
• Edge-to-edge/eroding contact
LS-DYNA
• Tied surfaces
• Contact algorithms: CAD surfaces
• Rigid walls
• Draw beads
• Aerodynamics solver: cost-effective low-order
PARACHUTE panel method
S FSI
• Structure solver: a robust explicit finiteelement technique

(Structures, Nonlinear,
Multi-body Systems)
Advanced, explicit nonlinear
solver technology for
analyzing extreme, short
duration dynamic events.
Robust and efficient 3-D
contact and coupling
algorithms using Lagrangian
finite element method for
structural analyses and
Eulerian finite volume
method for fluids/multimaterial flow analyses.
Complete finite element
model library
Full range of nonlinear
material models
Steady/Unsteady
computations.
2D/3D capabilities
Non-conformal meshes at
the interface
Structures: linear/nonlinear
analysis.
Elastic and thermo-elastic
computations

• Minimize the costs of
physical prototyping
• Eliminate redundant test
cycles through Dytran’s
streamlined modeling flow
and most advanced FSI
simulation capabilities
11.58 15.44 52.9
• Detailed insight into the
nonlinear, dynamic
behavior of real-world
problems that cannot be
easily solved with other
simulation tools
• Model complex scenarios

• One single environment
• The direct coupling,allows
for great gains in set-up
time and reliability

-/-

-/-

NO

-/-

-/-

-/-

12.59 13.7

-/-

NO

-/-

-/-

-/-

22.5

Table 1: List of FSI software with informatics and general information parameters
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-/-

99.21

11.59 89.25

-/-
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4. DISCUSSION
As also anticipated in previous findings in literature [11], our research demonstrates that the
choice often falls on open software codes, not only because they are generally available for
free, but also because it is well known that global communities, united around improving these
solutions, introduce new concepts and capabilities faster, better, and more effectively than
internal teams working on proprietary solutions. The results of Table 1 suggest that the best
software to perform simulations in engineering disciplines, in particular in the field of civil
engineering especially to evaluate the hydrodynamic load on maritime structures, are:
- OpenFOAM: it is an object-oriented library for Computational Continuum Mechanics
developed by CFD Direct/OpenCFD. OpenFOAM implements the components of mesh
handling, linear system and solver support, discretization operators and physical models in
library form, where they are re-used over a number of top-level solvers. Auxiliary tools,
from pre-processing, mesh manipulation, data acquisition, dynamic mesh handling are built
into the system, bringing it to the level expected by industrial Computation Fluid Dynamics
(CFD) tools [6].
- Elmer FSI: it is an open source multiphysical simulation software mainly developed by CSCIT Center for Science (CSC). It includes physical models of fluid dynamics, structural
mechanics, in addition to electromagnetics, heat transfer and acoustics solvers. These are
described by partial differential equations which Elmer solves by the Finite Element Method
(FEM) [12].
- Fluidyn-MP: it is a close-source engineer CFD software having a multi-physics capability.
It has been optimized to do simulation of fluid mechanics, structural response and other
design problem. It is characterized by strong and robust coupling algorithms between fluid
and structures.
As previously written, there are some information gaps in the review due to
incomplete/missing guidelines and code attributes, especially for academic codes. This evident
lack of information could be attributable to the fact that academic software are mainly used for
the study and development of new modules and functions, but are not extensively advertised in
other not-academic sectors environments.
These results may reflect differences in the quality and performance of the FSI codes and
raise intriguing questions, such as to what extent the research and development of informatics
tools can facilitate the use of solver systems in the analysis of a wide variety of engineering
problems.
5. CONCLUSION
This study set out to review in detail the available information on FSI software, in order to
compare the main characteristics and to provide a guideline in the choice of the most suitable
software in the field of civil engineering.
The results of the research are presented in a table organized according to parameters that
provide informatic indications and other parameters that contain general information of an FSI
software list. The investigation has shown the vast availability of notes and publications on
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open source codes, compared to material on academic and commercial codes, confirming their
prevalent use in the simulation of fluid-structure coupling.
This work contributes to existing knowledge of fluid-structure interaction by providing a
table that overview the fundamental parameters characterizing FSI calculation codes. The lack
of some information in the research work adds caution in reading and interpreting the results.
One of the strengths of this study is the summary and logical view of the main modules and the
distinctive features of a software element, which facilitate the selection procedure.
This study could be a useful tool to the scientific modelers community, interested in new
calculation methods, and to civil engineers assisting the Public Administration in decision
making regarding software selection.
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Summary.
An aquaculture piping supply brings the sea water to an onshore well. The offshore piping is
composed of two PEAD tubes which are connected to a concrete pipe. The connecting transition
box was made of poliester reinforced with fibre glass (PRFG). The transition box is
approximately cylindrical with 5m internal diameter and 6 m height. It was located 1.5 km away
from the coast and its bottom was 8 m bellow the sand level (2 m sand on top). The accident
occured in the transition box 18 months after starting the operation and resulted in a massive
entrance of sand into the well disrupting the water supply to the tanks where the fish grow.
Possible causes for the accident: a) accident caused by a fishing boat; b) sand erosion on top of
the box; c) wave effects; d) subpressures caused by an increasing demand of water for the tanks;
e) flow obstruction on the PEADS; f) potential design defects; g) defective box construction;
h) premature ageing of PRFG on the salt water and/or due to fatigue caused by the wave effects;
i) forces in the storage, transport and positioning of the transition box.
These causes are analysed in this work characterizing the subpressures and the resistance of the
structural components on the transition box which lead to its collapse.

1 INTRODUCTION
The aquaculture plant consists of two units which have independent water supply systems.
The piping supply picks up the sea water 2.5km offshore on the Atlantic coast to a onshore well
(Figure 1). The water is then pumped to the facilities where the fish grows.
The piping offshore is composed of two 2 m diameter PEAD tubes placed in parallel on a
ditch connected to a 3m diameter concrete pipe leading to the well. From this well the water is
pumped to a cannal on the surface and after treatment is lead by gravity to aquaculture tanks.
The maximum nominal flow to each well is 10.8 m3/s.
One of the water supply systems has a doubly reinforced concrete 0.45 m thick transition
box. The difficulty of placing it in place (the sand must be excavated so the top of the box is
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placed around 11.5m below average sea level: -9.5m HZ) lead the building company to suggest
an altenative poliester reinforced with fibre glass (PRFG) design.

Figure 1

Figure 2
The PRFG transition box is approximately cylindrical with 5m internal diameter and 6 m
height. The top of the connection box is placed 3m bellow sand level (11m bellow average sea
level) (Figure 2). Inside the box there is a V shaped deflector connected to the wall and the
bottom separating PEADS inflow of water inside the box. On top of the dome there is a 5m
vertical tube wide enough to allow the entrace of a diver. The normal thickness of the walls is
around 20 mm with 6 reinforcing rings. The bottom is flat 15mm thick with a grid of rectangular
stiffners 180x200mm 20mm thick, spaced 1.2 m in both directions. Its roof has a dome shape
20mm thick with 16 radial stiffners.
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The production cycle for an acquaculture plant is around two years, the nominal flow of the
wáter being increased as the fish grows. Before starting production, tests were operated with
the máximum nominal flow. The accident occured in the PRFV transition box 18 months after
starting the operation and resulted in a massive entrance of sand into the well disrupting the
water supply to the tanks where the fish grow.

Figure 3
A diver inspection after the accident revealed a huge crater around the transition box and
abnormalities on the connection tubes caused by the suction of sand (Figure 3). Delamination
in the connection of the transition box to the PEADS was observed as well as the collapse of
the bottom slab, presenting a total rupture along its perimeter. The deflector was uncoupled
from the side wall and moved along with the bottom, being stopped by the dome at the top. The
box was later retrived from the sea to allow a more detailed observation and testing on land.

Figure 4
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2 CAUSES FOR THE ACCIDENT DUE TO EXTERNAL ACTIONS
2.1 Structure being unstable due to erosion of the sand
The transition box was buried in the sand and any change of this situation could lead to the
instability of the box causing damaging loads and displacements. The accident occured in a
period of live tides and high waves and since coastal erosion is usual one could think there was
a generalized erosion of the sea level around the box making it more exposed to the waves.
However, the sand level was controlled a few days before the accident and it was perfectly
normal (Figure 5).

Figure 5
2.2 Accidental action of a fishing ship
Some remains of fishing nets were found connected to the top of the vertical tube 1.5m on
top of the sand. Most of the fishing ships which operate in the area are small. If the accident
was caused by a fishing ship on the vertical tube this would be the first to show damages.
Moreover, the accident occured with high waves not compatible with small fish activity.
2.3 Ground pressure on the bottom
The transition box was buried under 3m sand. This confinement must be resisted by a pressure
of the sand on the walls and weight on top and support reaction on the bottom.
2.4 Forces in transportation, handling and storage
The transition box constructor produced instructions for safe handling and storage of the box.
Given the material density is close to the sea water density the 4kPa pressure assumed for the
bottom of the box is adequate for placing it in-situ. However, this pressure is much smaller than
the subpressures associated with the operating conditions.
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2.5 Tidal and wave action
The accident occured with 8m high waves and 14s period. The tidal effect can be disregarded
because it is a slow loading acting throughout the year. It causes a difference of hydrodynamic
pressure at the sea bottom which can be transmitted to the exterior of the box.
The wave causes a differential pressure inside the PEAD tube which propagates from the
water entry. These effects can be added or subtracted as the time varies. In a recent study for
EC2 a theoretical monochromatic design wave with H = 11.6 m and period T = 18 s, a maximum
subpressure (negative pressure) of 2.2 kPa was found. Assuming Hs = 4m, recorded at the time
of the accident (Figure 6) an additional subpressure of 7.5 kPa would be reasonable. However,
the propagation of waves is very attenuated for real (multispectral) waves in particular for the
lower periods; on the day and time of the accident, the buoy recorded values of Tmax and Tz
close to 13 s and 8 s, respectively. Under these conditions, assuming a reduction of 2/3, a
maximum additional 5 kPa is found.

Figure 6

Figure 7
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The external pressure caused by the passage of a wave (Figure 8) depends on the analysis
model, the height and period of the wave and the seabed material. Fenton nonlinear analysis
model leads to higher pressures than Airy linear model (Figure 9). The wave height increases
the pressure exponentially from around 7.4 kPa for a 4 m wave up to 35 kPa for a 8 m wave.
For a fine sand at the sea bottom and assuming a bad drainage to give the maximum effect,
the pressure 8m bellow the seabead degrades to around 22 kPa. The actual pressure on the
transition box should be modelled as it is not a semi-infinite media, it is solid with a dome top.

Figure 8
The initial design considered 11m high waves which correspond to a 50-year lifetime. The
storm at the time of the accident was far from this extreme load.
3. CAUSES FOR THE ACCIDENT DUE TO OPERATING CONDITIONS
3.1 Subpressures caused by the water flow
Subpressures caused by the water flow on the water supply system are signifficant. The
subpressures on the PEAD tubes at the connection box are estimated at 32kPa for a normal flow
of 10.8m3/s (blue line in Figure 9). However, mussels were incrusted on the walls of the PEAD
tubes and sand deposited near the water inlet (Figure 10) leading to higher subpressures. By
increasing the rugosity of the PEAD tubes and reducing the section as caused by the deposited
sand, one should follow the more conservative dashed line in Figure 9 which corresponds to a
total 45 kPa head loss 7.6m3/s flow at the time of the accident, with a 35kPa subpressure at the
connection box location.
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Figure 9

Figure 10
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3.2 Inadequate behaviour of PRFG immersed in sea water
The fast deterioration of PRFV immersed in sea water can be considered via adequate safety
factors.
The maximum tensile strength limits for deterioration after 400 days are between 24 and 58%
similar to 25 to 60% after 2 years and 31 to 68% after 50 years. The upper limit is usually
associated with low glass fibre content and specific weight.

Figure 11
4. TEST RESULTS
Material defects can be ruled out as the PRFV constructor has quality control. Depending
on the manufacturing process and the density of the fibers, the strengths in the two main
directions are different. Pure tensile strength and flexural tensile strength are also different. The
following tests were made on samples extracted from the transition box after the accident:
4.1 Average glass fibre content (ISO 1172)
Bottom 37.4% ; Wall 67.7% : telescopic section 72%
4.2 Specific weight
Bottom 1448 g/cm3 ; Wall 1881 g/cm3 : telescopic section 1903 g/cm3
4.3 Tensile Strength after 2 years (ISSO 527-4)
Bottom 97.8 MPa ; Wall 240.3 MPa : telescopic section 160 MPa
4.4 Young Modulus
Bottom 4.7 GPa ; Wall 19.4 GPa : telescopic section 20.3 GPa
4.5 Initial tensile strength and Young modulus
Bottom 170 MPa ; 9.7 GPa
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4.6 Resistance of the stiffening beams at the box bottom
The bottom slab design model in a number of technical reports was assumed to be continuous
in both directions. However this assumption overestimates the slab's resistance because the
reinforcing beams only have continuity in the direction with constant inertia. The maximum
load on the supporting beams in both directions was 50 kN and 5 kN, respectively (Figure 12).
The beams in the perpendicular direction have about 1/10 resistance and just provide bracing.
The bottom slab should be considered to be supported in one direction, thus the reinforcing
beams with constant inertia are subject to larger moments.

Figure 12
5 TRANSITION BOX DESIGN
In maritime projects it is prudent to adopt higher safety cofficients than those typically used
in current works because the loads are not known with the same precision. The English standard
used indicates safety coefficients of 8 for PRFG which are justified due to the degradation of
properties of materials. For an accident to occur a 800% error must be expected.
An admissible stress of 13 MPa would mean that at the end of the life the tensile strength
should be 104 MPa. The results of tensile tests on samples taken from the bottom slab are within
the interval 87 to 110 MPa. The tensile strength after 18 months is similar to the tensile strength
expected at the end of 50 years service life and can be expected to degrade further.
The bending moments for the bottom continuous slab supported in one direction should be
around pl2/14, 40% higher than those predicted by using a doubly supported model.
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The PRFG designer considered the pressure resulting from the sand specific weight for the
design of the top and cylindrical wall to be 70 and 94 kPa, respectively. For the bottom it
considered 4kPa needed for the transportation and handling only. The designer increased the
bottom thickness given by the norm from 12.5 to 15 mm
It would be more appropriate to consider the land weight of 30 kPa+ subpressure 50kPa +
wave effect 30 kPa on the dome and the impulse of the sand of 24kPa+subpressure 50kPa +
wave effect 20 kPa for the cylindrical wall. For the bottom design loads one should consider
50kPa subpressure + 10 kPa wave effect.

Figure 13
The connection box resisted at the maximum flow rate in the initial running tests because it
was carried out in the absence of deposits and with low roughness PEADS. Assuming the blue
curve in Figure 9, the flow of 10.8 m3/s corresponds to a subpressure of 30 kPa, meaning the
stress in the slab would be 80 MPa, less than the initial estimated tensile strength of 170 MPa.
The aquaculture cycles last about 24 months. When the fish are smaller the flow rates are
smaller, thus the demand increases as the end of the cycle approaches. According to available
data, in the beginning the average flow rate was 5m3/s, corresponding to 12 kPa subpressure,
after three months 6 m3/s corresponding to 20 kPa, increasing to 6.5 m3/s in the following six
months (24 kPa). Given the increasing roughness and sand deposit in the PEADS, 7 and 7.5
m3/s correspond to 30-35 kPa (intermediate values of the subpressure curves) three months
later. The corresponding increasing tensile stresses are becoming closer and closer to the tensile
strength of the bottom slab degraded by sea water immersion. The significant displacements
caused by the load in the bottom slab was counteracted by the deviator attached to the wall and
bottom slab (Figure 13). An estimated loading of 42kPa (35kPa subpressures+7kPa wave action
and disregarding the fibre glass weight) lead to the collapse of the bottom slab 15 mm thick
assuming the tensile strength of 98 MPa obtained in the samples testing.
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Summary. A novel design approach to limit failure propagation in building structures is
presented in this paper. Design standards under accidental scenarios recommend the use of
robust tying elements in the structure to provide continuity and increase its resilience under
sudden column failure scenarios. This design criterion could conduct to a propagation of the
failure to the whole structure when two or more columns fail simultaneously, since these tying
elements are connecting the whole structure. The solution presented in this paper consists of
using fuses as elements to compartmentalize the structure and limit the failure propagation.
These fuses should work appropriately when one column fails, as prescribed by codes, but they
should fail, and thus compartmentalize the structure, when a disproportionate progressive
collapse is activated. FE analyses were performed to check the viability of the use of fuses with
the use of robust tying elements without and with the introduction of these new elements.
Results show disproportionate consequences to the whole structure when only tying elements
were used, whereas they are limited to the compartmentalized area when fuses were introduced.
1 INTRODUCTION
Extreme events (i.e. terrorist attacks, vehicle impacts, explosions, etc.) may cause local
damage to building structures, and this can be most serious when one or more columns fail,
leading to the progressive collapse of the entire structure or a large part of it [1]. Since the
beginning of the 21st century there has been growing interest in the risks derived from extreme
events, especially after the attacks on the Alfred P. Murrah Federal Building in Oklahoma in
1995 and on the World Trade Center in New York in 2001. The accent now is on achieving
resilient buildings that can arrest progressive collapse after such an event, especially when they
form part of critical infrastructures, have a large number of occupants, or are public buildings
(e.g. hospitals, shopping centers, theaters, etc.), with the intention of preventing injuries and
deaths [2–5].
To date, progressive collapse of building structures was investigated through dependent and
independent scenario approaches. The former assess the causes which can trigger a progressive
collapse (e.g. explosions, impacts, etc.) and the latter analyses the consequences rather than
their causes [6]. In this last approach, the notional sudden removal of members are considered
to analyze the capability of the structure to resist extreme events. Many authors and researchers
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have analyzed the structure behaviour for sudden failure of single elements, such as internal,
external or corner columns [1]. Design requirements are usually stablished to withstand a
building structure without one of its column to avoid injuries and deaths. These
recommendations follow the criteria of providing robust tying elements to the structure to
increase its robustness.
However, in most cases, the use of tying elements could conduct to unsafe situations when
more than one column fails. It is the example of a terrorist attack or a vehicle impact, which
can lead to the failure of two or more columns. In this case, tying elements could conduct to a
general failure of the complete structure because they are connecting the whole structure. That
part of the structure where the collapse starts introduces hug forces, through the tying elements,
to the rest of the structure, which can also fail. Thus, tying elements is a great solution for the
failure of one single column but it can conduct to the failure of the complete building when
more than one column triggers the progressive collapse. In that cases, tying elements can
propagate the collapse of a part of the structure to the whole.
The novel design approach presented in this conference paper consists of the introduction of
some sections in the structure to create compartmentalization. In this way, an initiated
progressive collapse would be restricted to the sector of the structure that is compartmentalized.
This measure avoids the progressive collapse spread to the whole structure with the help of the
tying elements. The novel design approach is an analogy of the electrical fuses, which protect
the whole equipment of a risk of failure.
The following sections include a description of the novel design approach with fuses, the
analysis by means of finite element (FE) models carried out in this study for a precast concrete
building structure, and a comparison of the results providing tying element in the structure
without and with fuses. Finally, the main conclusions of the study and the future lines of work
are drawn.
2

A NOVEL DESIGN APPROACH: FUSES

The main aim of this novel design approach is to be able to limit the progressive collapse of
a structure when it has already been started. As commented above, tying elements are useful
when one column fails, but it can conduct to disproportionate collapse when more than one
column are lost. The introduction of this new concept will arrest the propagation of the
progressive collapse, limiting the area of the affected building. Economic and human losses are
thus reduced with respect to a disproportionate collapse of the whole structure. The new concept
is named as fuses, as it works as an analogy of the electrical an industrial fuses. Electrical or
industrial fuses protects the whole equipment of being broken, limiting the failure to a small
pieces rather than producing the failure of all parts.
The introduction of structural fuses are still a conceptual idea which needs to be developed
and widely studied. These fuses can be introduced in a structure as the tying elements are
introduced, but trying to produce its failure when an extensive progressive collapse is initiated.
Firstly, an analysis of the fuses localization should be performed to choose the
compartmentalization strategy of the building. Once this is decided, fuses should be introduced
as a connection between different sections of those compartmentalized. This connection should
provide continuity to the structure, as in its conventional operability, and even when a column
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is lost, but it should be broken when a progressive collapse is trying to propagate to the whole
structure. At this moment, fuses will work separating two compartmentalized parts of the
structure and limiting the collapse of the structure to a part of it.
Fuses will be introduced as a way of continuity. In steel structures, they can be reproduced
as joints or connections between elements. In RC structures cast-in-place, fuses can be
reproduced as a design of the structure through the reinforcement bars of the slabs, for example.
In precast concrete structure, fuses can also be reproduced by means of reinforcement bars
connecting different elements. Several options, however, have to be analyzed. This conference
paper aims to demonstrate the viability of the use of fuses in structures, as a first approach to
the development of this new concept. In this line, a FE model has been developed to show how
fuses will work in comparison to the traditional design procedure based on tying elements.
3

DESCRIPTION OF THE BUILDING AND FINITE ELEMENT MODEL

A precast concrete building structure was considered for this study. The structure consisted
of a series of frames (pink color in Fig. 1) with columns and beams connected, in each floor,
by the slabs. The building has 10 floors, 3.5m height and bays of 6.0m x 8.0m. Section of beams
and columns is 40cm x 80cm and 70cm x 70cm, respectively, whereas slab thickness is 48cm.
Fig. 1 shows the meshed FE model of building structure. BEAM elements were used for
columns and beams, whereas SHELL elements were used for slabs. Slabs and beams were
connected through the tying and fuses elements as it is described in the following sections.
Tying and fuses elements were considered as reinforcement bars, and they were modelled as
BEAM elements.

3.5m

8m
Figure 1: FE model.

3

6m

Jose M. Adam, Manuel Buitrago, Elisa Bertolesi

In addition to the self-weight of the structure, a dead load (DL) of 2.5kN/m2 and a uniform
distributed live load (LL) of 4kN/m2 were considered. Load combination for accidental actions
was taken into account as 1.0·DL + 0.5·LL, according to Eurocode [7].
In this study, two failure scenarios were considered to assess the structural behaviour without
and with the introduction of fuses; tying elements were considered in both cases as prescribed
in codes [2–4]. The 1st failure scenario consisted of a sudden column failure to evaluate the
appropriate structural behaviour with the introduction of fuses. The 2nd failure scenario
demonstrates that tying elements could introduce unsafe situations and a disproportionate
failure of the whole building, whereas the collapse is limited with the introduction of fuses. Fig.
2 shows the two failure scenarios considered.

(a) 1st failure scenario

(b) 2nd failure scenario

One column loss

Three columns loss

Figure 2: Definition of the failure scenarios.

A linear static analysis was performed for the two described cases: i) using tying elements
without fuses; and ii) with the introduction of fuses. This static analyses adopted a dynamic
amplification factor of 2.0, as prescribed by the codes [4]. Tying elements were stablished as
bars reinforcements to provide continuity to the slabs. 20mm reinforcement bars spaced at a
distance of 15cm were adopted. Fuses followed the same design criteria but they were prepared
for failure in the second failure scenario to limit the propagation of a initiated progressive
collapse.
4

RESULTS

This section presents the main results obtained when using tying elements without and with
the introduction of fuses.
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4.1 Using tying elements
Tying elements improves continuity and robustness of structures, and they should be
prepared to withstand some local failure of the structure in accidental events. This, in practice,
means that the building should be prepared for the failure of one column. International codes
[2–4] use, as a simplified approach, the introduction of tying elements to increase the resilience
of building structures. An example of horizontal tying elements working after a sudden failure
of an internal column is shown in Fig. 3. Fig. 4 shows the building structure under study with
the disposition of the tying elements.

Figure 3: Example of horizontal ties working after and internal-column loss.

Tying elements

Figure 4: Tying elements disposition.
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After the static analysis performed to the 1st and 2nd failure scenario, Fig. 5 shows the vertical
displacement of the structure: i) before the failure; ii) after the 1st failure scenario; iii) after the
2nd failure scenario; and iv) a last figure reproducing the following step where an additional
ground-column would fail due to the propagation of the failure. This last figure would follow
the failure of other columns, spreading the local failure to the whole structure.

Figure 5: Vertical displacements (from left to right and from top to bottom): i) before the failure scenarios; ii)
after the first failure scenario; iii) after the second failure scenario; and iv) one additional step where an
additional ground-column would fail due to the propagation of the failure. Units in mm.

Fig. 6 shows the affection of local failure to the whole structure. This is better represented
by the X-axes horizontal displacements.
Finally, Fig. 7 shows an example of the consequences that an extreme event, involving the
failure of more than one column, could happen when tying elements are used as a design
criterion. It is worth noting that RC flat-slabs use to be designed, for the operational phase, with
strong tying elements [5] without the necessity of adding more reinforcement to comply with
that prescribed by the codes in reference to the tying elements. In these cases, and others with
robust tying elements, the failure of the whole building could happen when more than one
column fails.
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Figure 6: Horizontal displacements – X axes (from left to right and from top to bottom): i) after the first failure
scenario; ii) after the second failure scenario; and iii) one additional step where an additional ground-column
would fail due to the propagation of the failure. Units in mm.

Figure 7: Building after failure without the introduction of fuses.

4.2 Using fuses
Fig. 8 shows the section of the building where fuses were introduced. These elements, in this
study, were considered as reinforcement bars to introduce continuity in the slabs. They were
also designed to compartmentalized the structure when the integrity of the whole structure,
when more than one column fails, is compromised. Tying elements were also taken into account
in the other sections of the structure as shown in Fig. 8.
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Tying elements
Fuses
compartmentalization

Figure 8: Introduction of fuses. Compartmentalization.

Fig. 9 shows the vertical displacements of the structure after the 1st failure scenario and after
successive steps after the second failure scenario until the whole compartmentalized structure
failed. From this figure it can be seen that the building, with tying elements and fuses, is
working appropiately when a single column fails, whereas the damage is limited to the
compartmentalized structure when more than one column failed. In the previous section, it has
been shown that this situation conducted to the failure of the whole structure, whereas the
consequences are limited to the compartmentalized area with the use of fuses.

Figure 9: Vertical displacements (from left to right): i) after the first failure scenario; ii) after successive steps
after the second failure scenario until the compartmentalized structure failed. Units in mm.
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Fig. 10 shows an example of the limited consequences that could happen when tying
elements and fuses are used as a design criterion.

Figure 10: Building after failure with the introduction of fuses.

Finally, Fig. 11 shows a comparison between the building behaviour in both cases, tying
elements without and with fuses. It is worth noting that tying elements without fuses introduce
an important pulling action to the whole structure when more than one column fails.
(b) With fuses

(a) Without fuses

Affection to the
whole building

Affection to a part
of the building

Figure 11: Building behaviour without (a) and with (b) the introduction of fuses in the structure after the sudden
loss of three columns.

5

CONCLUSIONS AND FUTURE WORKS

This work presents a first approach to the use of fuses in building structures. The use of fuses
aims to limit failure propagation in building structures when a progressive collapse has already
started. In this first approach, FE analyses were performed in a building structure using tying
elements without and with the introduction of fuses. From the results obtained, the following
conclusions can be drawn:
 The introduction of fuses compartmentalizes the structure, limiting the propagation
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of the failure to this area, and thus limiting the consequences of an extreme event to
a localized zone.
 Fuses can be introduce in some sections to compartmentalize the building structure.
Its introduction should meet the prescriptions of codes. It has been demonstrated that
fuses can be introduced in the building structure, and its correct behaviour is achieved
even when one single column fails.
 Compartmentalization with fuses is also found effective since it limits the
propagation of the progressive failure of the whole structure when more than one
column fails. Consequences on the structure are thus limited to the
compartmentalized area rather producing a disproportionate collapse of the whole
structure.
Future works will follow this line of study, trying to design fuses and studying its location
for different types of slabs (flat-slabs, waffle and girder-less hollow slabs) and buildings
structures (RC and steel); and also working in the experimental field with a proof of concept.
ACKNOWLEDGEMENTS
The authors would like to express their gratitude to the 2017 Leonardo Grant for Researchers
and Cultural Creators from the BBVA Foundation, to the Spanish Ministry of Economy,
Industry and Competitiveness for the funding provided through project BIA2017-88322-R-AR,
to the Generalitat Valenciana and Fons Social Europeu, and also for the invaluable cooperation
of the Levantina, Ingeniería y Construcción S.L. (LIC) company.
REFERENCES
[1]

[2]
[3]
[4]
[5]

[6]

[7]

Adam JM, Parisi F, Sagaseta J, Lu X. "Research and practice on progressive collapse
and robustness of building structures in the 21st century", Eng Struct 173:122–49 (2018).
doi:10.1016/j.engstruct.2018.06.082.
EN 1991-1-7. "Eurocode 1: Actions on structures - Part 1-7: General actions - Accidental
actions", 2006.
GSA. General Services Administration. "Progressive collapse analysis and design
guidelines for new federal office buildings and major organization projects", 2013.
DoD. Department of Defense. "Design of buildings to resist progressive collapse", UFC
4-023-03, 2009.
Russell JM, Sagaseta J, Cormie D, Jones AEK. "Historical review of prescriptive design
rules for robustness after the collapse of Ronan Point", Structures 20:365–73 (2019).
doi:10.1016/j.istruc.2019.04.011.
Adam JM, Buitrago M, Bertolesi E, Sagaseta J, Moragues JJ. "Dynamic performance of
a real-scale reinforced concrete building test under corner-column failure scenario", Eng
Struct (2019).
EN 1990. "Eurocode: Basis of structural design", 2002.

10

3rd International Conference on International Conference on Recent Advances in Nonlinear Design,
Resilience and Rehabilitation of Structures, CoRASS 2019

H. Barros, C. Ferreira, José M. Adam and Norb Delatte (Eds)

PARAMETRIC FINITE ELEMENT ANALYSIS OF HIGH-STRENGTH
CONCRETE COLUMNS WITH HIGH-STRENGTH REINFORCEMENT
Mohsen K. Khalajestani*, Ahsan Parvez†, Stephen J. Foster† and Graeme McGregor‡
*

School of Civil and Environmental Engineering, UNSW Sydney, Australia
E-mail: m.khalajkhalajestani@unsw.edu.au , webpage: https://www.unsw.edu.au

† School of Civil and Environmental Engineering, UNSW Sydney, Australia
E-mail: m.parvez@unsw.edu.au , webpage: https://www.unsw.edu.au
E-mail: s.foster@unsw.edu.au , webpage: https://www.unsw.edu.au

‡OneSteel, Australia
E-mail: graeme.mcgregor@libertyonesteel.com, webpage: libertyonesteel.com

Key words: Parametric finite element analysis, High strength concrete, High Strength Steel,
Cover spalling.
Summary
Incorporating high strength concrete (HSC) and high strength steel (HSS), specifically in
columns, introduces some difficulties for finite element (FE) modelling. Numerous studies
focused on various aspects of modelling of concrete, but the behaviour of confined concrete
inside the core is a matter that has less been investigated. Obtaining a reliable post peak
stress-strain relationship of confined concrete is one of the difficulties which needs a
thorough understanding of the mechanism of confinement of core concrete. In this paper a
FE model has been formulated to study the behaviour of HSC column reinforced and
confined with HSS. The model is then calibrated with the experimental results of thirty-three
HSC columns with HSS reinforcement, and some other from literature. The fracture-plastic
model introduced by Cervenka and Papanikolaou was implemented for concrete material. To
capture the effect of cover spalling the compressive strength of cover concrete was set to be
decreased to zero once the cracks were formed at the interface of the cover and core. The
comparison showed that the FEA results show good agreement with the test results. A
parametric study was also conducted.

1

Mohsen K. Khalajestani, Ahsan Parvez, and Stephen J. Foster

1 INTRODUCTION
The demand for smaller structural concrete members, especially in high-rise concrete
structures has led to an increasing investigation in higher strength materials, both concrete
and reinforcement, which can provide the required strength with a smaller volume of material
leading to smaller cross sections in different structural elements, reduction of congestion in
heavily reinforced sections, reduction in construction time and cost 1.
Having the same modulus of elasticity, HSS requires a greater strain to reach yielding
point under compression which is beyond the crushing strain of unconfined normal strength
concrete. Crushing strain and strength of concrete increases with increasing confinement 2, 3.
Therefore, the enhanced capacity of HSS can be best utilised in HSC columns. A higher level
of confinement can maintain the ductility of HSC columns to the levels of ductility of normal
strength concrete columns 4-6.
The confinement of concrete columns can be increased by using more effective tie
configurations, using HSS ties, and/or increasing the volumetric ratio of ties. Increasing the
volumetric ratio of ties, can lead to reinforcement congestion, and especially increase the
chance of cover spalling. The strength of HSC columns is affected by the spalling of cover
due to the inability of the concrete core to carry increased loads after the cover is shed 5.
Incorporating high strength concrete (HSC) and high strength steel (HSS), specifically in
columns, introduces some difficulties for finite element (FE) modelling. Numerous studies
focused on various aspects of modelling of concrete, but the behaviour of confined concrete
inside the core is a matter that has less been investigated. Obtaining a reliable post peak
stress-strain relationship of confined concrete is one of the difficulties which needs a
thorough understanding of the mechanism of confinement of core concrete. In this paper an
FE model has been formulated to study the behaviour of HSC column reinforced and
confined with HSS. The model is then calibrated with the experimental results of thirty-three
HSC columns with HSS reinforcement, and some other from literature.
A number of constitutive models for simulating the behaviour of reinforced concrete were
tested in this study, such as Microplane formulation, fracture-plastic, and plastic-damage
models. In Microplane modelling theory 7-9, based on mechanics of microstructure, the stressstrain relationship is derived. One of the most popular Microplane models is M4, developed
by Bažant, Caner, Carol, Adley and Akers 10 and is implemented in some well-known FEM
computer programs such as OOFEM 11 and ATENA 3D 12. Although M4 is shown to have
the capacity of modelling many complex aspects of reinforced concrete behaviour 13, but it
still needs further improvement to have more consistent and promising results under different
amount of confinement in concrete 14, 15. Comparison of this study’s experimental results and
predictions of finite element analysis based on Microplane M4 models reinforced the
shortcoming of this model, particularly in case of low to medium confinement condition;
while fracture-plastic models resulted in better results.
Plastic-damage and fracture-plastic, are amongst the most sophisticated accurate models
developed for simulating concrete behaviour which can capture important characteristics of
the material. In the first category the tensile behaviour of concrete is characterised by damage
2
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formulation. One of the major postulates of plastic-damage models is that an average of
damage can be developed from a local damage, defined by some damage variables. Apart
from some exceptions, these models are usually based on the thermodynamic concepts and
formulations 16, 17. Damage is usually formulated in an isotropic form in these models.
However, in reality, cracked concrete exhibits an anisotropic behaviour 18.
In this paper, which is a complementary to a previous study 19, a finite element model was
developed to model HSC columns reinforced with HSS reinforcement under different axial
load eccentricities. The model was calibrated against thirty-three experimented columns and
some others from the literature. Fracture-plastic model introduced by Cervenka and
Papanikolaou 18 was implemented for concrete constitutive modelling. A parametric FEA has
been performed to alleviate the limitations of the experimental tests. In order to make the
experimental tests more comparable, in the parametric study, similar specimens were
remodelled with the same compressive strength of 100 MPa, and with exact target axial
loading eccentricities. It should be noted that the actual load eccentricities and concrete
strength were different than the target values. Thanks to the parametric FEA, the values of I10
were calculated for all the columns. The ductility index I10 is explained in AS3600 20 where a
minimum value of 5.6 is required.
2 SPECIFICATIONS OF TESTED COLUMNS
The experimental setup and details of the specimens are shown in Figure 1 and Figure 2.
The experiment consisted sixteen 250 × 150 mm rectangular, and seventeen 200 × 200 mm
square section columns, loaded axially at different eccentricities, namely 0 mm, 10 mm, 20
mm, and 50 mm in square section columns; and 0 mm, 12.5 mm, 25 mm, and 50 mm in
rectangular section columns. The nominal strength of 100 MPa was used for concrete in all
columns. The columns were reinforced with either nominal 2% or 4% longitudinal steel
having yield strength of 520 MPa, 610 MPa or 670 MPa, with diameters of 12 mm, 10.7 mm,
and 16 mm, respectively. The yielding strength of ties was 810 MPa, with a diameter of 5.5
mm, spaced at the maximum distance allowed by AS3600, which was calculated to be 100
mm and 70 mm for rectangular and square columns respectively. More details about the
specimens and tests are provided in M.K. Khalajestani et. al.21.
Another set of nine HSC columns, tested by Foster and Attard 22, were also considered for
calibration of the models. The columns had a square section with a dimension of 200 × 200
mm2, reinforced with 2% or 4% longitudinal reinforcement of 400 MPa grade.
3 FINITE ELEMENT MODEL
FE models was developed in ATENA 3D 12. HSS reinforcement was modelled as truss
elements embedded in solid elements for concrete. Due to symmetry, one-fourth of a whole
column was modelled (Figure 3), and appropriate boundary conditions were applied on the
planes of symmetry. Mesh sensitivity of the models were performed to find the suitable
elements size. CC3DNonLinCementitious2 (User) material model was used to model the
reinforced concrete, however, in non-critical parts of model, i.e. the end hunched parts, an
elastic material was used. A factor of 0.85 was used for concrete compressive strength for
3
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calculating the in-place factor, as recommended by Razvi and Saatcioglu 23. About eighty
analysis steps, each with a 0.1 mm deflection at the point of axial load, were performed.

(a)

(b)

Figure 1. Testing frame. (a) Concentric test
set up (b) Eccentric test set up.

Figure 2. Column details.

3 FINITE ELEMENT MODEL
FE models was developed in ATENA 3D 12. HSS reinforcement was modelled as truss
elements embedded in solid elements for concrete. Due to symmetry, one-fourth of a whole
column was modelled (Figure 3), and appropriate boundary conditions were applied on the
planes of symmetry. Mesh sensitivity of the models were performed to find the suitable
elements size. CC3DNonLinCementitious2 (User) material model was used to model the
reinforced concrete, however, in non-critical parts of model, i.e. the end hunched parts, an
elastic material was used. A factor of 0.85 was used for concrete compressive strength for
calculating the in-place factor, as recommended by Razvi and Saatcioglu 23. About eighty
analysis steps, each with a 0.1 mm deflection at the point of axial load, were performed.
The fracture-plastic model introduced by Cervenka and Papanikolaou 18 was implemented
in this study. In this model an orthotropic material for cracked concrete is defined. The model
considers the physical evolution of the material through the analyses steps, such as crack
closure. Both fixed and rotated cracks are incorporated as well. For plasticity part, they have
incorporated the model formulated by Papanikolaou and Kappos 24. This model has the
capacity to simulate the effect of tri-axial stress state which would be suitable for modelling
confinement effect and cover spalling. Crack band model and classical orthotropic smeared
crack formulation form the basis of the fracture model. Rankine failure criterion was used
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without restriction to any specific shape of softening or hardening laws. The crack opening is
calculated by adding the total value of current increment of fracturing strain to fracturing
strain, and the result is multiplied by the characteristic length.
An important part of HSC column failure mechanism is cover spalling. HSC is
significantly more brittle than normal strength concrete 25. However, under a great amount of
confinement the ductility of HSC columns is maintained 4-6. By increasing the amount of
confining ties, the difference between the behaviour of the confined core and unconfined
cover concrete increases. Under axial load, confining ties restrains the Poisson growth of the
core concrete, however, the cover is not confined and the tensile stress perpendicular to the
interface of the core and cover increases until it exceeds the tensile strength of the concrete,
causing the initiation of cover spalling before column’s squash load 4. In reality, once the
cover buckles away, no load is beared by the cover any longer. In order to enhance the
constitutive model of cover concrete material to capture this effect more accurately, the
compressive strength of cover concrete was set to be decreased significantly once cracks are
formed at the interface of the cover and core (Figure 4). In Figure 4, εf denotes the fracturing
strain. Therefore, once a crack forms in the cover, the compressive strength of the concrete
cover decreases to zero. It was observed in the FEA results that when load reaches its peak
amount, the tensile strain of the cover area passes the critical fracturing strain, and the value
of the vertical stress component in finite elements of the cover area drops significantly in the
next steps of the analysis. In this condition it can be inferred that cover has spalled away from
the core.

Figure 4. Normalized compressive strength of cover
concrete vs crack strain.

Figure 3. FE Mesh.

4 FINITE ELEMENT ANALYSIS RESULTS
Figure 5 shows the values of principal stress in the reinforcement at the ending step of the
analysis. As can be seen the maximum stress in is 670 MPa associated with the yielding
stress of the longitudinal reinforcement. This confirms the full usage of HSS bars’ capacity;
similarly the tensile 810 MPa principal stress indicates the yielding of HSS ties.
Figure 6 (a) and (b) illustrates the vertical stress distribution of concrete material in
column 1.8H50-70S-HS, just before and after the peak load, respectively. Around the peak
axial load, some cracks are formed in the cover of the compressive side of the column. By
5

Mohsen K. Khalajestani, Ahsan Parvez, and Stephen J. Foster

increasing of fracturing strain of the cover material, as discussed previously, the compressive
strength of the cover concrete decreases significantly similar to cover spalling in reality. This
decrease of strength is visible by comparing Figure 6 (a) and (b), where the colour of the
cover in the compressive side of the column has changed from blue into green, indicating a
great decrease in the value of compressive stress in cover concrete. The maximum value of
concrete compressive stress shown in the scale is greater than the concrete compressive
strength, which is due to extrapolation of stress values from the integration points to the
element nodes.

Figure 5. Principal stress in the
reinforcement.

(a)
(b)
Figure 6.Vertical compressive stress in the concrete,
before (a), and after (b) the peak load.

Figure 7 compares the results of experimental tests and the predictions of FEA for the test
results for 14 of the tests . The prediction of finite element analyses was found to match the
results of the load-lateral displacement of the eccentrically loaded columns, and load“combined strain” of concentrically loaded columns well. Combined strain, ξ=(εav+κe), is
defined as the sum of average axial strain and the product of the eccentricity (e) of the
internal axial force and the curvature (κ) of the section.
5 PARAMETRIC FINITE ELEMENT ANALYSIS
Based on the results of FEA, a parametric FEA have been performed to alleviate the
limitations of the experimental tests. More cases were modelled by FEM; and in order to
make the experimental tests more comparable, in the parametric study similar specimens
were modelled, all with the same compressive strength of 100 MPa, and exact values of load
eccentricities. It should be noted that the amount of concrete compressive strength varied
between the three batching, and also slightly in each batching due to strength gaining of
concrete through time. The actual eccentricity of load was calculated by measuring the
difference in longitudinal bars’ strain in the elastic range of concrete behaviour, and was
found to have deviated from the target eccentricities. In addition to equalizing the value of
concrete compressive strength and eccentricity of loading, new columns with specifications
that were not included in the experimental program, were also modelled and analysed.
6
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(a)

(b)

(c)

(d)

(e)

(f)
Figure 7. Comparing FEA and test result.

In Figure 8, based on the results of parametric FEA, the effect of load eccentricity can well
be explored. For the sake of brevity, only results of some square sections were shown in this
figure. With increasing eccentricity, the slope of the curves decreases, and so does the peak
load. A sharp drop is seen in all curves which is associated cover spalling happened at peak
load.
The ductility of the columns can be calculated based on the parameter I10, which is defined
in AS3600 20. A minimum ductility index of I10 = 5.6 is required for a column according to
the code. The value I10 was calculated for the columns based on the experimental data and
parametric FEA. Not for all of the columns the value of I10 could be caught in test due to
7
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sudden bursts, happening occasionally when load eccentricities is rather small. Thanks to the
parametric FEA, the value of I10 was calculated for all the columns, including those ones that
I10 could not be captured for in the test time (Figure 9). The average and standard deviation of
relative errors of I10 values from FEA comparing the values from tests, was -0.1 and 0.16,
respectively. The values of I10 were almost above the minimum value of 5.6. As can be seen
in Figure 9, I10 increases as the value of confinement parameter k e ρs fyt /fc′ increases, which is
consistent with the nature of problem and the test results.

Figure 8. FE simulation for load versus lateral
displacement of columns.

Figure 9. Ductility index of I10 versus the confinement parameter 𝑘𝑘𝑒𝑒 𝜌𝜌𝑠𝑠 𝑓𝑓𝑦𝑦𝑦𝑦 /𝑓𝑓𝑐𝑐′ calculated by FE results.

In order to see the effect of longitudinal reinforcement ratio on the ductility parameter, as
can be seen in Figure 10, four different longitudinal reinforcement ratio — 1%, 2%, 4%, and
6% — in three different concrete compressive strength — 75MPa, 100 MPa, and 125 MPa —
were investigated by FE models. A square section was used, with and a load eccentricity of
35 mm. HSS longitudinal reinforcement was used, and tie spacing was 70 mm. The trend
lines show that ductility, regardless of concrete compressive strength, is increasing with
increase of the amount of longitudinal reinforcement; and stronger concrete material
deteriorated the column ductility. According to Figure 11 smaller spacing between ties had
the same effect as increasing the longitudinal reinforcement ratio. In the FE models of this
figure, the longitudinal reinforcement was set to 70 mm. Other specifications were same as
the column models of the previous figure. Therefore, unless reinforcement congestion is not a
problem, decreasing the tie spacing to less than that required by code, can further enhance
ductility of the column.

Figure 10. Effect of longitudinal reinforcement ratio
on column ductility for different concrete strengths.

Figure 11. Effect of tie spacing on column ductility
for different concrete strengths.
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6. CONCLUSION
In this study, thirty-three tested HSC columns with HSS reinforcement, and some others
from literature, were analysed by finite element method. The fracture-plastic model
introduced by Cervenka and Papanikolaou was found to be best modelling the behaviour of
concrete material. The compressive strength of cover concrete was set to be decreased almost
to zero once the cracks are formed at the interface of the cover and core; therefore, the
constitutive model of cover concrete material could capture the effect of cover spalling well.
FEA results showed a good agreement with the test results. Based on the results of FEA, a
parametric FEA has been conducted to alleviate the limitations of the experimental tests. In
the parametric study, similar specimens were modelled with the same compressive strength
of 100 MPa, and correct eccentricities of the applied axial loading (target values for tests). As
a result, the effect of load eccentricity was compared for some rectangular and square
columns, respectively. Thanks to parametric FEA, the value of ductility parameter, I10 was
calculated for all the columns. The values of I10 were above the minimum value of 5.6; and
increased with increase of the confinement parameter k e ρs fyt /fc′ . The enhancement of
column ductility by increasing longitudinal reinforcement ratio and decrease of tie spacing
was also investigated by parametric study.
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Summary. One of the most common intervention against out-of-plane overturning of
unreinforced masonry façades during earthquakes is resorting to metal tie rods. In the recent
past a dynamic model for a single-body wall allowed to rotate on one side only and restrained
by elasto-plastic tie rods wherein the moment-rotation law due to wall self-weight was defined
empirically based on previous experimental tests. In this paper, following literature models for
rocking walls, it is assumed a flexible interface at the base, defined by its thickness, Young’s
modulus and compressive strength. Parametric analyses are performed with reference to both
interface features, wall geometry and tie rod characteristics. It is shown that only very flexible
interfaces can reproduce laboratory moment-rotation law, calling into question the
interpretation of the parameters defining the interface. The influence of an uncertain definition
of the interface on the overall performance of the restrained wall is investigated.
1. INTRODUCTION
Earthquakes have shown that unreinforced-masonry structures frequently present a higher
vulnerability than reinforced-concrete structures1, with out-of-plane loading being particularly
dangerous if connections of façades to transversal structures are inadequate (Figure 1a)2–5.
Metal tie rods are among the most ancient details adopted to improve earthquake performance
in unreinforced masonry buildings (Figure 1b), and their use is documented in several
countries6.
Ties are recommended as intervention technique for both ordinary and heritage buildings7,
and dynamic tests have shown their efficacy8,9, if masonry does not fragment10,11. Design
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procedures are available in the literature12, but only within an equivalent static framework.
Therefore, a single-degree-of-freedom dynamic model of a monolithic wall restrained by an
elasto-plastic tie rod has been recently developed6. The model assumes a capacity design of
wall anchor and surrounding masonry so that yielding occurs first in the tie. This model was
developed with a moment-rotation law due to wall self-weight defined empirically based on
previous experimental tests. In this paper, following literature models for rocking walls, it is
assumed a flexible interface at the base, defined by its thickness, Young’s modulus and
compressive strength.

Figure 1. a) Out-of-plane overturning of an unrestrained façade, b) Façade connected to transversal walls by
means of tie rods

2. REVIEW OF THE ANALYTICAL MODEL
A dynamic model was recently presented of a monolithic wall of finite thickness, which is
free to rotate on one side only (due to the presence of transverse structures) and restrained by
an elasto-plastic tie having limited displacement capacity (Figure 2)6. The tie can be located at
any point along wall height, no sliding occurs because of sufficient friction.

a)

b)

c)

Figure 2. Wall restrained by a tie rod and resting on a deformable interface of finite strength. a) Geometrical
parameters; b) One-sided displaced configuration on flexible interface (θ > 0). c) Normalized self-weight
restoring moment–rotation relationship
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Following contributions by Costa et al.13 and Mehrotra and DeJong14, the model is extended
to account for a flexible interface defined by its compressive strength and stiffness. The
abridged equation of motion is:

𝜃𝜃̈ +

𝑝𝑝𝜃𝜃2
𝜕𝜕𝑢𝑢𝜃𝜃
�𝑔𝑔 𝑓𝑓1 (𝑅𝑅, 𝛼𝛼, 𝜃𝜃, 𝑢𝑢𝜃𝜃 ) + �𝜃𝜃̇ 2 �𝑓𝑓2 �𝑅𝑅, 𝛼𝛼, 𝜃𝜃, 𝑢𝑢𝜃𝜃 ,
� − 𝑥𝑥̈𝑔𝑔 𝑓𝑓3 (𝛼𝛼, 𝜃𝜃)
𝑔𝑔
𝜕𝜕𝜕𝜕

(1)

+ 𝑓𝑓4 (𝜒𝜒, 𝜀𝜀𝑡𝑡 , 𝑅𝑅, 𝛼𝛼, 𝜃𝜃, 𝑢𝑢𝜃𝜃 )� = 0

where:
θ = wall angular displacement (Figure 2b) and dot denoting time derivative,
𝑥𝑥̈𝑔𝑔 = horizontal ground motion acceleration,
𝑝𝑝𝜃𝜃 = �𝑚𝑚𝑚𝑚𝑚𝑚 ⁄𝐼𝐼𝜃𝜃 = frequency parameter,
m = mass of the wall,
𝑅𝑅 = distance between centroid G and wall geometrical corner O,
g = gravity acceleration,
𝐼𝐼𝜃𝜃 = polar moment of inertia of the wall with respect to indented hinge O’
α = arctan (B/H),
B = thickness of the wall,
H = height of the wall,
𝑢𝑢𝜃𝜃 = inward shift of the indented hinge O’14

𝑢𝑢𝜃𝜃 =

⎧
⎪
⎪

𝐵𝐵 1 𝐵𝐵 3 𝑘𝑘𝑛𝑛 𝐿𝐿ℎ 𝜃𝜃
−
2 12 𝑚𝑚 𝑔𝑔
4
𝑚𝑚𝑚𝑚
�
3 𝑘𝑘𝑛𝑛 𝐿𝐿ℎ 𝜃𝜃

⎨
⎪
3
⎪1 � 𝑚𝑚 𝑔𝑔 + 1 𝑓𝑓𝑚𝑚 𝐿𝐿ℎ �
⎩2 𝑓𝑓𝑚𝑚 𝐿𝐿ℎ 12 𝑚𝑚𝑚𝑚𝑘𝑘𝑛𝑛2 𝜃𝜃 2

0 < 𝜃𝜃 ≤ 𝜃𝜃𝑗𝑗𝑗𝑗

𝜃𝜃𝑗𝑗𝑗𝑗 < 𝜃𝜃 ≤ 𝜃𝜃𝑐𝑐

(2)

𝜃𝜃𝑐𝑐 < 𝜃𝜃

where:
kn = interface normal stiffness,
Lh = hinge length, coincident with the wall length if no opening is present (Lh = 1.0 m is
assumed hereinafter),
fm = masonry compressive strength.
The rotation identifying a fully-compressed base is:
𝜃𝜃𝑗𝑗𝑗𝑗 = 2

𝑚𝑚𝑚𝑚
𝑘𝑘𝑛𝑛 𝐵𝐵 2 𝐿𝐿ℎ

(3)

and the rotation identifying a cracked base under a compressive stress smaller than fm is:
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1 𝑓𝑓𝑚𝑚2 𝐿𝐿ℎ
𝜃𝜃𝑐𝑐 =
2 𝑘𝑘𝑛𝑛 𝑚𝑚𝑚𝑚

(4)

The tie axial force is defined by the following parameters: Fy = force at yield, Ht = vertical
distance between A and O (Figure 2a), χ = time-varying tie force normalized by yield force.
Additional details can be found elsewhere15.
According to this model, energy dissipation occurs only at impacts, when θ = 0, by reducing
the angular velocity by means of a coefficient of restitution16,17.
Concerning the tie force, it is considered horizontal throughout the analysis. However, the
position A of its wall anchor (Figure 2b) is updated, accounting for finite displacements.
3. ANALYSES RESULTS
A parametric analysis was carried out considering: four wall geometries obtained varying
the H / B ratio and the wall thickness (H / B = 8 and 12, B = 0.6 m and 0.9 m), six tie-rod
normalized heights Ht / H varying from 0.5 to 1. Tie rods were designed according to the forcebased procedure established by the Italian Building Code18,19, assuming the mechanical
parameters of three-leaf uncut-stone masonry therein. Once the geometry of the tie rod was
defined, only a single investigated parameter has been changed, either base joint stiffness, tierod prestress force or steel yield strength.
The analyses are performed using 40 recorded accelerograms consistent with the seismicity
of L’Aquila, Southern Italy, for a ground type C according to Eurocode 820 and a 500 years
return period, approximately corresponding to life safety limit state of ordinary buildings19. The
records are applied with positive and negative polarity to account for the asymmetric boundary
conditions.
3.1.Influence of the interface normal stiffness
As mentioned above, the model proposed in this study adopts a deformable interface at the
wall base, following recent research by Costa et al.13 and Mehrotra and DeJong 14. In the
analyses, interface normal stiffness kn = En / tn, where En is the interface Young’s modulus and
tn is the interface thickness, was set equal to 6 MPa/mm, which is the largest value investigated
by Costa et al.13. This value is still rather low because, assuming a large joint thickness of 30
mm, a Young’s modulus as low as 180 MPa is necessary to get kn = 6 MPa/mm. It is worth
mentioning that after analysing rather poor historical mortars, the lowest value of Young’s
modulus reported by Mirabile Gattia et al.21 is 232 MPa. Researches on tuff masonry reviewed
by Marotta et al.22 reported mortar elastic moduli in excess of 1500 MPa. Therefore, to
investigate the influence of parameter kn, the analyses were repeated also assuming kn equal to
0.6, 2.0, 4.0, 6.0, 75.0 and 500.0 MPa/mm.
In Figure 3a) the moment rotation law of an unrestrained wall is shown, varying the base
flexible interface stiffness kn. It is evident that for the lower figures among those investigated,
there is an evident deviation from the bilinear curve of a rigid wall, with a smoothening effect
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Figure 3. Normalized restoring moment–rotation law of a wall that is: a) unrestrained, b) restrained by a tie-rod,
varying the base flexible interface stiffness kn. Wall features: H / B = 12, B = 0.6 m, Ht / H = 0.8

Figure 4. Role of base flexible interface stiffness kn. Response in terms of the 90th percentile of normalized
maximum rotation, θmax/α, varying tie rod normalized height, Ht/H (Figure 2a), and wall geometry (a-d). Plastic
response of the tie emphasized with a letter P above the bars in the plot
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increasing with decreasing kn. If a tie-rod is introduced (Figure 3b), the role of interface
stiffness is similar but, related to the largest moment, less relevant.
The role of interface stiffness on the restrained wall response is shown in Figure 4, where it
is summarized in terms of 84th percentile of maximum normalized rotation out of the 80 time
histories. It is worth emphasizing that the size of the tie cross section area is designed according
to the code, hence varying with tie rod position along the wall height (Ht / H). The maximum
rotation increases for reduced interface stiffness, but usually very large variation in stiffness are
necessary to get a visible difference in maximum rotations.
3.2.Role of prestress force
The role of prestress force is investigated in Figure 5. In the technical literature there are no
established recommended values. For instance, Dolce et al. 23 suggest a tensile prestress in the
cross section approximately equal to 10 MPa.

Figure 5. Role of normalized prestress force, F0/Fy. Response in terms of the 90th percentile of normalized
maximum rotation, θmax/α, varying tie rod normalized height, Ht/H (Figure 2a), and wall geometry (a-d). Plastic
response of the tie emphasized with a letter P above the bars in the plot
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Podestà24 presents design examples with a prestress in the range 38-113 MPa. Lagomarsino
and Calderini25 found a prestress normalized over average yield strength in the range 0.15-0.59.
Consequently, for the parametric analysis a reasonable range 0.0-0.6 was assumed, comprizing
the lack of any prestress as well as rather large forces at wall anchor. The overall effect of
prestress force is rather small, even if a normalized prestress as large as 0.80 is assumed (not
shown for the sake of brevity). Hence, the use of large prestress forces, possibly involving
damage at wall anchor already when the intervention is carried out, is questionable.
Additionally, the field investigation of the tie rod current stress state seems to be of limited
interest.
3.3.Role of yield strength
The role of yield strength is studied in Figure 6, wherein varies according to mean and
standard deviation available in the literature26, thus assuming fy,d = μ ± 1.64σ, μ ± σ, μ, with
mean value rather close to the codified design value.

Figure 6. Role of yield strength, fy. Response in terms of the 90th percentile of normalized maximum rotation,
θmax/α, varying tie rod normalized height, Ht/H (Figure 2a), and wall geometry (a-d). Plastic response of the tie
emphasized with a letter P above the bars in the plot
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It is important to reiterate that the ties are designed according to the code procedure, hence
walls of given geometry and tie-rod position share the same tie-rod cross section, same Young’s
modulus, same prestress force, as well as all other parameters, and in the parametric analyses
only yield strength varies. Consequently, yield force and yield displacement increase with
increasing yield strength and, conversely, experienced maximum rotation reduces. All this
considered, yield strength is the most relevant parameter and influences the response, as one
could expect. Its importance is more marked for the slenderest walls, H/B = 12, for which the
response without tie rods is rather large.
4. CONCLUSIONS
Unreinforced-masonry structures frequently respond to earthquakes with local collapse
mechanisms involving separate macro-elements. This paper investigates the out-of-plane
behaviour of ordinary masonry walls restrained by an elasto-plastic tie-rod. A recentlyproposed model, capturing the dynamic behaviour of a single-degree-of-freedom monolithic
panel, has been updated to account for a masonry base flexible interface defined by compressive
strength and stiffness. The tie rod is designed according to the Commentary to the Italian
Building Code, following a force-based approach and assuming a modern steel, and the
restrained wall is excited by a set of natural records.
The numerical analyses performed have shown that the yield strength is the most relevant
parameter and influences the response. Therefore, it should be part of on-site investigations
when assessing existing structures. Large pretensioning forces should be avoided in new
interventions, in order to avert masonry damage at wall anchor. Base interface stiffness has a
limited effect on the response, hence the uncertainties related to the estimation of this parameter
are of narrow consequences. Wall anchor failures and the formation of intermediate hinge were
excluded in these analyses but need to be properly investigated in future studies.
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Abstract
The aerodynamic behaviour of different configurations of a bridge deck has been studied in a
wind tunnel. The aerodynamic forces of the scale models of each cross section have been obtained
to determine their drag, lift and moment coefficients. In order to complement the experimental
studies, a 2D numerical Computational Fluid Dynamics (CFD) simulation has also been
performed, and it could be applied to a different configurations or new continuous launching
systems for steel bridges. Several cross section during the construction stages by launching have
been modelled and compared to the experimental results. The analysis of the velocity and pressure
fields caused by each shape displays bluff body behaviour, with sharp flow separation in the
corners. These bodies have broad wakes with alternatively detaching vortices, which generate
very unsteady phenomena. This manifests as strong fluctuations of velocity and pressure and,
therefore, as an oscillation of the aerodynamic forces on the structure.
Keywords: Wind tunnel, Steel bridge construction; Reynolds-averaged Navier-Stokes (RANS)
equations; Turbulence models; Numerical simulation; Finite Volume method.
1. Introduction
Since the well-known Tacoma´s disaster in 1940, aerodynamic and aeroelastic phenomena in such
a singular and highly flexible structures have been extensively studied from both the theoretical
and experimental point of view (Scott, 2001). The wide database obtained from wind tunnel
research all over the world (Davenport, 2007) has provided the scientific community with a large,
accurate drag coefficient tables for the most common 2D sections, including several deck bridge
examples (Matsuda et al., 2001 and Ricciardelli et al., 2002). Nevertheless, not all the bridge
configurations have been studied yet, in particular engineers have not dealt with those cases in
which the construction process has more influence than other aspects, due to the complex and
evolutionary stages existing during the erection of the bridge (Astiz, 2006 and Navarro-Manso et
al., 2013).
Several especially interesting works have been published by Miyata, 2003, which strongly
recommend the application of both numerical simulation and wind tunnel experimentation for
new designs. As an example, Pindado et al., 2005, has also summarised the influence of another
system: the balanced cantilever construction method.
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Regarding the numerical simulation, the use of Finite Volume Method (Del Coz, 2006)
demonstrates innumerable advantages from both economical and practical viewpoints. In the first
place, the cost of scale model wind tunnel tests is high (ASCE, 1999) and, secondly, there is great
technical difficulty inherent in experiments, since the analysed elements are large and, in some
cases, requires the use of Boundary Layer Wind Tunnel (Cermak, 2003).
The main aim of this paper is to determine the aerodynamic forces on scale models representing
the steel cross section of launched bridges. These experiments have been carried out in the wind
tunnel EB40-oWT at University of Oviedo (Rodríguez-Lastra et al., 2013). Differences among
these results and those obtained from the literature for the elemental shapes (square and
rectangular ones) have been also pointed out. In addition, comparison of the numerical results to
experimental tests is showed and discussed. The influence of the wind blowing around a new
section corresponding to a new bridge construction system is thoroughly studied later, with the
CFD simulation (Navarro-Manso et al., 2014).
2. Cross sections of launched bridges
The cross section analysed (named “U” and “UF”) is composed of one hollow beam of 7,0 x 7,0
m. This kind of bridges are launched without the concrete slab. The upper plate remains open
during the launching of the bridge. This paper studies two open cross sections showed in Fig. 1
and compares them with closed elemental section (named “C”). One of them has not upper flanges
or these are neglectable; the other one considers the upper flanges, up to 2,3 m.

Fig. 1. Cross sections in the new method for launching bridges: (a) square cross section “C” (b)
simple deck “U” and (c) simple deck with flanges “UF”.
With respect to elemental closed sections, square (and also rectangular cylinders) have been
widely studied and tested over the last 50 years (Ozgoren, 2005, Bruno et al., 2010 and Oka et
al., 2009). The critical geometric factor is the aspect ratio, defined as b/h (where b is the width
and h is the depth or height of the section). Depending on this value drag and lift forces may vary,
as well as vortex shedding and reattachment of the flow over the surfaces (Sun, et al., 2009).
Sohankar, 1996, compiled several wind tunnel experiments throughout the world carried out with
a rectangular section (square sections are a particular case with aspect ratio of b/h = 1). Fig. 2
shows the range of variation of the drag coefficient CD and Strouhal number St at Reynolds
number Re > 103.
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Fig. 2. (a) St & (b) mean drag coefficient vs. aspect ratio: experimental data from various
authors, rectangular cylinder,  0º & Re > 103 (from Sohankar, 1996).
Cross sections analysed in this paper have 1⁄1 and 1⁄2 aspect ratio and are located closed to the
range where the CD strongly varies depending on the aspect ratio.
3. Wind tunnel experimental campaign
Wind tunnel tests have been carried out in the University of Oviedo. Next section describes the
main characteristics of the wind tunnel used, the instrumentation and the scale models.
3.1 Facilities
Fig. 3 shows the EB40-oWT wind tunnel elevation. This equipment is 14,25 m long and it is
assembled as an open configuration. The cross section of the open test chamber is 0,68 x 0,68 m.
The nominal power of the fan is 30 kW and a flow speed up to 35 m/s can be achieved. The wind
tunnel has a turbulence level about 1% at test section.

Fig. 3. Overview of the EB40-oWT wind tunnel at University of Oviedo. Dimensions in mm.
3.2 Scale models
All tests have been carried out as 2D experiment, incorporating lateral plates in order to avoid the
border effects on the results. The three scale models are 1:233, made by 3D printing (PLA). Fig.
4 shows the 3D printed scale models and the cross sections corresponding to the simple deck “U”
and “UF” mounted in the test chamber of the wind tunnel.
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(a)
(b)
Fig. 4. Scale models tested: (a) open cross section “U” and (b) open cross section with flanges
“UF”.
3.3 Instrumentation and methodology
The main instrumentation used was:
• Hot-wire sensor.
• Three load cell equipment up to 40 N, designed and fabricated by the Authors.
• Vibrometer.
• Temperature and humidity sensors, static Pitot and digital pressure scanner.
The methodology used consisted in carrying out two series of tests for every scale model. A total
set of 220 tests. Wind speed ranged from 3,40 to 35,50 m/s. At least 25600 measurements have
been recorded during each data series with a frequency of 2000 points per second. Average values
of each series have been employed in the comparison of the results. The measurement uncertainty
for the wind speed is about 0.5% and the uncertainty of the force value caused by the
instrumentation is about 0.75%.
3.3 Results
The Re range varies, depending on both the depth of the deck and the wind speed, between
1,25·104 and 1,30·105. Fig. 5 the drag and lift coefficient of the square cross section “C” with an
angle of attack of 0º. This test has been carried out with V0 within the range from 3,40 m/s to
17,70 m/s It has been used to calibrate the wind tunnel experiments; note the good agreement of
the results with all those taken from the literature.
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Fig. 5. Drag and lift coefficients for 0° angle of attack, square cross section “C”.
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Next, Fig. 6 to Fig. 8 show the results of the aerodynamic coefficients for the so called “U” cross
section and for every angle of attack tested.

1,6

1,6

1,4

1,4
1,2

1,2
0

20

40

60

80

0

100

-20

-40

-60

-80

-100

Angle of attack -α[deg]

Angle of attack +α [deg]

0,8

0,8

0,6

0,6

0,4

0,4

0,2

0,2

CL

CL

Fig. 6. Drag coefficient for positive and negative angle of attack, simple deck “U”.

0,0
-0,2

0

20

40

60

80

100

0,0
-0,2

-0,4

-0,4

-0,6

-0,6

-0,8

0

-20

-40

-60

-80

-100

-0,8
Angle of attack +α [deg]

Angle of attack -α [deg]

0,10

0,10

0,05

0,05
0,00

0,00
0

20

40

60

80

100

Cm

Cm

Fig. 7. Lift coefficient for positive and negative angle of attack, simple deck “U”.

-0,05

0

-0,10

-0,10

-0,15

-0,15

-0,20

-20

-40

-60

-80

-0,05

-0,20

Angle of attack +α [deg]

Angle of attack -α [deg]

Fig. 8. Moment coefficient for positive and negative angle of attack, simple deck “U”.

5

-100

A. Navarro, R. Espina, M.J. Suárez, E. Martínez and J.L. Suárez

Fig. 9 shows the results of the reduced amplitude vs. reduced velocity coefficients for the so called
“U” cross section and for angles of attack of 0º, +6º and -6º (usual range for many international
codes). The graphics herein presented allow the designers to predict aeroelastic phenomena, such
vortex induced vibration (VIV) and galloping.
𝑉

Reduced velocity is defined as: 𝑉𝑟 = 𝑓 0·𝐿 , being fn the structural frequency of the scale model:
𝑛

32,32 Hz.
Reduced amplitude is defined as: 𝐴𝑟 =

𝑦
𝐿

, being y the vertical displacement of the scale model.
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Fig. 9. Reduced amplitude of vibration for: a) 0°, b) +6° and c) -6° angle of attack, simple deck
“U”.
St numbers in which VIV occur are: Sta = 0,118; Stb = 0,116; Stc = 0,119.
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Fig. 10 to Fig. 12 show the results of the aerodynamic coefficients for the so called “UF” cross
section and for every angle of attack tested.
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Fig. 10. Drag coefficient for positive and negative angle of attack, simple deck with flanges
“UF”.
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“UF”.
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Fig. 13 shows the results of the reduced amplitude vs. reduced velocity coefficients for the so
called “UF” cross section and for angles of attack of 0º, +6º and -6º (usual range for many
international codes). The graphics herein presented allow the designers to predict aeroelastic
phenomena, such vortex induced vibration (VIV) and galloping.
𝑉

Reduced velocity is defined as: 𝑉𝑟 = 𝑓 0·𝐿 , being fn the structural frequency of the scale model:
𝑛

31,25 Hz.
Reduced amplitude is defined as: 𝐴𝑟 =

𝑦
𝐿

, being y vertical displacement of the scale model.
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Fig. 13. Amplitude of vibration for: a) 0°, b) +6° and c) -6° angle of attack, simple deck with
flanges “UF”.
St numbers in which VIV occur are: Sta = 0,120; Stb = 0,120; Stc = 0,119.
4. CFD numerical models’ validation
With the aim to compare the numerical analysis with the experimental data presented in previous
chapter, and to further extend the study to the new construction system, 2D CFD models have
been made at 1/100 scale. The numerical simulation has been carried out with a commercial code,
FLUENT v14. This code has been used to solve the RANS equations for an incompressible flow
with Finite Volume Method. As the phenomenon has a strong tendency towards vortex separation,
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an unsteady calculation has been performed to take into account this characteristic. The main
characteristics of the CFD model - i.e. domain and mesh (Braun et al., 2007), turbulence model
(Sohankar, 1996, Hansen, 2007, Dutta et al., 2007, 2008 and Lew et al. 2001), boundary
conditions and solution parameters (Fletcher, 2001, Hirsch, 2007, Ferziger et al., 2001 and
Blazek, 2006), convergence aspects and computational time - can be reached at Navarro-Manso
et al., 2014.
Based on the results presented in next chapter (Table 1), the agreement between the experimental
and numerical simulation is fairly good taking into account the experimental uncertainty and the
differences found between the numerical simulation and the literature, and the turbulence model
study. There is only a variance of 2,25% in the CD value of the simple deck “U”.
5. CFD analysis of the new system for launched bridges
In previous chapters some cross sections of launched bridges have been tested in the wind tunnel.
The validated CFD model is going to be applied to a new bridge launching system for steel bridges
up to 150 m long span, which does not relay in using any auxiliary means. The procedure, shown
in Fig. 14, is a patented construction process for erecting bridges named New Method and System
for Launching Structures (DCNBLS) (Fresno et al., 2012). The self-supporting double deck
modifies the cross section that must be launched. This fact may have an influence in the
aerodynamic behaviour depending on the aspect ratio of the cross section. The cantilever during
the most problematic construction phase is supported by lying the segments corresponding to the
lateral span of the bridge over the main deck; thus the effective joint between the upper and lower
segments allows the structure to develop a shear mechanism in order to resist the high forces in
the first two spans of the bridge, which are even greater than the serviceability ones. Fig. 15 shows
the schematic cross section modelled.

Launching
direction
150 m long span
“Double deck”

Fig. 14. Scheme of the new bridge launching system, DCNLBS.
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c)

a)
b)

Fig. 15. Cross sections in the new method for launched bridges: (a) rectangular cross section (½
aspect ratio) “R” (b) double deck “U2” and (c) final deck with upper slab “S”.
5.1. Analysis of the average coefficients and amplitudes
Table 1 shows the main CFD results. Average drag and lift coefficients have been found for both
simple and double deck cross sections of the new bridge launching system. Also, the amplitude
and the frequency of the oscillatory behaviour are included. As a reference the values
corresponding to the elemental shapes (square “C” and rectangular “R” with ½ aspect ratio) and
the final deck section are also pointed out.
Table 1. CFD results, Re=9,25 ´ 104 for “U”, Re=1,85  105 for “U2”.
Cross section
Average
Amplitude
St
CD
CL
CD
CL
Simple deck “U”
1,905
0,016
0,085
3,053
0,132
Double deck “U2”
2,385
0,001
0,375
2,168
0,151
Final deck (upper slab) “S” 1,335
3,191
0.009
0,061
0,102
Square “C”
1,927
0,001
0,053
3,179
0,133
Rectangular “R”
2,389
0,002
0,373
2,155
0,151
Final deck section “S” that has been included in this table has been taken from Sarwar et al., 2008,
as an example of a well-known case.
5.2 Simple and double deck flow fields
The velocity field (a), streamlines (b), the pressure coefficient CP (c) and the turbulent intensity
(d) have been depicted at time step corresponding to the mean value of CL, in Figures 16 and 17:
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(b)

(a)

(c)
(d)
Fig. 16. Numerical contour lines V0 = 20 m/s for the simple deck section “U”.

(a)

(b)

(d)
(c)
Fig. 17. Numerical contour lines V0 = 20 m/s for the double deck section “U2”.
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7. Conclusions
Cross section of launched bridges has been tested in a wind tunnel. These kinds of cross sections
have not been thoroughly studied yet. Aeroelastic instabilities can be predicted, showing the
different behaviour of the final deck (with upper slab) from the construction stages one.,
Furthermore, computational procedure has been developed based on CFD analysis and validated
with experimental tests carried out in a wind tunnel, for modelling and simulating the air flow
around the cross section of a new bridge launching system for steel bridge construction. The main
conclusions are detailed next:
- The single box cross section “U”, open in its upper plate during the construction, undergoes
lower drag than the elemental square shape. The oscillating behaviour of the vortex shedding is
different during a half of a cycle, and the dimensions and form of the upper flange will play a
significant role in the aerodynamic flow.
- Regarding the double box section “U2”, the drag is practically identical to the case of the
rectangular shape. The open form of the section has no influence on the behaviour of the deck
when the aspect ratio is ½ or lower.
- The increase of the CD from the simple section to the double one is in agreement with the values
found in the literature for the elemental shapes, i.e. square and rectangular shapes.
- According to the numerical analysis shown, static wind forces do not vary enough from one case
to another. So the new construction system described does not modify the static design of the
bridge. Nevertheless, the aerodynamic oscillations are quite different, especially in the simple box
section, with the upper plate open. This may have a significant influence on the aeroelastic
behaviour in such a slender cantilever (steel section with 150 m long span): the aeroelastic
instability of galloping may occur before the cross section of the bridge is finished and vortex
induced vibration (VIV) has been detected.
-VIV should be appear at Vr = 8, with slight differences depending on the dimension of the upper
flange.
- Galloping could be occur (taking into account the quasi-steady Den Hartog criterion) at different
angle of attack from the closed cross section, being potentially unstable for every angle of attack
in the negative range.
- Once the bridge construction is over, a change in the oscillation behaviour occurs, since the
vortex shedding is less pronounced than in the other construction stages and wake flutter
phenomena begin to appear. No vortices along the Von Kármán street nor high intensity turbulent
zones can be detected.
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Summary. In the last years, several catastrophic tsunami events have engaged scientific
awareness to the vulnerability of Italian coastal masonry buildings subjected to tsunami loads.
In particular, this paper aims to deepen the knowledge on the behaviour of Italian coastal
masonry buildings in the case of tsunami loads.
Building models are generated with a large scale approach assuming different building
classes based on national census databases of the “National Institute of Statistics” (ISTAT)
and from further more refined databases mainly acquired during post-earthquake surveys by
civil protection and other agencies. Different parameters are used to categorise building
classes such as number of storeys and age of construction to differentiate structures designed
for gravitational or seismic loads. Random geometrical and mechanical properties of
buildings are handled by means of a Monte Carlo analysis for each identified building class.

S. Belliazzi, G. P. Lignola and A. Prota.

In particular, five different masonry types are considered according to Italian database
“Gruppo Nazionale per la Difesa dai Terremoti – GNDT” such as weak masonry, masonry
with high mechanical performance, hollow clay bricks, cored clay bricks, solid clay bricks.
For geometrical proprieties, several parameters are considered in the Monte Carlo analysis
such as height, length and thickness of masonry walls, number of storeys, different
connections between walls and percentage of openings on walls.
Several international building codes are considered for modelling tsunami actions on
structures such as ASCE 7-161, FEMA P-6462 and Japanese guideline3 and the last one is the
most appropriate for a large scale analysis characterized by a reduced knowledge level.
Activation of local mechanisms is investigated accounting for the great variability of
masonry structures4; shear and flexural failure modes are analysed as principal in-plane
mechanisms, while horizontal and vertical bending mechanisms are considered as out-ofplane failure modes. Masonry walls are modelled like frame elements and linear behaviour of
material is considered in the analysis.
Preliminarily, analysis results gave important information about vulnerability of masonry
buildings against tsunami loads; in particular, geometrical and mechanical parameters that
activate a specific local mechanism can be retrieved. This is a basic step to provide
vulnerability information on masonry Italian coastal buildings at a regional scale level.
1 INTRODUCTION
Vulnerability of buildings under tsunami loads is a new interesting research topic due to
recent catastrophic tsunami events in the world and structural design is complicated due to all
uncertainty in the modelling.
In post event surveys, masonry buildings showed high vulnerability against tsunami loads
in Sumatra region (2004) due to local collapse mechanisms activation such in-plane and outof-plane.
The main aim of this research project is to deepen the behaviour of Italian coastal
residential buildings under tsunami loads and, in particular, activation of local mechanisms in
masonry walls. Several structural analyses have been performed considering building models
generated by means of a large-scale approach.
Monte Carlo analyses have been performed in order to simulate the behaviour of Italian
masonry buildings based on census database or from further more refined databases mainly
acquired during post-earthquake surveys by civil protection and other agencies. In addition, a
large bibliographical research has been done on historical codes and empirical design
formulas in order to simulate the design criteria evolution over the years.
In structural analysis, tsunami loads are modelled considering Japanese guidelines
coherently with the low knowledge level achieved and large scale approach adopted. As
preliminary method, masonry walls are modelled like as frame elements and linear behaviour
of material is considered in the analyses. Horizontal and vertical bending mechanisms are
considered as principal out-of-plane failure modes.
Sensitivity analysis permits to obtain important information about the principal geometrical
and mechanical parameters that influence the behaviour of masonry walls under tsunami loads
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and it is a basic step to deepen vulnerability of Italian masonry buildings under tsunami loads
and to design retrofit5,6 strategies in areas characterized by a high tsunami risk.
2

DATA COLLECTION

Several parameters of masonry buildings are analysed to generate different populations of
masonry buildings and to simulate the behaviour of Italian masonry structures.
General information about buildings are retrieved from census databases of the “National
Institute of Statistics” (ISTAT) such as number of storeys and construction periods and from
further more refined databases mainly acquired during post-earthquake surveys by civil
protection and other agencies.
In particular, a normal distribution with a mean µ and standard deviation σ is considered
for several parameters of masonry buildings, according to “Gruppo Nazionale per la Difesa
dai Terremoti” (GNDT) database. Information in terms of material proprieties (specific
weight γM), external loads (generic floor loads Wi and flat roof loads Wc) and elements
geometry (inter-storey heights hp) are defined for five different masonry substrates: Poor
stone, Tuff stone, Hollow clay brick, Clay brick, Full clay brick.
Random variables with constant distribution are assumed for parameters without
distribution information such as walls length, compression stress limits and areal ratio of
openings on exterior frame; every parameter is defined in a specific range based on code limit
or usual practise.
Construction periods are important factors for the correct definition of the structural
features of the analysed residential buildings related to the historical modification of building
codes and seismic maps.
Empirical design formulas derived by Rondelet7, Curioni8, Muller9, etc. are used to
simulate building design dating to the mid-nineteenth century. Historical codes for
gravitational and seismic loads have been also consulted, such as Law n. 219 of 198110,
Ministerial Decree of 16 November 199611 and Building Code NTC 200812.
The structural models are generated with the software Mathworks Matlab and merged in
two building classes depending on gravitational or seismic loads design.
3

ANALYSIS OF EXISTING BUILDINGS UNDER TSUNAMI LOADS

3.1 Existing building codes
The modelling of the wave impact on buildings is complex due to the high degree of
uncertainties in the tsunami characterization inland. In the scientific literature the principal
codes and guidelines for modelling tsunami forces on structures are developed in U.S.A. and
Japan:
 ASCE 7-161 (American Society of Civil Engineering: Minimum Design Loads for
Buildings and Other Structures) it is the most recent design code for tsunami forces;
 FEMA P-6462 (Federal Emergency Management Agency: Guidelines for Design of
Structures for Vertical Evacuation from Tsunamis);
 SDRTEB3 (Structural Design Requirements for Tsunami Evacuation Buildings).
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In the first two documents developed in the U.S.A., several scenarios and forces such as
hydrostatic, hydrodynamic and debris impact forces define the tsunami loads. Every force
depends on several parameters (e.g., inundation depth, flow velocity and maximum
momentum flux) characterized by high variability in hazard maps, numerical simulations and
simplified equations.
The third document is a Japanese guideline that allows to model tsunami effects on
structures adopting only one equivalent hydrostatic load (Figure 1) that indirectly includes the
effect of hydrostatic and hydrodynamic loads. The fictitious design inundation depth hmax is
assumed equal to the expected inundation depth amplified by a coefficient η depending on
availability of specific tsunami energy dissipation structures, namely seawalls; the coefficient
η is variable between 1.5 and 3.0.
𝑞𝑞𝑚𝑚𝑚𝑚𝑚𝑚 = 𝜌𝜌 𝑔𝑔 ℎ𝑚𝑚𝑚𝑚𝑚𝑚 = 𝜌𝜌 𝑔𝑔 (𝜂𝜂 𝒉𝒉)

(1)

Where ρ is the water density and g the gravitational acceleration constant.

Figure 1: Design tsunami pressure distribution

In oder to apply the Japanese approach on Italian coastal masonry buildings, the parameter

η assumes its maximum value due to the absence of any tsunami energy dissipation

structures.
Therefore, the tsunami force depends on only one parameter according to the Japanese
approach and the inundation depth can be obtained by numerical simulations or hazard maps.
It is clearly that a high knowledge level is requested to apply the USA codes, while
Japanese guideline allows to model tsunami effects on structures by means of the inundation
depth only. Coherently with the goals of the research project, the Japanese guideline approach
is used due to the regional scale approach needed and the low knowledge level achieved.
3.2 Structural modelling and analysis
After the geometrical model generation, a wall between two orthogonal walls is considered
to study the out-of-plane mechanisms in terms of horizontal and vertical bending mechanisms
(Figure 2). The activation of the local mechanism occurs when the maximum external stress,
in terms of bending moment or axial load, reaches the corresponding cross section capacity.
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Figure 2: Horizontal (a) and vertical (b) out-of-plane local mechanisms

The masonry wall has been modelled by means of frame elements due to regional scale
approach adopted; it is a simplified assumption according to a safety criterion due to the
actual bidimensional behaviour of masonry walls.
Linear analyses are performed considering a simply supported beam with a triangular or
trapezoidal load pattern described by a variable inundation depth and a constant slope,
according to the Japanese approach as a static model. The frame length is equal to the
interstorey height Hi. The external loads are increased to reach the activation of a local
mechanism by means of the inundation depth. The load condition is characterised by a
triangular or trapezoidal pressure distribution, depending on the relationship between the
maximum inundation depth and wall height.
4

PARAMETRIC ANALYSIS

Several sensitivity analyses are performed based on Monte Carlo analysis results in order
to deepen geometrical and mechanical parameters that activate a specific local mechanism.
The out-of-plane mechanisms can be studied extrapolating a single wall from the generated
structure and all the parameters that characterize the external load and cross section capacity
depends on geometrical and mechanical parameters of the analysed wall.
The activation of the vertical out-of-plane mechanism occurs when maximum external
bending moment equals the cross section capacity Mr; the maximum external stress equation
is simple to derive due to the static model considered (Figure 3) depending on triangular
(Ms,1) or trapezoidal (Ms,2) load pattern.

Figure 3: Vertical bending mechanism: static models adopting triangular (a) and trapezoidal (b) load pattern
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Where α is the wall openings ratio, s is the wall thickens, Hi is the interstorey height, h is
the inundation depth expected and L is the wall length.
The density of water ρ assumes that the tsunami flows consist of a mixture of sediment and
seawater as reported in FEMA P-6462.
In addition, an additional concentrated load Nm is considered on the top of the wall for
modelling self-weight and the effect of other storey weights.
The horizontal out-of-plane mechanism is based on the equality between the external axial
load Ns and the capacity of cross section Nr due to the arch mechanism activation. The
external stress is evaluated considering the static model reported in Figure 4.
𝑁𝑁𝑟𝑟 = 𝜎𝜎𝑚𝑚
𝑁𝑁𝑠𝑠 =

𝑠𝑠
𝐻𝐻
2 𝑖𝑖

𝑀𝑀𝑠𝑠 𝑞𝑞𝑚𝑚𝑚𝑚𝑚𝑚 𝐿𝐿2
=
𝑓𝑓
8 𝑓𝑓

(6)
(7)

Where σm is the ultimate compression stress of masonry and f is the distance between Nr
and Ns in the section analysis. The parameter f is variable between s/4 and s/2 in order to
consider walls design for gravitational or seismic loads and take into account joint degree
between structural walls.
The critical inundation depths that activate the local mechanisms are evaluated equating
the external stress equation with the capacity of the cross section.
It is important to note that in the horizontal bending moment, the external distributed load
is evaluated by the ratio between the wall load pattern resultant R and the interstorey height
Hi. This assumption is necessary because the tsunami forces are superficial forces and
considering local water pressure, qmax, is excessively conservative.

Figure 4: Horizontal bending mechanism static models (a) and relative cross section arch mechanism (b)
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4.1 Vertical bending mechanism
Several analyses have been performed considering previous equations with mean values of
each parameters except wall length L and wall thickness s for which the minimum and
maximum values were considered.
Two different charts have been derived in order to compare the behaviour of gravitational
and seismic buildings against activation of vertical bending mechanism.
In each chart, four curves represents the external stress behaviour (Ns, Ms) and capacity of
cross section (Nr, Mr) for minimum and maximum value of investigated parameter.
In Figure 5 is shown the influence of wall length L on activation of vertical bending
mechanism, in particular the critical point is defined by intersection between external stress
and cross section capacity for a specific masonry type. In this chart it is possible to appreciate
how gravitational buildings exhibit a better behaviour under tsunami loads due to a greater
mean thickness value than seismic buildings.

Figure 5: Vertical bending mechanism sensitivity to wall length L

Figure 6: Vertical bending mechanism sensitivity to wall thickness s
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In Figure 6, the external stress is described by only one curve because the equation is not
influenced by investigated parameter.
Comparing the charts, wall thickness exhibits a huge influence on cross section capacity
while the wall length influences the external stress. The wall length L is the principal
parameter that describes the external stress because tsunami forces are superficial forces
depending on exposed surface. Gravitational buildings are designed by means of empirical
equations depending on geometric parameters, therefore tall masonry structures require
greater thickness wall and gravitational buildings with tuff stone exhibit the best cross section
capacity.
4.2 Horizontal bending mechanism
Similarly to vertical bending mechanism charts, several parametric analyses have been
performed in order to deepen the influence of wall length L and wall thickness s on horizontal
bending mechanism activation.

Figure 7: Horizontal bending mechanism sensitivity to wall length L
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Figure 8: Horizontal bending mechanism sensitivity to wall thickness s

Comparing the charts in Figure 7 and Figure 8 in terms of external axial load, the influence
of wall length L is more marked than of wall thickness s, while the axial load capacity of wall
cross section has a huge influence depending on wall thickness s similarly to vertical bending
mechanisms. Seismic designed buildings exhibit a behaviour better than gravitational
buildings due to a greater joint degree between walls.
It is important to note that in general, the charts between activation of vertical and
horizontal bending mechanisms are not comparable because vertical bending mechanisms
charts are expressed in terms of bending moment while horizontal bending mechanisms charts
depend on axial load.
5

CONCLUSIONS

The main aim of this research project is to deepen the behaviour of Italian coastal
residential buildings under tsunami loads and, in particular, the activation of local
mechanisms in masonry walls. Several structural analyses have been performed considering
building models generated by means of a large scale approach.
Monte Carlo analyses have been performed in order to simulate the behaviour of Italian
masonry buildings based on national census database “National Institute of Statistics”
(ISTAT) and from “Gruppo Nazionale per la Difesa dai Terremoti” (GNDT) database
acquired during post-earthquake surveys by civil protection and other agencies. A large
bibliographical research has been done on historical codes and empirical design formulas in
order to simulate the design criteria evolution over the years.
In structural analysis, tsunami loads are modelled considering Japanese guidelines
coherently with low knowledge level achieved and large scale approach adopted. As
preliminary method, masonry walls are modelled like as frame elements and linear behaviour
of material is considered in the analyses. Horizontal and vertical bending mechanisms are
considered as the principal out-of-plane failure modes.
Several sensitivity analyses have been performed in order to obtain important information
about the principal geometrical parameters that influence the behaviour of masonry walls
under tsunami loads; in particular the wall length L has a huge influence on the external stress
while wall the thickness s influences mainly the cross section capacity for both horizontal and
vertical bending mechanisms. Furthermore, gravitational buildings are more vulnerable to
horizontal bending mechanisms while seismic buildings are more sensible to vertical bending
mechanisms.
Future works can improve the data of existing buildings in order to decrease the
uncertainty on design criteria evolution. In addition, advanced wall modelling can take into
account shell elements in order to deepen the masonry wall behaviour.
In-plane local mechanisms can be analysed and parametric analysis can be performed to
analyse critical geometrical wall parameters that influence the activation of other local
mechanisms.
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This research topic represents a basic step to deepen vulnerability of Italian masonry
buildings under tsunami loads and to design retrofit13 systems in areas characterized by a high
tsunami risk.
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Summary. The general aim of the paper is to present an integrated approach to assess the
seismic vulnerability and energy performance of existing building. A specific algorithm for the
integrated assessment at the urban scale is proposed, by considering seismic and energy
vulnerability, which are then properly combined in order to provide a final assessment able to
highlight the criticality levels.
The method is addressed at the territorial scale, where it is often required to manage large
set of buildings and it is not rationale - or even possible - to perform detailed investigations and
numerical modeling. For this reason, the procedures are developed basing on poor data
collected by existing archives such as historical maps, technical documentation, and
supplemented by quick visual inspections and surveys.
The first step of the procedure is the calculation of a seismic and an energy vulnerability
index for each building. This is made by a suitable procedure in which, for each of the two
aspects, a proper set of “characteristic” parameters able to represent the features of the building
performance is selected and appraised for each building (i.e. relevant geometrical, morphotypological, constructive and structural data). The two indices obtained – seismic and energetic
- are normalized in order to be immediately comparable and the integrated assessment is
obtained by combining them through proper weighing factors: the result is an integrated index
for each building.
The approach has been applied to a case study in Puglia, Italy: the neighborhood “Borgo
Croci” in the historical center of Foggia. Preliminarily, a collection of the available information
has been performed, supplemented by quick surveys. Then, seismic and energy indicators for
each building have been processed and finally combined into a unique index by means of the
proposed algorithm.
The application of the method has shown that, basing on poor data, it is possible to obtain
an index representative of critical issues of a large number of existing buildings with a limited
use of resources and time.

G. Uva, V. Leggieri, F. Iannone and S. Casolo

1 INTRODUCTION
The socio-economic impact of the last seismic events in the world, on the one hand, and the
short-term objectives for 2020 and more long-term ambitious target for 2050 imposed by
European Union for the redaction of energy consumption and CO2 emissions1, have made the
structural safety end energy performance two of the most important aspects of design,
management and maintenance of existing building stock2.
In the Italian context, large part of territory is characterized by a relevant seismic hazard and
a high vulnerability of the existing building stock3. Furthermore, dwellings are responsible of
about 60% of the total energy demand of the construction sector in particular for space heating,
cooling and hot water4. The mitigation of seismic risk and the reduction of energy consumption
are achievable through a refurbishment of existing building stock in order to have appropriate
performance levels.
Considering that more than 70% of the existing real estate was designed without following
any regulatory seismic and energy requirement5 and that there is an urgent need to refurbish it
providing appropriate performance levels, the definition of suitable assessment methods able to
perform analyses with a use of limited resources and time is strongly required27,28,29.
The scientific literature, the current professional practise and technical codes6 provide wellestablished methods of analyses to assess seismic vulnerability and energy performance at the
scale of a single building in a separate way that requires a huge amount of detailed data and
involve important computational charge. This type of procedures is not suitable at the urban
scale, where one must deal with a large number of buildings and it is difficult or often
impossible to finding extensive and reliable information. For this reason, a simplified procedure
implementable in a rapid way on the bases of poor data is needed.
Regarding simplified methods to assess seismic vulnerability at the urban scale, there are
several consolidate and widely used procedures7,8,9,10,26, but it is not the same for the energy
performance assessment, for which only in recent years Urban Building Energy Models have
proposed 11,12,13, even if not with regard to combined evaluation of these two aspects that is a
new topic in the current scientific debate14,15.
In this framework, the general aim of this paper is to propose a simplified integrated
approach to the seismic vulnerability and energy performance assessment of existing buildings
at the urban scale. In particular, a specific algorithm for an integrated assessment is proposed.
Seismic vulnerability and energy performance are evaluated separately by use of two
simplified methods, the results of the indicators are then properly combined through appropriate
coefficients in order to provide a rapid screening of buildings at urban scale able to highlight
the criticality levels on the bases of which to plan intervention and to calibrate the resource.
This approach has been applied to several buildings of “Borgo Croci”, a neighborhood in
the historic centre of Foggia, through a preliminary collection of available information, quick
surveys and subsequent analysis and elaboration of seismic vulnerability and energy
performance indicators, finally combined in a unique index for each building, which allow to
highlight in a synthetic way criticalities and issues of the existing building stock.
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2

DESCRIPTION OF THE METHODOLOGY

The simplified integrated assessment of seismic vulnerability and energy performance
proposed is developed in three phases:
1. Rapid data collection about typological, geometrical, morphological characteristics of the
buildings;
2. Calculation of the Seismic Vulnerability index IVS and of the energy performance index
IVE for each building;
3. Calculation of the Integrated index II through the combination of the indices previously
determined.
2.1 Data Collection
The procedures used to evaluate seismic vulnerability and energy performance can be
implemented on the base a few relevant data related to each building.
Methods used for seismic vulnerability assessment7 include, as a first step, a phase of data
gathering carried out with compilation of rapid survey forms. The information collected
concerns general data (geographic localization, age of construction, maintenance state,
interventions); geometrical, morpho-typological, constructive and structural characteristics.
The same information is useful for the implementation of the procedure to assess energy
performance of buildings, with the only addition of the climatic characteristics of the site and
data regarding the geometrical and thermophysical characteristics of envelope components.
Such information is derived from preliminary survey procedure, rapid in-situ survey,
photographic survey, analysis of available technical documentation supplemented with
information found in the literature, extrapolated by technical regulations or in some cases
assuming the values that are plausible with the age of construction of the buildings.
2.2 Seismic vulnerability and energy performance assessment
The seismic vulnerability and energy performance are evaluated for each building using
separate procedures to obtain two different indices: respectively, IVS that is the index of seismic
vulnerability and IVE that is the index of energy performance.
The IVS index is calculated through the algorithm proposed in the research project
ANTAEUS7, which consider some simple parameters that summarize the performance
characteristics of the buildings depending on the structural typology (masonry or reinforced
concrete structure) and based on relevant morpho-typological, constructive and structural data.
To each of these parameters it is assigned a class of vulnerability (A, B, C, D from the highest
to the lowest), and a corresponding numerical score pi is assigned to each parameter. The
vulnerability index IVS is calculated by normalizing the weighted sum of the scores obtained:
11

𝐼𝑉𝑆 = ∑
1=1

∑ 𝑤𝑖 𝑝𝑖
𝑤𝑖 𝑝𝑖
=
𝑤𝑖 𝑝𝑖,𝑚𝑎𝑥 326,25

(1)

where pi,max is the score corresponding to class D, which represents the lowest vulnerability. In
this way, it is obtained a value of IVS normalized between 0 (minimum seismic vulnerability)
and 1 (maximum seismic vulnerability).
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The IVE index can be calculated using two different procedures: “Direct”, in which the input
data are the characteristics of the building envelope and the plant system; “Reverse”, in which
the input data are the energy consumptions16.
The choice between those two procedures depends on available data. In the present study,
because of the difficulty in finding reliable consumption data (due to privacy concerns) and the
possibility to use the same information collected for seismic vulnerability assessment, a direct
method is used, based on the thermophysical and energy characterization of the building
envelope, through calculation of the heat loss in term of power caused by transmission through
building envelope and by ventilation, neglecting plant systems17,18. This procedure has been
implemented for the calculation of the heat loss of the actual building (ΦAB) and the heat loss
of the “Reference Building”, defined as a building identical to the real one as for geometry,
orientation and climatic conditions, but with a building envelope characterized by minimum
performance standards according to the standard code19 (ΦRB).
The assessment of the energy performance at the urban scale is aimed at giving a first rapid
screening of state of building stock, then, it is plausible to use a simplified method to estimate
the heat loss.
The available data allow to define each building as a simple volume and calculate the direct
losses through envelope and the losses by ventilation. It is possible to use a calculation in
accordance with technical code20,21. The heat loss caused by transmission through building
envelope and by ventilation calculated as follows:
𝛷𝑖 = 𝛷𝑇,𝑖 + 𝛷𝑉,𝑖

[𝑊]

(2)

Where ΦT,i and ΦT,v is respectively heat loss respectively by transmission through building
envelope and by ventilation
𝛷𝑇,𝑖 = ( 𝐻𝑇,𝑖𝑒 + 𝐻𝑇,𝑖𝑢𝑒 + 𝐻𝑇,𝑖𝑔 + 𝐻𝑇,𝑖𝑗 ) ∗ ( 𝜃𝑖𝑛𝑡,𝑖 – 𝜃𝑒 )

[𝑊]

(3)

HT,ie is the heat transfer coefficient from heated space to outdoor space, HT,ig heat transfer
coefficient towards the ground. θint,i is the design internal temperature and θe the design external
temperature.
Subsequently, it is necessary to normalise this result between 0 and 1 in order to make the
IVE index directly comparable with IVS index.
The energy vulnerability index IVE proposed by the authors is the following:
𝐼𝑉𝐸 = 1 −

𝛷𝐴𝐵
𝛷𝑅𝐵

(4)

It allows to obtain an IVE value in the range [0;1] (assuming the value 0 in case of IVE < 0).
The energy vulnerability index IVE is a relative value for which 0 corresponds to a minimum
vulnerability and 1 corresponds to a maximum vulnerability, coherent whit the value of IVS
2.3 Integrated assessment
IVS and IVE are uniquely determined for each building and can be suitable combined to
obtain a synthetic parameter defined “Integrated Evaluation Index” Ii that may express, in a
synthetic manner and in relative terms, the presence of performance criticalities within a
homogeneous sample of buildings.
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The integrated assessment is obtained by introducing correcting factors to consider different
variables that define the performance level. These factors depend on the type of evaluation and
on the purpose of the analysis, they may have “tangible” or “intangible” character and may be
connected to numerous evaluation filters, among which:
‐
maintenance level and degradation, generally connected to the construction period;
‐
exposure to hazardous agents and user profile, relating to the importance of the
building;
‐
feasibility of the intervention for improvement or adoption to current standards.
In the proposed method, we take into consideration the degree of difficulty and level of
invasiveness on the building related to the interventions for mitigation of seismic and energy
vulnerability through a “Capacity of intervention Index” ic:
‐
the structural intervention for the mitigation of the seismic vulnerability, in most cases,
are characterized by higher constrains; consequently, the value of ic assigned to IVS is
ic,S = 0.6;
‐
the energy retrofit to reduce the consumption and mitigate vulnerabilities, in most cases
is characterized by lower constrains; consequently, the value of ic assigned to IVS is ic,E
= 0.4;
The final “Integrated Evaluation Index” Ii is determined as follows:
𝐼𝐼 = √𝑖𝑖,𝑆 (𝐼𝑉𝑆 )2 + 𝑖𝑖,𝐸 (𝐼𝑉𝐸 )2

3

(5)

APPLICATION TO THE CASE STUDY

3.1 Application context
Foggia is a city located in the north of Puglia with a population of about 150.000 people.
The first seismic classification of the city dates back to 1981, according to which it belongs
to seismic zone 2, defined as zone in which strong earthquakes can occurs22. According to
currently definition of seismic hazard of the Italian territory, Foggia’s territory is characterized
by peak ground acceleration with exceeding probability of 10% in 50, included between 0.125
g and 0.150 g23.
With regard the climate classification introduced by Italian Law in 1993, Foggia belongs to
zone D, with 1530 degree days24.
The application of the integrated assessment has been carried out for sample of buildings in
Borgo Croci which is one of the most ancient neighbourhood of the historic centre of Foggia,
characterized by aggregates of buildings mainly with masonry structure (fig. 1).
More than half of the existing building stock of the municipality of Foggia was constructed
between 1919 and 1970. In particular, the age of construction of about 75% of buildings dates
back before 1980, before any seismic and energy standard was issued. Limiting the analysis to
Borgo Croci, the age of construction of more than 30% of the buildings is before 1919 (fig. 2).
Looking at the structural typology, it can be seen that the distribution in Borgo Croci is the
same of the entire municipality (fig. 3).
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Figure 1: Identification of Borgo Croci in Foggia municipality and sample of buildings analysed
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Figure 2: Buildings per age of Foggia and Borgo Croci
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Figure 3: buildings per material typology of Foggia and Borgo Croci

The sample evaluated consists of 148 masonry buildings of which 90% was realized before
1919 (fig. 4) and the number of floors is between 1 and 3.
For each building, the information derived from the forms filled in by expert technicians in
ANTAEUS project framework was available, and was supplemented with rapid in-situ survey,
available technical documentation, information found in the literature, from technical
regulation or hypothesized on the bases of the age of construction of the buildings.
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3.2 Application of the Integrated assessment and analyses of the results
The assessment of seismic vulnerability follows the procedure for masonry buildings. The
value of IVS for each building has been calculated on the basis of a few parameters (table 1)
using data collected in the forms.
Score pi
Weight wi
A B C D
1. type and organization of the resisting system 0 5 20 45
1.5
2. quality of the resisting system
0 5 25 45
0.25
3. conventional capacity
0 5 25 45
0.5
4. topographic conditions
0 5 25 45
0.5
5. floors
0 5 15 45
0.75
6. configuration in-plan
0 5 25 45
0.5
7. configuration in elevation
0 5 25 45
1.00
9. roof
0 5 15 45
1.00
10. non-structural elements
0 5 25 45
0.25
11. maintenance level
0 5 25 45
1.00
Parameters

Table 1: Vulnerability parameters, scores and weights for masonry buildings

The IVE index has been calculated using the procedure previously illustrated. The design
internal and external temperature have been extrapolated from the technical standards,
considering for the calculation the minimum temperature among the monthly average external
temperatures.
In the cases for which there is no information regarding thermophysical characteristics, the
values of heat transmittance of the different components have been extrapolated by abacuses
(available from literature or technical standard) that provide the value depending on typology
of components and age of construction of the building24,25.
The orientation of the buildings has been considered by using an exposition coefficient. The
information about the position within the aggregate has been exploited to identify the presence
of facades not in direct contact with outside environment.
For the calculation of the heat loss of the Reference Building, the same procedure has been
implemented, the value of minimum heat transmittance requirement provided by the standard
low19 has been considered.
The IVS and IVE have been than combined using an integrated assessment algorithm to obtain
the II value associated to each building. The results have shown that more than 41% of buildings
has a value of medium seismic vulnerability between 0,38 and 0,48 and only 5% of the sample
has a IVS value greater than 0,58. With regard to energy performance, about 60% of the sample
shows high values of IVE, among 0,76 and 0,86.
In the integrated assessment algorithm, ic considers the degree of difficulty and level of
invasiveness of the interventions for mitigation of seismic and energy vulnerability and tends
to give a greater weight to IVS than IVE. The result is that about 60% of buildings assuming
value of II between 0,44 and 0,64 that can be considered a class of medium “integrated
vulnerability” (fig. 5).

7

G. Uva, V. Leggieri, F. Iannone and S. Casolo

Considering the mean value of the indices by age of construction, with particular reference
to the class before 1919 (that includes 134 buildings of the sample), the mean value of IVS is
0,43. This identifies a medium seismic vulnerability. The mean value IVE is equal to 0,68 and
the consequent mean value of II is 0,50. In general, the mean value of IVS for all of the four
class of age of construction is always under 0,5 and the mean value of IVE of the four class of
age is always greater the 0,5, with a consequent mean value of II always under 0,5 (fig. 6).
distribution of the sample of buildings by age of construction
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Figure 4: distribution of the sample of buildings per age of contrustion

Figure 5: distribution of buildings per class of IVE, IVS, II
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Figure 6: mean value of IVE, IVS, II by age of construction

4

CONCLUSIONS

The simplified integrated approach proposed in the present study allows a rapid assessment
of the existing real estate at large scale and is useful to calibrate the necessary resources for
more detailed analyses, to extrapolate data of interest and to support public and private
authorities in the management and planning of interventions for existing buildings.
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The procedure, although easily and quickly implementable, require data for a huge number
of buildings, frequently very old and for which there is often no available information.
Another issue is that while seismic vulnerability analysis at the territorial scale relies on a
well-consolidated methodological framework, the same cannot be said for the evaluation of
energy performance, for which quick methods at a large scale are still under study. In fact, the
issues concerning structural seismic safety are at the centre of scientific and technical debate
from a longer time than energy efficiency for which available assessment methods requires a
detailed knowledge of the building, without which the results obtained are not reliable.
Moreover, while the reference literature models for the large-scale seismic vulnerability
assessment were calibrated on a quite large statistical database, the assessment of energy
performance in an uncertainty framework requires assumptions for which, in absence of
adequate experience, there are few tools supporting appropriate choices.
An important consideration should be made about the validation of the results of the
simplified method for the energy performance assessment and for the integrated evaluation
procedure proposed, that would require an extensive application on a large sample of buildings
and a comparison of the results obtained. Moreover, further study must be made to consider
which other variables should be considered and how they influence the combination of the
seismic vulnerability and energy performance assessment.
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Summary. The paper presents a methodology that, starting from the extraction, integration and
elaboration of data from different sources, is able to construct a geo-referenced cartographic
and descriptive database in a GIS environment and to perform the seismic vulnerability of
current residential buildings at a large scale through indirect, empirical algorithms. An
application has been developed for a case study in Puglia, Italy: the city of Bisceglie.
The starting point is represented by existing cartography and geospatial database, from
which the data about the building stock under investigation are collected, catalogued and
implemented in the GIS environment. Two level of GIS entities have been defined: “census
section” and “urban block”, to which a “standard” set of minimum data has been associated
(according to this definition, such data are by default available for almost any building in Italy).
Subsequently, the georeferenced database has been supplemented by more detailed information
extracted by “CARTIS” catalogue1, which is a database containing information about the
typological and structural features of homogenous urban districts. This catalogue has been
developed in the framework of the RELUIS project 2014-2018 and in Puglia, collects data about
13 municipalities investigated by the research unit of Politecnico di Bari-Dicatech, among
which Bisceglie. In this way, it has been possible to refine the data and to obtain more detailed
information associated to each building.
Data have been collected in alphanumeric format ad processed within the GIS environment
in 2D and 3D representation obtaining an integrated, easily accessible georeferenced database.
The format is particularly useful for the automatic implementation of vulnerability methods of
indirect type, that provide a qualitative seismic vulnerability index at different scales (a whole
urban district, an urban block, a single building). Different types of data have been processed
at different scales of analysis, and the results obtained have been compared to evaluate the
reliability of the data set and the level of approximation. Finally, the collected data and results
have been validated by using detailed information gathered on a proper sample of buildings,
which have been filed and analysed one-by one in detail. The procedure allowed to verify the
reliability of different types of data, and to perform a rapid and automatic assessment of the
seismic vulnerability at urban scale, with a low computational effort. Moreover, it has been
possible to obtain 2D and 3D elaborations that are very effective in order to provide an
immediate, meaningful “picture” of the current state of existing residential building stock.
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1 INTRODUCTION
In the last few years, the urban seismic vulnerability assessment methodologies of existing
building stock have become a central topic in ongoing researches. One of the most important
issues is to reduce the cost and time connected to the process of realization of an inventory of
building characteristics object of assessment procedures2.
Moreover, the huge amount of buildings and data necessary, requires a suitable tool able to
extract, integrate and elaborate information from different sources on the bases of which to
implement these type of procedures3,13.
The integration of data mining methodologies, GIS technology together with rapid in situ
fieldwork constitutes a suitable approach to structure the information on the bases of which
implemented easily and quickly methods for seismic vulnerability assessment at large scale4,12.
In the GIS environment, it can be possible collected several features and attributes from
different sources allowing to produce combine geospatial database of building as a graphical
unit linked to relative information5.
This process allows to implemented automatic numerical algorithms for different purposes,
such as multiple searches, visualisation of general information and results by zones,
vulnerability assessment, damage and loss estimation6.
In this framework, the author proposed a procedure to extract, integrate and elaborate data
from different available sources, that able to construct a geo-referenced cartographic and
descriptive database in a GIS environment and to perform the seismic vulnerability assessment
of current residential buildings at a large scale through indirect, empirical algorithms.
An application has been developed for a case study in Puglia, Italy: the city of Bisceglie
2 DESCRIPTION OF THE METHODOLOGY
The aim of the proposed method is to construct a georeferenced database representative of
the existing building stock using information deriving from different sources at different level
of detail on the bases of which to implement automatically indirect methods of seismic
vulnerability assessment.
GIS environment allows to curry out deeper and integrated spatial analysis at large scale
managing huge amount of information about existing building stock, as well as enabling the
rapid research and suitable visualisation of data and results7.
The procedure is structured in different phases:
Phase 1: Documentation retrieval, gathering and integration of available data from different
sources;
Phase 2: GIS implementation of data and construction of a georeferenced database
representative of the buildings object of assessment;
Phase 3: Automatic implementation of indirect method of seismic assessment on the bases
of databases and visualisation of information and results of seismic assessment in 2D and 3D
interactive maps.
2.1 Documentation retrieval and gathering data
The first phase of procedure includes a documentation retrieval and the collection of all
information useful for implementation of seismic vulnerability assessment.
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The gathering data can be curry out using different sources, for example, existing historical
cartography, site maps, aerial photogrammetric, geospatial database and building cadastral
data14,15,16.
Some of these documents and information is usually provided by the technical departments
of municipalities, but, often, web platforms are the main sources of data making available
thematic maps and information in a digital format through which it is possible to obtain a large
amount of data easy to implement and to manage directly in GIS environment.
The main dataset is represented by aggregate statistical data from ISTAT8 made available in
form of georeferenced database which contain “census variables” and relative vector file with
“census sections” (subareas of municipal territory) defined as a polygon with associated
attributes. For each census section are reported the number of buildings by following features:
‐
Structural typology (masonry, reinforced concrete, other material);
‐
Class of Age of construction (≤1919, 1919-1945, 1946-1960, 1961-1970, 1971-1980,
1981-1990, 1991-2000, 2001-2005, ≥2005);
‐
Number of floors (1, 2, 3, ≥4);
‐
Conservation status (bad, mediocre, good, excellent).
The orthophotos are raster file which contain the aerial photos of territory, their use is
fundamental to have a realistic vision of the area analysed.
The Technic Regional Cartographies (CTR 1:5000) are a vector file in which the polygons
represent the “urban blocks” of buildings with their attributes among which:
‐
Typology of construction: (civil building, tumbledown building, building under
construction, underground building);
‐
Height of each urban block;
The use of Digital Terrain Model (DTM) and Digital Surface Model (DSM) allows to have
the data relative to real eight of each building. DTM and DSM are a raster files which represent
the distribution of terrain’s elevation data respectively without and with element as building
tree and other artefacts.
Some municipalities provide cadastral maps in form of vector files, in this type of maps the
single buildings are defined with a relative polygon to which can be associated different
attributes.
2.2 GIS implementation
The management and subsequent implementation and elaboration of information is based on
GIS environment, for which it was chosen the QGis opensource geographic information system
software.
When the different georeferenced maps are imported in GIS environment often it is
necessary to correct or to add polygons and manipulating reference system to have an
approximate overlap fundamental to the integration of the data from the different sources.
The elementary object in each different file is a polygon which represents the “minimum
entity” with associated record. The fields of each record define the attributes of a minimum
entities characteristics9.
The “Minimum entity” (ME) depending on the typology of dataset considered.
For the dataset mentioned above the ME are the following:

3

G. Uva, V. Leggieri and M. Morrone

‐
ISTAT: “census section”
‐
CTR: “urban block”
‐
Cadastral building shapefile: “building”
The integration of information is curry out with subsequently association between a different
ME following a decreasing level of detail.
Subsequently, the georeferenced database can be supplemented by more detailed
information deriving from more detailed sources.
In the present work the additional detailed information deriving from “CARTIS” catalogue1,
which is a database containing information about the typological and structural features of
homogenous urban districts.
2.3 Application of seismic vulnerability assessment
For the seismic vulnerability assessment is used a simplified procedure10,11 which allows to
calculate a seismic vulnerability index for each ME defining the typological class to which each
building belongs and the factors which influenced the seismic behaviour on the basis of a
storage information in georeferenced database (e.g. age of contraction, material structural
typology, number of floors, state of maintenance, position in aggregates).
Based on the geo-referenced database created and after implementation of seismic
vulnerability assessment, an interactive 2D and 3D maps of the city are generated within a GIS
environment, which allows to visualize not only the results of seismic vulnerability assessment
but also all information that can be easy searched and implemented.
3

APPLICATION TO THE CASE STUDY

An application of the present procedure is proposed for Bisceglie which is a city located in
Puglia with population of about 60.000 inhabitants.
The municipal territory extends for about 70 km2 and its existing building stock consist of
about 5000 residential buildings of which about the 30% with masonry structure and 60% with
reinforced concrete structure, more than 50% was realized before the 1981, years of first seismic
classification of Bisceglie municipality (fig. 1).
The available dataset is composed by different typology of sources and information among
which:
‐
Historic cartography, providing by technical department of municipality;
‐
Database in csv format containing “Census variables” and relative shapefile named
“territorial bases”, made available on web platform of ISTAT (national institute of
statistic) (ISTAT-D)
‐
Technical regional cartography (CTR), shapefile available on SITpuglia web portal;
‐
Cadastral building maps (CBM), in form of shapefile, providing by technical
department of municipality;
‐
Cadastral cartography (CBA), available in Web Map Service standard (WMS) on
Italian Tax Agency web portal, constantly update by the authority;
‐
DTM and DSM, requested to National Geoportal, in form of raster file with resolution
of 2x2 m.
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A preliminary survey was made using the historic maps to analyses the time development of
urban assets and to define urban sector with same existing building typology characteristics.
Using ISTAT-D, it was possible to obtain for each census section the number of building by
age of construction, structural typology, state of conservation, and number of floors.
Starting from the analyses of the distribution of data for each census section, the attributes
obtained were associated to each Urban block of CTR map for which there is also the
information about the height of the centroid of relative polygon.
At building scale, it was possible to compare the CBM with more up-to-date CBA to verify
if there are any missing building or mistake. the use of DSM and DTM allows to obtain the real
height of each building, then, on the bases of the available attributes (in particular height and
area) it can be possible supplemented the data with more detailed information extracted by
“CARTIS” catalogue1, which contains information about the typological and structural features
of current residential building typologies in homogenous urban districts, this able also to verify
the reliability of data and information previously extrapolated by other sources (ISTA-D, CTR).

Figure 1: distribution of existing buildings of Bisceglie by age of construstion, structural typology, state of
conservation, number of floors

3.1 Application and results
On the bases of georeferenced database the seismic vulnerability assessment is curry out in
automatic way at different level of detail. The seismic vulnebility index can be calculate for
each ME, using the relative attributes.
For the scope of the present work the procedure is implemented at scale of single building.
On the bases of the information extrapoleted and integrated in the database, each building are
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categorized in a typologies class, and was considered tor each of them the attributes which have
an influence in seismic behavior in according to seismic assessment procedure used (age of
construction, height, state of conservation, position in aggregate).
The resaults are mapping in 2D form (fig. 2), and than storage in 3D georeferenced model
which became an interactive tool with relative databease easly implementable and searchable
(fig. 3).

Figure 2: gereferenced maps of seismic vulnebaility index

Figure 3: 3D tool with relate information database

3

CONCLUSIONS

The aim of the present work is the extraction, integration and elaboration of data from
different sources finalized to construction a geo-referenced cartographic and descriptive
database in a GIS environment and to curry out seismic vulnerability of current residential
building stock at a large scale.
The application of the proposed procedure has showed that it can be possible to manage
different typology of data from different sources to obtain a full information at different level
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of detail of existing buildings. Furthermore, the managing of this data allows also to verify the
reliability of different typology of information.
On the bases of such a structured georeferenced database it can be possible to lead different
types of assessment at large scale with optimisation of time and cost of analyses and allow to
plan further detailed surveys calibrating the available resource.
The lack of data and information is often a difficulty may be encountered which does not
allow to have a complete knowledge framework.
An important consideration must be made about the validation of results of seismic
vulnerability assessment which must be validated with analyses of single buildings on the bases
of more detailed data.
Furthermore, the use of GIS environment allows to create a tool connected to a relational
database easily implementable and searchable which can support the management of urban
areas, with the consequence that trough such a tool decision makers could have a global view
of the whole territory, which can lead to adequate decisions in terms of rehabilitation strategies
and risk mitigation measures.
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Summary. Brazil has a low level of seismicity compared to several other regions in the world,
however, some significant earthquakes have occurred, e.g. deep earthquakes (125-650 km
depth) with magnitude up to 7.5. In this paper, three analyses are used to define seismic inputs
in terms of accelerations in time-domain, pseudo-accelerations and peak ground accelerations:
(i) probabilistic seismic hazard analysis (ii) elastic spectrum analysis and (iii) artificial
accelerogram analysis. To carry out the probabilistic seismic hazard analysis the new
seismogenic zones for southeast Brazil established in 2018 have been used. From this new
model the data have been recalculated to show the gap between collected data and obtained data
and to make them practical. Elastic spectrum analysis is in accordance to the Brazilian code,
whereas the artificial accelerogram analysis has been developed by analytical models. The
elastic spectrum has been modified based on the results of the probabilistic seismic hazard
analysis. Then, artificial accelerations coherent to the modified and non-modified elastic
response spectra have been obtained. In this sense, a proposed model is presented. The
advantages of generating artificial accelerations can be attributable to the fact that when the
number of earthquake recordings is limited it is possible to derive time-history artificial
accelerograms, which describe the seismic context. In Brazil there is a scarcity of earthquake
records, therefore the advantage of generating artificial accelerograms is easily understandable.
An application for a typical shear building with a multi-story and multi-degree of freedom has
been analysed. Result show that the artificial acceleration obtained from the modified elastic
spectrum approximated to the probabilistic spectra provides a response in terms of displacement
with less energy.
1 INTRODUCTION
The aim of this paper is to define the seismic accelerations in a zone in the world where the
seismic actions are usually not considered due to the low intraplate stress levels. This because
structures designed without considering seismic actions, even if low, can be subject to important
damage.
It is certainly true that in Brazil the seismic activity in terms of magnitude is low (superficial
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earthquakes with magnitude ~3.0), but it is not equally true that the seismic activity in terms of
occurrence is low: considering the period 1970-2016, the frequency of the superficial
earthquakes in Brazil is about 35 earthquakes/year[9].
Also, in northern Brazil deep earthquakes (~125-650 km) with magnitude up to 7.5 happened
with a frequency, in the period 2012-2016, about 16 earthquakes/year[9].
Several papers have been published about the seismicity in Brazil[1,10,11,16], which show
geological and seismological data to provide the new seismogenic zones for the southeast
Brazil. This show an interest concerning the seismic analysis in Brazil to provide design
parameters for constructions as hydro and nuclear power plants, large bridges, concrete and
rockfill dams.
The specific guidelines in the codes are based on same methodologies in each part of the
country but, given that the geographic extension of Brazil is very large, this “uniformity” can
be misleading. In this sense, the seismic analysis must be carried out “in situ”.
In this paper the seismic inputs have been estimated through three techniques: (i)
Probabilistic Seismic Hazard Analysis (PSHA), (ii) elastic response spectra, (iii) artificial
accelerograms. To quantify the effect of the seismic inputs, an application for shear buildings
has been studied[4].
2 STRUCTURAL MODEL
The structural model is represented by a building with a n-story, n-Degree Of Freedom (nDOF) and rigid beams with respect to the columns: this model is usually called shear buildings.
The n-DOF stories are modelled as lumped masses connected by elastic springs and viscous
dampers.
To quantify the structural parameters (vibration periods, damping ratio), it is necessary to
know the system matrices. Moreover, to estimate the outputs (floor relative displacements x) it
is necessary to define the inputs (ground accelerations x ).
For each DOF, the dynamic equilibrium is expressed by the variant model in the time t as[6]:
+ℂ +

=−

(1)

where ∈ R × , ℂ ∈ R × and ∈ R × are the inertia, damping and stiffness matrices,
respectively. The identity matrix is defined by l = 1, 1, … , 1 ∈ R whereas the vector x is
defined by x = x , x , … , x
∈ R . x and x represent the first and second time derivate of x,
respectively.
Figure 1 illustrates a shear building model, with the columns fixed in the soil, by two
schemes: a beam-column complete scheme (right) and simple oscillators scheme (left).
Coefficients mj > 0 (j = 1, 2, …, n) represent the j-th lumped masses, cj > 0 denote the
damping ratios and kj > 0 denote elastic stiffnesses. In this model, mj = 250 kN, kj = 24 MN/m,
cj = 77460 kg × rad/s (with the damping ratio ξ = 5%).
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Figure 1: Shear building model by software[7]

3 SEISMIC ANALYSES
There are several seismic analyses that can be used in function of the known data and
practicality. In this paper two techniques are used. The first is the PSHA, which considers the
probability of occurrence of the earthquakes, whereas the second is the analytical analysis of
the Power Spectral Density (PSD) function coherent with elastic spectra.
Both techniques use stochastic approaches, which are of most interest for engineers. It is
possible to consider a stochastic method as a method that generates a mean ground motion
expected for a suite of earthquakes having a specific energy content.
The advantages of generating artificial accelerations can be attributable to the fact that when
the number of strong-motion recordings is limited it is possible to derive time-history artificial
accelerograms, which describe the seismic context. In Brazil there is a scarcity of earthquake
records, therefore the advantage of generating artificial accelerograms is easily understandable.
3.1 PSHA
The PSHA is based on the Cornell method[8] by using seismogenic zones where the
earthquakes are considered with an equally likely at any point. Poissonian distributions are
adopted in order to consider the events be independent of each other.
The probability that a ground motion S exceeds the ground motion level S0 in an i-th source
area is defined by:
=

! > !# |%, &, ' () (%)(, (&)(- (') .%.&.'

(2)

where fm(m) and fr(r) is the Probability Density Function (PDF) of the magnitude m and sitesource distance r, respectively. fε(ε) is the Gaussian distribution in function of the ground
motion randomness ε. λc is the average annual rate of exceedance of an event described by the
Gutenberg-Richter (G-R) trend line as:
/0( ) = 1 − 2%
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where the b-value indicates the ratio between the number of small and large events, and avalue is and the level of seismicity[2]. Mathematically, b-value is the slope and a-value is the
intercept of linear G-R relation.
For several seismogenic zones Nsz involved, the probability of exceedance is defined by:
34

=

678

! > !# = 5
9

(4)

To select the events to carry out the PSHA, the procedures of “data collection”,
“homogenization”, “declustering” and “completeness analysis” are necessary as explained in
the following steps.
- Data collection. The Brazilian historical catalogue[9] contents 1633 superficial
earthquakes in an interval from 1901-2016 year, of which only the events in the area
of longitude from -49° to -40° and latitude from -18° to -26° have been considered.
The information about the three seismogenic zones (Minas Gerais Zone = MGZ,
Coast Zone = CZ, Shelf Zone = SZ) and their coordinates are provided from the
literature [1].
- Homogenization. It consists in transforming the different types of magnitude to a
unique type of magnitude. The magnitudes are transformed in the moment magnitude
Mw by using the relations retrieved from literature[1,10,11].
- Declustering. At this step, the foreshocks and aftershocks are eliminated by using a
visual way: groups of events with the same coordinates are taken, and, considering
an interval of 30 days, the events with lower magnitude are eliminated.
- Completeness analysis. This analysis defines a period in which the events have a
more regular frequency. At the end of these four steps 100 events have been selected.
Figure 2(a) shows the earthquakes in Brazil. The PSHA is carried out in the point (44.5°±0.2° longitude; -22.5°±0.2° latitude) indicated by a yellow star.
The superficial earthquakes (black circle), from 1901 year to 2016 year, are 1633 with Mw
up to 5.7 and frequency of occurrence of ~ 15 earthquakes/year. The deep earthquakes (green
triangle), in the interval 2012-2016 year, are 64 with a Mw between 3.2-7.5 and frequency of
occurrence of ~ 16 earthquakes/year.
Figure 2(b) shows the linear equation of the two variables x (= m → Mw) and y (= log (λc))
defined by Eq. (3) for the three seismogenic zones (yellow star is placed in CZ). R2 is the Rsquared value, which indicates the fit of the line to the data.
In Figure 2 it is possible to note that the darker areas indicate a greater concentration of the
earthquake. Moreover, the greater the a-value is the higher the seismicity of the zone, whereas
when the b-value has a shallow slope, the earthquakes have reduced range of λc.
Table 1 lists the used parameters (λc, Mw,min, Mw,max, a-value, b-value) to develop the PSHA.
A comparison with the literature is shown[1]. The maximum distance of integration rmax in Eq.
(2) is 150 km.
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(a)

(b)
Figure 2: Superficial/deep earthquakes in Brazil (a); G-R trend line for the three seismogenic zones (b)

Mw,min
Mw,max
a-value
b-value
λc

MGZ
This analysis Literature[1]
2.6
4.5
6.5
7.0
3.699
3.359
1.263
1.256
1.262
?

CZ
This analysis Literature[1]
2.6
4.5
6.5
6.5
3.299
2.440
1.393
1.055
0.266
?

SZ
This analysis Literature[1]
2.7
4.5
6.5
7.5
2.794
3.219
0.993
1.134
0.935
?

Table 1: Seismogenic zones data

In MGZ, CZ and SZ, the recorded maximum magnitudes Mw,max are 4.2±0.20, 3.8±0.20 and
4.9±0.10, respectively. However, 6.5 Mw has been used in order to be consistent to the
maximum magnitude used in the attenuation equation[14].
The difference among the values in the Table 1 is mainly due to the choices made during the
four steps to develop the analysis.
3.2 Artificial accelerograms
The artificial accelerations in the t-domain are defined by[12]:
6
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(5)

where I(t) is the modulation function (assumed by a trapezoidal shape with three branches
t1, t2, t3), ωi is the circular frequency and ϕi is the random phase between 0 and 2π. GIJ is the
PSD function of the ground accelerations x obtained as[3]:
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where ωA (= 2π/TA) and ωB (= 2π/TB) are the circular frequencies at the initial and final point
of the second branch of the elastic spectrum, respectively (TA and TB are the structural periods
Ti for A and B point). The peak value of the PSD is:
># =
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(7)

where α is the dynamic amplification. β1, γ, e1, e2, e3 are factors defined by literature[3]. The
peak factor, which is the maximum probable value of the response is defined by:
Z? (A, [) = <2;E \2]? (A) ^1 − _ `ab
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where Nx(ω) is a factor defined by literature[3] and the spread factor δx(ξ) is defined as:
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1
2
[
n1 − 1&p:1E q
rs
1−[
o
e1 − [

(9)

The artificial accelerograms are obtained by the generation of the PSD functions compatible
with the elastic spectra. The used parameters are: p = 0.5; Ts = 3 s; t1 = 2 s; t2 = t1 + Ts = 5 s; t3
= 15 s; N = 1500. Ts is the duration of the stationary part of the accelerogram and p is the
probability function. Both values are necessary to define Nx(ω).
4

RESULTS

4.1 Seismic input results
To estimate five scenarios, five return periods Tr have been considered: 475, 950, 1425,
1900, 2375 years. Considering the design working life for shear buildings 50 years, these five
return periods correspond to the 10%, 5%, 3.5%, 2.5% and 2% probability of exceedance,
respectively[13].
The scenarios are shown in Figure 3(a) through the Uniform Hazard Spectrum (UHS) by
software[17], which illustrates the variation of the Pseudo-Spectra Accelerations (PSAs) vs. T at
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a constant Tr. UHS accounts the hazard contribution from large distant earthquakes and from
small nearby earthquakes coming from different zones.
Figure 3(b) shows the comparison between the UHS for Tr = 475 years, Brazilian code
spectrum NBR (TA = 0.05 s, TB = 0.24 s, Ca = 1.33, Cv = 0.80, ẍg = 0.0125 g, α = 3.32, ξ = 5%)
and modified NBR spectrum (TA = 0.01 s, TB = 0.03 s, Ca = 1.33, Cv = 0.10, ẍg = 0.0125 g, α =
3.32, ξ = 5%)[5]. Ca and Cv are two factors correlated to the soil seismic amplification. The
results refer to a rock foundation.

(a)

(b)
Figure 3: UHS curves for different Tr (a) and UHS compared to NBR (b)

The UHS curves increase with the increase of Tr, this because, in a large return period, the
presence of strong earthquakes is more probable.
Figure 4 shows the results of the disaggregation analysis by thin histograms for Peak Ground
Acceleration (PGA) and Tr = 475 years. The disaggregation analysis divides the contribution
to hazard for Mw and epicentral distance (≡ r in Eq. (2)).

Figure 4: Disaggregation analysis results for PGA

The higher hazard contribution is 26% for Mw = 2.6 and 27% at 15 km. This pair of values
provide a magnitude and epicentral distance with the higher hazard.
Finally, from the modified NBR, several artificial accelerograms have been obtained. Figure
5(a) shows the PSD function, which define the distribution of power (the maximum value of
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GIJ is equal to 5.28 × 10-9 g2/(rad/s)), whereas Fig. 5(b) shows an obtained artificial
accelerogram scaled of 5.5. The horizontal dashed lines refer to ẍg = 0.0125 g.

(a)

(b)
Figure 5: PSD (a) and artificial accelerogram (b) by software[15]

The accelerations have been scaled because the maximum artificial acceleration obtained by
the algorithm is an aleatory variable, therefore even though the response spectrum is well
transformed to an artificial accelerogram, the algorithm does not guarantee the coherence of the
maximum value[12]. Moreover, the used analytical model defines the PSD function coherent
with response spectrum, therefore the unique aspect that must be respected is the distribution
of the power as a function of the ω.
4.2 Structural results
The response of the shear building has been estimated by the non-modified and modified
elastic spectrum. In this sense, it is possible to evaluate the under- or over-estimation of the
response. The results, shown in Figure 6, are obtained by resolving numerically the Eq. (1) by
software[15].

Figure 6: Displacement of the first floor of the shear building

For both cases, the peak value is the same because correspond to the PGA whereas the sum
of the displacement values (yellow lines) is different of ~ 4 times. In this sense, the artificial
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acceleration obtained from the modified elastic spectrum approximated to the UHS provides a
response in terms of displacement with less energy.
5

CONCLUSIONS
The mains conclusions of this work are:
•
From PSHA, the seismogenic data have been estimated. With respect to the
literature[1], further data have been provided. The data show that the seismic intensity
in terms of magnitude is low (2.6-4.9 Mw), whereas in terms of seismic activity is high
(a-value between 2.4-3.6).
•
UHSs show five scenarios with peak up to 0.12g. From comparison between UHSs
and NBR it is possible to note that the NBR elastic spectrum does not evaluate well
the PSAs for Tr = 475 years. For this, a NBR modified elastic spectrum approximated
to the UHS is proposed.
•
Disaggregation analysis provides a pair magnitude/distance with a higher hazard
contribution: 26% for Mw = 2.6 and 27% at 15 km. This pair is useful to find in national
and international database real accelerograms with the same characteristics.
•
An application for shear building is carried out showing that the artificial accelerations
obtained from the modified elastic spectrum provides a total response with less energy.
In terms of displacements the difference is: ∑x(t)|NBR ≈ 4 ∑x(t)|mod. NBR.
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Summary. In the present study, mechanical tests are performed on concrete specimens
instrumented with bonded optical fiber sensors. Two test configurations are considered: the first
involves a plain cylindrical concrete specimen loaded in compression, while the other is based
on a notched prismatic fiber-reinforced concrete specimen subjected to three-points bending.
In both cases, three single mode optical fibers (OF) are bonded to the surface of the specimens
(either radially around the cylinder, or at the tensile face of the prism), using three epoxy
adhesives exhibiting different stiffness. An interrogation unit based on Rayleigh scattering is
used to obtain distributed strain profiles along the OF during the tests. The notched prism is
also equipped with LVDTs sensors that allow continuous measurement of the crack opening.
The main purpose of this study is to assess the effect of the adhesive stiffness on i) the strain
transfer mechanism from the host concrete specimen to the sensing OF, and ii) on the
ability/sensitivity of the OF sensor to monitor crack development within the concrete medium
during the tests. Analysis of the strain transfer is performed by numerical modelling and
compared to experimental data.
1 INTRODUCTION
In order to rationalize maintenance operations and ensure the safety of civil structures and
nuclear power plants, Structural Health Monitoring (SHM) remains the main focus of many
researches. The performance of the measurement chain (the sensing element, the waveguide
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and the interrogation device), the reliability of measurements and durability of the sensing
element must be evaluated before selecting the instrumentation [1]. Among the sensors
available on the market for strain measurements, distributed OF systems offers many
advantages in terms of accuracy, continuity and durability [2] [3]. Detection, localization and
measurement of cracks are important aspects directly related to the structural integrity of
existing reinforced concrete (RC) structures [4] [5]. SHM techniques based on OF sensors
allow, in addition to strain monitoring, the detection of cracks opening before they become
visible to the naked eye [6]. However, crack openings induce high stress concentration over a
very short length of the fiber intersecting the crack. This stress concentration can lead to tensile
failure of the glass core of the fiber which constitutes the sensing part of the SHM technique,
and measurements might be lost at the very beginning of crack’s opening in the monitored RC
structure. Therefore, it is crucial to optimize experimental protocols for sensor installation, in
order to achieve optimal behaviour of the sensing system in terms of accuracy and durability
before and during crack openings. More specifically, in the case of OF sensors bonded to the
surface of RC structures, strains of the host structure are transferred via the adhesive layer which
mainly deforms under shear stress [7] [8]. Consequently, the measuring sensitivity of the
bonded OF is strongly dependent on the adhesive bond characteristics.
In this study, two mechanical tests are presented: a compression test performed on a concrete
cylinder and a three-point-bending test conducted on a notched concrete prism. A single mode
OF with a primary polyimide coating is bonded to the surface of those concrete specimens using
three adhesives with different stiffness. The purpose of this study is to evaluate the effect of the
adhesive stiffness on strain diffusion towards the sensing fiber, and on the response/sensitivity
of the OF sensor to crack opening within the loaded concrete structure. A numerical approach
of the strain transfer is presented, based on the actual test configuration. Simulations are
compared with calculation from analytical formulas and validated with experimental results.
2 ANALYSIS OF THE STRAIN TRANSFER PROCESS
In the present experimental configuration (OF sensor bonded to surface of a concrete
structure) a 3 mm width/depth groove is first carved at the concrete surface using milling
machine. The OF is then introduced in the groove and sealed using an adequate adhesive. Figure
1 displays the geometry of the adhesive joint, which was also used to build a simple finite
element (FE) model. We considered a small part of concrete, with a bonded OF, subjected to a
tensile force. By symmetry, only the half-length Lb was modelled and displacements along the
𝑥⃗ axis for one face were blocked as shown in figure 1.

Figure 1: Finite element model of an OF bonded/engraved at the surface of concrete.
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2.1 Numerical approach
A strain transfer analysis can be performed following a numerical approach based on the
previously shown configuration. A FE Model (FEM) has been developed using Cast3m FE
code. It is worth mentioning that the behaviour of the different materials is assumed linear
elastic and a perfect adherence is considered at all interfaces.
2.2 Analytical approaches
Measuring strain along an OF can be carried out with a very high precision. However, when
an OF is embedded in a host material, the coating layer absorbs a substantial part of the strain
transmitted to the glass core. The analytical approach of the strain transfer analysis consists in
integrating mechanical and geometrical properties of the different materials from the host
materials to the OF glass core, in order to develop an analytical formula which links strain in
the OF glass core (f) to strain of the host medium (0). Variety of analytical formulas were
developed in the literature and validated experimentally in the case of OF sensors embedded in
concrete. However, when considering OF bonded to the surface of a host material, more strain
is lost due to the adhesive layer that deforms under shear stress. In addition, the symmetry of
the OF central axis is no longer a valid assumption. Consequently, the theoretical development
of an analytical strain transfer formula becomes more complicated compared to the embedded
OF configuration. Two formulas introduced in previous researches are presented below and a
comparison with the numerical approach is proposed.
Kim et al. [9] made the following hypotheses in order to develop an analytical strain transfer
model in the case of an OF bonded to a concrete surface:
- all materials exhibit linear elastic behaviour,
- adherence is considered perfect at all interfaces,
- the adhesive layer is deformed only by shear stress,
- the OF glass core is deformed only by axial stress.
The strain distribution in the OF core is given by the following expression (variables used in
these equations and their meanings are summarized in Table 2):
𝜀𝑓 =

𝑟𝑐 𝜎0 𝐶𝑜𝑛𝑠𝑡𝐵 𝜋
𝑐𝑜𝑠ℎ (𝜆𝑧)
∫ 𝑓(𝜃)𝑑𝜃 [1 −
]
2
𝐸𝑓 𝐸ℎ 𝜆
𝑐𝑜𝑠ℎ (𝜆𝐿𝑏 )
0

(1)

𝑟𝑐 𝐶𝑜𝑛𝑠𝑡𝐵. (𝐶𝑜𝑛𝑠𝑡𝐶. 𝐸𝑓 + 𝐸ℎ ) 𝜋
∫ 𝑓(𝜃)𝑑𝜃
𝐸𝑓 𝐸ℎ
0

(2)

Where:
𝜆= √

𝜋 [𝑟𝑓 2 +
𝐶𝑜𝑛𝑠𝑡𝐶 =

𝐸𝑐 2
(𝑟 − 𝑟𝑓 2 )]
𝐸𝑓 𝑐
2ℎ𝑟𝑐

𝜋
𝑟𝑓 2 − 𝑟𝑐 2
1
𝐸𝑐
𝑟𝑐
𝜋𝐸𝑐 2
= {𝜋𝑟𝑓 2 − 𝑟𝑐 ∫ 𝑓(𝜃).
[𝑟𝑐 2 ln ( ) +
] 𝑑𝜃 +
(𝑟 − 𝑟𝑓 2 )}
𝐶𝑜𝑛𝑠𝑡𝐵
2𝐸𝑓 𝐺𝑐
𝑟𝑓
2
𝐸𝑓 𝑐
0

𝑓(𝜃) =

𝐺𝑎 𝐺𝑐
𝑟𝑐
𝑟𝑐 𝐺𝑎 ln ( ) + 𝐺𝑐 (𝑡𝑚𝑎𝑥 − 𝑟𝑐 𝑠𝑖𝑛𝜃)
𝑟𝑓
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(3)

(4)
(5)
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𝑡(𝜃) = 𝑡𝑚𝑎𝑥 − 𝑟𝑐 𝑠𝑖𝑛𝜃

(6)

Another model, proposed by Her et al. [9] assumes the existence of gaps between the OF
and the host material, that are not filled with adhesive. Assumptions of this model are:
- all materials exhibit linear elastic behavior,
- all interfaces are perfectly bonded,
- there are gaps of width b (equation 8) that are not filled with the adhesive,
- the primary coating and the adhesive layer are only subjected to shear stresses.
In these conditions, strain in the OF core is given by:
ε𝑓 =

ε0
𝑐𝑜𝑠ℎ(𝜆1 𝑥)
[1 −
]
2
𝜋𝑟𝑓
𝑐𝑜𝑠ℎ(𝜆1 𝐿𝑓 )
1
𝐸𝑓 (
+ )
2ℎ𝑟𝑝 𝐸ℎ 𝐸𝑓

(7)

Where:
𝑐𝑜𝑠
2𝑟𝑝
𝜋𝑟𝑓 2
1
𝜆1 = √
(
+ )∫
2
𝜋𝑟𝑓 2ℎ𝑟𝑝 𝐸ℎ 𝐸𝑓 0
[

−1 ( 𝑏 )
𝑟𝑝

(8)

1
𝑑𝜃
𝑟𝑝 (1 − sin 𝜃) 𝑟𝑝
𝑟𝑝
+
ln( )
𝐺𝑎
𝐺𝑝
𝑟𝑓
]

2.3 Material properties and common notations adopted for both approaches
The mechanical properties of the different materials are summarised in Table 1. Three
adhesives (A, B and C) were chosen to bond the OF to the concrete specimens. The values of
their elastic modulus were provided by suppliers. Table 2 gives the common
geometric/mechanical properties used both in analytical/numerical approaches.
Concrete

Young's modulus (GPa)
Poisson's ratio

30
0.2

Adhesive A Adhesive B Adhesive C

10
0.4

2.5
0.4

0.35
0.4

Coating

OF Core

3
0.4

72
0.17

Tableau 1: Mechanical properties of the different materials.

Designation
Core radius
External coating radius
Half the length
Height of the host material
Fiber core Young's modulus
Coating Young's modulus
Host material Young's modulus
Coating shear modulus
Adhesive shear modulus (A-B-C)

[10]
𝑟𝑓
𝑟𝑐
𝐿𝑏
ℎ
𝐸𝑓
𝐸𝑐
𝐸ℎ
𝐺𝑐
𝐺𝑎

[9]
𝑟𝑓
𝑟𝑝
𝐿𝑓
ℎ
𝐸𝑓
𝐸ℎ
𝐺𝑝
𝐺𝑎

Value
0.06 mm
0.08 mm
3 mm
10 mm
72 GPa
3 GPa
30 GPa
1.429 GPa
0.893 GPa-0.125 GPa-3.571 GPa

Tableau 2: Geometrical and mecanical properties used in the theoretical approaches
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2.4 Comparison between analytical and numerical approaches
Figure 2 (left) displays the strain transfer profile along the OF, bonded to concrete sample
under tensile stress, calculated using the two analytical equations (Kim et al. [9] and Her et al.
[10]) for the three different adhesives. It can be noticed that the 2 models provide identical
results, and the softer the adhesive is, the lower strain is transferred to the fiber core. Similar
results were reported in [11]. This result suggests that it might be beneficial to use a soft
adhesive when monitoring cracks. Indeed, crack opening generates a strain peak in the host
material, which diffuses over a broader length of the fiber when using soft adhesives, hence
reducing the risk of OF failure and ensuring better durability of the SHM instrumentation. In
Figure 2 (right), FEM results were compared to analytical formulas for one type of adhesive
and a good agreement was found between the two approaches.

Figure 2: Strain transfer curves provided by the 2 analytical approaches and considering the 3 different adhesives
(left); Comparison between simulations of FEM and analytical formulas for a single type of adhesive (right).

3

EXPERIMENTAL STUDY: COMPRESSION TEST ON CONCRETE CYLINDER

3.1 Test method
A cylindrical concrete specimen, having a length of 32 cm and diameter of 16 cm, was used
for this test, which had at mid-height, three grooves spaced 1cm apart. A single mode OF was
sealed in the grooves using the three different adhesives (see Figure 3 – left). A compression
loading was then applied to the specimen up to failure. The OF was interrogated at different
load levels using an interrogation device based on optical Rayleigh scattering (Figure 3 -right).
This distributed sensing system allows determining the strain profiles along the OF with
millimetric spatial resolution. Three strain gauges were also bonded to the specimen, and will
serve as reference instrumentation method for comparison with OF measurements.
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Figure 3: Scheme of the compressive test specimen (left); Experimental setup for compression test (right)

The compressive load was applied to the concrete cylinder using a 5000 kN hydraulic
universal testing machine. The test was performed by applying displacement-control loading in
order to ensure constant strain in the specimen at selected load levels (Figure 4). Strain
measurement were collected at those fixed load levels.

Figure 4: Evolutions of applied load and actuator displacement during the compression test.

3.2 Analysis of strain measurements
Figure 5 illustrates orthoradial strain profiles of the mid-height of cylinder (i.e. axial strain
along the OFs) recorded by the OFs bonded with the 3 different adhesives. Interrogation was
carried with a 2mm spatial resolution and at different levels of applied load. It should be noted
that the connector binding the OF bonded with adhesive B to the interrogation unit was slightly
damaged. In fact, optical losses were noticed at the first load levels and it was impossible to
process data and plot strain curves beyond 900 kN.
In order to highlight the effect of the adhesive stiffness, only curves obtained with adhesives
A and C are compared in the following discussion (i.e., the most rigid and the softest adhesives).
Although, the two corresponding FOs are not bonded exactly at the same height of the cylinder,
results of Figure 5 allow us to draw the first conclusions and to propose a second mechanical
test, which will be presented in the following part:
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-for a given load level, the mean height of the strain peaks increases with the elastic modulus
of the adhesive: at 950 kN for example, more peaks exceeding 2000με are detected along the
OF bonded with the stiff adhesive A, compared to the OF bonded with soft adhesive C.
-the width of the peaks increases as the elastic modulus of the adhesive decreases: broader peaks
are observed with soft adhesive C in comparison to adhesive A.
It can be concluded that the strain transfer from the host concrete to the OF core takes place
over a broader length when the intermediate adhesive layer is softer. In case of stress
concentration (crack development), the peak stress is also distributed over a larger length of
OF. This can mitigate stress concentration and ensure better protection of the sensing element.

Figure 5: Orthoradial strain profiles around the concrete cylinder recorded along the OFs bonded with the 3 three
different adhesives (A, B and C) and at different levels of the applied compression load.
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3.3 Comparison between OF and strain gauges measurements
In order to compare experimental data provided by OFs with strain gauges measurement,
strain values recorded by each OF were averaged over the length of 6 cm covering the same
angular coordinates than the gauges. To simplify, the spatial resolution of the interrogation unit
was set to 1 cm. This leads to average 6 OF values.
Figure 6 displays gauges strain values at a given load level together with the OF average
strain values. Note that strain gauges 2 and 3 were bonded at the same polar coordinates, but at
different heights of the concrete cylinder.

Figure 6: Comparison of strain gauge and OF measurements.

From results of Figure 6, it can be concluded that averages of the two types of measurements
satisfactorily match. However, since concrete is a heterogeneous material, large variations in
strain are observed along the 6 cm length of OFs (as shown by the large standard deviations,
especially for load levels above 650 kN). Such strain variations can only be detected using
distributed OF sensing systems with high spatial resolution, as in the present study.
4

WORK IN PROGRESS: 3-POINT BENDING TEST ON NOTCHED PRISM

4.1 Objective of the test
In order to evaluate more precisely the effect the adhesive stiffness on the response of OF
sensors when a crack develops in the concrete medium, the same adhesives A, B and C were
used to bond OFs to the surface of a notched prismatic fiber-reinforced concrete specimen
(7x7x28cm3). The dimension of the notch is scaled proportionally to the dimension of the
standard test specimen defined in NF EN 14651 (Figure 7). A three-points bending test will be
carried out on the sample until failure. During the test, the opening of the notch will be
continuously measured with LVDT sensors at different load levels. OF will be interrogated
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using the same interrogation unit as in the previous experiment.

Figure 7: Scheme of the bending test configuration.

Sensors were carefully placed on the concrete specimen. Three grooves were made, in which
the OF were bonded using the three different adhesives. Plots were also glued near the notch to
monitor its opening using LVDTs (see Figure 8). The test will be performed very soon, and the
effect of the adhesive stiffness on the response of the OF sensors will be discussed in the light
of upcoming results of this ongoing study.

Figure 8: 7x7x28cm3 specimen for the three-point-bending test.

5

CONCLUSIONS

This paper presents a study on the effect of the stiffness of the adhesive used to bond OF
sensors to a concrete surface, on the stress/strain transfer process from the host material
(concrete) to the fiber glass core. Moreover, this research evaluate the potential of externally
bonded OF to monitor crack initiation and propagation. Three approaches are presented. First,
a numerical approach is compared to analytical approaches from the literature. The results show
that, the softer the adhesive is, the lower the strain is transferred to the fiber glass core. The
same trend is observed experimentally in the framework of a compression test performed on an
instrumented concrete cylinder. In the light of this first test, a second bending test is proposed,
aiming at studying the effect of the adhesive stiffness on the response of bonded OF sensors
during crack opening. This test is currently underway and its results will be presented at a later
stage.
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Summary. Strengthening of steel columns means increasing of cross-sectional area, which
can be achieved by welded plates. Strengthening is often considered for historical buildings
with steel which is no longer produced. The strength of welded plates must therefore vary
from the strength of the base column. The most feasible is strengthening under load, i.e.
welding without unloading the structure, at least from self-weight. The behavior of columns
with cross-section HEA 100 strengthened by various steel grades under load is investigated
by finite element analysis in ANSYS software using shell elements. The results show that
using higher steel grade for welded plates than that of a base column is useful only for
columns with low slenderness. Columns HEA 100 with relative slenderness about 1.4 are
affected the most by the preload, i.e. the load under which the column was strengthened. The
decrease in load resistance is also more significant for columns strengthened using plates of
higher steel grade.
1 INTRODUCTION
Strengthening of steel columns under load means increasing the cross-sectional area of a
base column using welded plates. The base column is compressed by at least self-weight of
the structure while the strengthening plates are not loaded. The base column may also be
slightly buckled. Strengthening of historical steel columns under load by modern steels is
performed without thoroughly understanding the problem. There are several experiments on
members strengthened under load1,2,3. However, all were performed using the same steel
grade as a base member. The design guides4,5 and researchers often contradict each other in
recommendations for the design of strengthening under load. All experiments in the
literature1,6 and performed by authors at Laboratory of Institute of Metal and Timber
Structures, Faculty of Civil Engineering, Brno University of Technology3,7 show that the
resistance of columns strengthened under load by welded plates is decreased, compared to
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columns with the same cross-section built-up without preload, but only slightly. This paper
focuses on the possibility of using various steel grades for strengthening plates using finite
element analysis on models validated by experiments.
2 METHODS
Columns with cross-section HEA 100 strengthened by two plates welded to base column
flanges are investigated. Two strengthening patterns were selected; see Figure 1. Preload
ratios (ratio of preload magnitude to buckling resistance of base column) were chosen as 0.2,
0.4, and 0.6. Other parameters were column length L, amplitude of initial imperfection e0,
thickness of strengthening plates t1, and boundary conditions. All parameters are summarized
in Table 1.

Pattern H

Pattern O

100

5

y

5

2

y

t1 8

R1

R1

2

96

8

8 t1

t1

80
96

100

t1

z

z
BASE SECTION
STRENGTHENING PLATES

Figure 1: Cross-section of base column and two strengthening patterns

Column length L
Yield strength fy
Boundary conditions
Preload ratio αg
Amplitude of initial imperfection e0
Thickness of strengthening plates t1
Strengthening pattern

2; 3; 4; 5 m
235 MPa; 355 MPa
Pinned around weak axis z, fixed around strong axis y;
pinned around strong axis y, fixed around weak axis z
0.2; 0.4; 0.6
L/200; L/300; L/600; according to Equation (1) using Wpl
4; 6; 8; 10 mm
Pattern H; pattern O

Table 1: Parameters investigated in numerical study
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The amplitudes of initial bow imperfections e0 are according to EN 1993-1-18 for buckling
curve b equal to L/250 for elastic analysis and L/200 for plastic analysis; for buckling curve c
equal to L/200 for elastic analysis and L/150 for plastic analysis. Alternatively, Equation
(5.10)8, which may be simplified to Equation (1) may be used. The section modulus W is
selected as elastic or plastic.
𝑒0 = 𝛼 ∙ (𝜆̅ − 0,2) ∙

𝑊
𝐴

(1)

For base section HEA 100, buckling curve b should be used for buckling around strong
axis y and buckling curve c for buckling around weak axis z. For column strengthened by
pattern H, the same rules apply, i.e. buckling curve b should be used for buckling around
strong axis y and buckling curve c for buckling around weak axis z. Closed section is created
by strengthening pattern O and therefore, buckling curve c applies for deflection around both
axes.
Altogether, 820 models were created in the parametric study. Models are in groups of five:
base column, column strengthened without preload and three models of columns strengthened
under preload ratios αg = 0.2, 0.4, and 0.6.
2.1 Analytical method
The buckling resistance of columns with steel of various strength is inspired by code for
composite steel and concrete structures9. Thus, a standard flexural buckling check is
performed with a single change: weighted average of yield strength is used:
𝑓y =

𝑓y,0 ∙ 𝐴0 + 𝑓y,1 ∙ 𝐴1
𝐴0 + 𝐴1

(2)

where fy is yield strength, A is cross-sectional area, subscript 0 is for base column, and
subscript 1 is for strengthening plates.
Flexural buckling resistance of column strengthened under load Nb,s,R can be determined
as:
𝑁b,s,R = 𝑁b,z,Rd − 𝑘 ∙ 𝑁1 ∙ (

𝑁b,z,Rd
− 1)
𝑁b,0,Rd

(3)

where Nb,z,Rd is buckling resistance of column strengthened without preload, N1 is preload,
Nb,z,Rd is resistance of base column, and k is factor in the interval from 0 to 1 taking into
account the effect of the preload. k = 0 means complete neglect of preload as suggested by
AISC Design Guide 154. On the other hand, k = 1 leads to very safe elastic design as
suggested by Design guide for bridge structures TP 425.
2.2 Finite element analysis
The finite element analysis is performed in ANSYS software10. Four-node shell elements
are used in geometrically and materially non-linear analysis with imperfections (GMNIA).
Material is bilinear, elastic-perfectly plastic with von Mises yield criterion. The nominal yield
strength is used, i.e. fy = 235 MPa for steel grade S235 and fy = 355 MPa for grade S355. The
column is supported in the location of knife-edge bearings. In the location of the upper
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bearing, the nodal displacements are constrained; at the lower bearing, horizontal
displacements are also constrained but vertical displacement is allowed and only coupled by
node coupling. The nodes of lower knife-edge bearing are loaded by compressive force. First,
linear buckling analysis is performed and the equivalent imperfection is applied according to
the first buckling mode with amplitude of equivalent initial imperfection e0. Elements of
strengthening plates are deactivated using feature Element birth and death. The base column
is loaded by preload N1 and GMNIA is performed. In the next step, elements of strengthening
plates are activated, load is increased and GMNIA is again performed. Buckling resistance is
assumed as the last converged step of analysis11. After that, Newton-Raphson method is no
longer able to find a stable state and analysis terminates.
Similar models were already used in previously published studies7,12. Models were
validated on authors’ experiments with the intention to keep them as simple as possible.
Hence, hardly predictable effects of residual stress and welding were neglected. This way, the
effect of preload magnitude can be clearly distinguished. From the results, factor k may be
determined according to Equation (4) and its correlation with steel grade, thickness of
strengthening plates t1, preload ratio αg, column length L, and strengthening pattern may be
seen.
𝑘=

3

𝑁b,0,Rd ∙ 𝑁b,z,Rd − 𝑁b,s,R ∙ 𝑁b,0,Rd
𝑁1 ∙ 𝑁b,z,Rd − 𝑁1 ∙ 𝑁b,0,Rd

(4)

RESULTS AND DISCUSSION

3.1 Base columns and columns strengthened without preload
Before discussing how the preload affects the buckling resistance, it is interesting to note
the comparison between buckling resistance determined by first-order analytical method8 and
buckling resistance by finite element method for different amplitudes of initial imperfections;
see Table 2 and Table 3.
Pattern H – buckling around strong axis y-y
L/200
L/300
L/600
L/e0,el
all
86–89 % 95–99 % 107–114 % 335–490
base
86–87 % 95–97 % 107–114 % 411–490
strengthened 87–89 % 96–99 % 107–112 % 335–424
Pattern H – buckling around weak axis z-z
L/200
L/300
L/600
L/e0,el
all
83–88 % 91–96 %
99–111 % 358–527
base
83–87 % 93–95 % 102–111 % 384–527
strengthened 83–88 % 91–96 %
99–107 % 359–499

L/e0,pl
228–323
271–323
228–290
L/e0,pl
300–465
339–465
300–427

Table 2: Ratios of buckling resistance determined by finite element method to that determined by
EN 1993-1-1 8 and amplitudes of equivalent initial bow imperfections e0 using Equation (1) with elastic or
plastic section modulus; (fy,0 = 235 MPa, fy,1 = 355 MPa)
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For both base column and column strengthened by pattern H, buckling curves b
(e0,el = L/250; e0,pl = L/200) and c (e0,el = L/200; e0,pl = L/150) apply for buckling around the
stronger and the weaker axes, respectively. Values from Table 5.1 of EN 1993-1-18 are very
conservative.
Models whose amplitude of equivalent initial imperfections was calculated by Equation (1)
provided results similar to those of analytical formulas. In average, the ratio of buckling
resistances determined by numerical models and EN 1993-1-18 was 98 %. Bigger differences
were observed in several models of columns strengthened by pattern O.

all
base
strength.

Pattern H, z-z,

Pattern O, y-y, Pattern O, y-y, Pattern O, z-z,

Pattern O, z-z,

fy,0=355, fy,1=235

fy,0=235, fy,1=355 fy,0=355, fy,1=235 fy,0=235, fy,1=355

fy,0=355, fy,1=235

81–92 %
84–92 %
81–90 %

73–109 %
101–105 %
73–109 %

74–112 %
104–111 %
74–112 %

91–120 %
91–98 %
109–120 %

95–103 %
95–103 %
95–102 %

Table 3: Ratios of buckling resistance determined by finite element method to that determined by
EN 1993-1-1 8; amplitude of equivalent initial imperfection determined according to Equation (1) with
plastic section modulus; yield strengths are in MPa

3.2 Column strengthened under load
Behavior of columns strengthened by different steel grade than the base column is shown
on an example of columns HEA 100 with the length of 3 m strengthened by pattern H with
strengthening plates with the thickness of 6 mm; see Figure 2. The columns were pinned
around weak axis z-z. Three examples are shown:
1. base column and strengthening plates are both from steel grade S235,
2. base column is from grade S235 and strengthening plates are from grade S355,
3. base column is from grade S355 and strengthening plates are from grade S235.

Compressive force N [kN]

700
600
500
400
300
200
100
0
0

5

10

15
20
Deflection wy [mm]

25

30

H
N1= 0
N1= 59,8
N1= 119,7
N1= 179,5
H
N1= 0
N1= 59,8
N1= 119,7
N1= 179,5
H
N1= 0
N1= 71,5
N1= 143,0
N1= 214,6

Figure 2: Load–deflection curves for columns of various steel grades: continuous line: fy,0 = 235 MPa,
fy,1 = 235 MPa; dashed line: fy,0 = 235 MPa, fy,1 = 355 MPa; dotted line: fy,0 = 355 MPa, fy,1 = 235 MPa
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In Figure 3, comparison of strengthened column behaviour for different slenderness is
shown. Base column is from steel grade S235 and strengthening plates are grade S355. For
column longer than 4 m, the superior strength of strengthening plates is not utilized.
Furthermore, the base column is yielding and deflection increases rapidly; see Figure 2. For
columns with the length of 3 m, the higher yield strength causes only slight increase in
buckling strength – 6.1 % for columns strengthened without preload. For columns
strengthened under load, the benefit is even more decreased to 3.9 % for preload ratio
αg = 0.6.

Figure 3: Normal stress σx [Pa] at the moment of flexural buckling: strengthened column with fy,0 = 235 MPa,
fy,1 = 355 MPa, αg = 0.6, e0 = L/300, t1 = 6 mm

3.3 Parametric study
The results of numerical parametric study are summarized in Figure 4 and Figure 5. The
buckling resistance of the strengthened column is affected by the preload up to 16 %. The
reduction of buckling resistance is not significant but to completely neglect the effect of
preload as suggested by AISC DG 154 is not safe. Using Equation (4), it is possible to
determine factor k showing whether it is possible to neglect preload (k = 0) or use safe elastic
design (k = 1). In graphs labelled a), each point represents average of columns strengthened
under preload ratios αg = 0.2, 0.4, and 0.6. For columns with relative slenderness 1.4, the
buckling resistance reduction is the most significant and also the factor k is the highest, i.e.
closest to safe elastic design. Increasing preload ratio leads to higher buckling resistance
reduction and increase in factor k. In the case of graphs labelled c), the results of previous
studies7,12 were added. Strengthening by steel with higher yield strength than the base column
causes the highest buckling resistance reduction and also the highest factor k. On the other
hand, strengthening by the weaker steel produces the lowest reduction and the lowest factor k.
In fact, in case of short columns with high thickness of strengthening plates, the columns
strengthened under load had higher buckling resistance than columns built-up without
preload, which leads to negative factor k; see Figure 6. This can be explained by postponed
yielding of strengthening plates which continue to increase moment of inertia of column
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cross-section at higher loads. For columns with higher slenderness, this positive effect is
outweighed by higher column deflection at the moment of strengthening.
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Figure 4: Reduction of buckling resistance due to preload dependent on a) relative slenderness, b) preload ratio,
and c) steel grade of base and strengthening section
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Figure 5: Factor k dependent on a) relative slenderness, b) preload ratio, and c) steel grade of base and
strengthening section
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fy,0 = 355 MPa, fy,1 = 235 MPa); corresponding graph of buckling resistance reduction for different lengths
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No such clear trend was found for any other parameters – thickness of strengthening plates
t1, strengthening pattern, boundary conditions and amplitude of initial imperfections e0.
Factor k clearly correlates with ratio of yield strengths of used steel grades and preload
ratio. The analytical formula may be derived:
𝑓y,1
𝑓y,0 𝛼g
𝑘=
+ + 𝛾k
10
4

(5)

The parameter γk transforms the average values to characteristic values. For γk = 0, 47 % of
results of numerical analysis are unsafe, for γk = 0.22, only 5 % of results are unsafe. The
results of previous studies7,12 were added and overall, 910 models of columns strengthened
under load are evaluated. For graphical interpretation, see Figure 7. The unsafe results are on
the right side of the red line.

Factor k – Equation (5)
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Figure 7: Comparison of factor k determined by finite element analysis and analytical formula

A similar study was made by Erfani et al.13 for square hollow sections. Their numerical
models also include residual stresses. The maximum reduction was 2 %, 5 %, and 9.5 % for
preload ratios αg = 0.2, 0.4, and 0.6, respectively. These values are slightly lower than the
results of this study. The maximum reduction for square hollow sections was found at relative
slenderness 𝜆̅ = 1.1, which is lower than for open section HEA 100 (𝜆̅ = 1.4). No clear
correlation of ratio of strengthening plates area and base column area A1/A0 on buckling
resistance reduction was found for square hollow sections as well.
4

CONCLUSION

Open section columns strengthened under load using welded plates of different yield
strength were investigated. Finite element models were created using shell elements and their
buckling resistance was determined by geometrically and materially non-linear analysis with
imperfections. Models were validated by previously published authors’ experiments. Several
parameters were observed, mainly the influence of different yield strength of base column and
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strengthening plates. The preload up to preload ratio 0.6 affects the buckling resistance of
column strengthened under load only slightly, up to 16 %. Analytical method to determine the
buckling resistance of columns strengthened under load was developed taking into account
two parameters with clear correlation with finite element models: preload ratio and ratio of
strengthening plate yield strength and base column yield strength.
Based on the results of 820 finite element models of axially loaded steel columns, the
following conclusions are drawn:
- Using strengthening plates of higher steel grade than base column is purposeful only
for stocky columns. Slender columns deflect before yield strength is reached.
- Using strengthening plates of higher steel grade than base column increases the
buckling strength only by a few percents at the cost of higher deflections.
- Buckling resistance reduction and factor k rise with increasing preload ratio.
- Buckling resistance reduction and factor k rise with increasing ratio of strengthening
section yield strength and base section yield strength.
- The preload affects the most columns with relative slenderness around 1.4. For stocky
columns, the stress in the section plays major role but for slender columns, the most
important are buckling and deflections.
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Summary. The paper focuses on possible types of strengthening of steel beams. Various
kinds and numbers of stiffeners, haunches, doublers etc. may be applied to current steel
beams. The effectivity varies greatly and must be evaluated in the design. Lateral-torsional
buckling is often a very important factor determining the beam resistance. The critical
buckling load of plain beams with clearly defined boundary conditions are thoroughly
investigated and their design is codified. However, the finite element method finds its use for
complicated geometry and semi-rigid supports. Newly developed software using CBFEM
(Component Based Finite Element Method) dedicated to a design of steel members including
their joints is introduced. Boundary conditions are modelled and there is no need to estimate.
Two types of analyzing beam stability are presented: General method, using a combination of
materially non-linear analysis and linear buckling analysis, and geometrically and materially
non-linear analysis with imperfections. Both analyses show that inclined stiffeners are more
effective than vertical transverse stiffeners. The most effective is the first pair of stiffeners and
their effectivity decreases with their added numbers. Other dependencies of longitudinal and
transverse stiffeners are also quantified in the paper.

Martin Vild, Lubomír Šabatka, Jaromír Kabeláč, Drahoslav Kolaja, Lukáš Hron, and František Wald

1 INTRODUCTION
Lateral-torsional buckling is a phenomenon which significantly affects load resistance of
most standard beams. It is thoroughly investigated1 and codified2,3 for clear boundary
conditions and standard beams. However, the analytical solution for semi-rigid joints or
unsymmetrical beam cross-section4 has not yet been presented. Similarly, the effect of
stiffeners, their thickness, spacing or inclination, is not possible to determine analytically. In
such cases, finite element analysis may provide the answers.
In the existing structure, the increased load bearing capacity is often required. However, it
is very expensive and time-consuming to replace the whole beam. The resistance of beams
can be significantly increased by simple and cheap procedures which do not require beam
replacement; see Figure 1. Thus, the structure may carry increased loads after a minimal outof-service period. The designer must take into account the base material weldability,
accessibility of faces and edges. Each strengthening design is unique. The presented studies
do not aim to thoroughly describe the behavior of stiffeners but only serve to present a
method how to best design strengthening of beams and their joints.

Figure 1: Increase in elastic critical moment for reinforced joints

Component Based Finite Element Method (CBFEM)5 was developed for design models of
joints. Plates are modelled by shell elements and components, such as bolts or welds, are
simulated by special finite elements with non-linear properties according to their design
stiffness and resistance6. For design of joints, geometrical nonlinearity is usually not an issue.
Materially non-linear analysis with small deformations is providing acceptable error for nonslender elements and plastic strain limited to 5 %7. Recently, the geometrically nonlinear
analysis with large deformations was implemented and the design model of whole members
with full models of their joints is now possible.
2 METHODS
Software IDEA StatiCa8 with implemented CBFEM is used. Three analysis types are
available:
 Materially non-linear analysis with small deformations (MNA)
 Linear buckling analysis (LBA)
 Geometrically and materially non-linear analysis with imperfections (GMNIA)
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The imperfections are modelled as equivalent geometrical imperfections in the shape of the
first buckling mode. The amplitude of imperfections e0 is suggested by EN 1993-1-1 –
Table 5.13 according to the buckling curve relevant for a cross-section. For lateral-torsional
buckling, the amplitude may be decreased by factor k = 0.5 (Cl. 5.3.43).
All models are from steel grade S355. Welds are designed as full-strength and bolts are
M16, grade 8.8. In all models, the beam is the weakest element.
2.1 Model verification
The CBFEM model for MNA and LBA was extensively verified and validated since 20137.
All the shell elements, links and components were recoded for geometrically non-linear
analysis with large deformations. The verification of the GMNIA was performed on a model
of a cantilever beam with varying length loaded by a uniformly distributed load at the top
flange. The relative slenderness was calculated as:
𝜆̅ = √

𝛼ult
𝛼cr

(1)

where αult and αcr are minimum load amplifier of the design loads to reach the
characteristic resistance of the most critical cross section and minimum amplifier for the in
plane design loads to reach the elastic critical resistance, respectively. αult was obtained from
MNA and αcr from the first buckling mode calculated by LBA.

Figure 2: Comparison of buckling curves for lateral-torsional buckling
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EN 1993-1-13 allows for cross-section IPE use of Cl. 6.3.2.2, buckling curve a, or
Cl. 6.3.2.3, buckling curve b. Cl. 6.3.2.2 is for general use and is more conservative than
Cl. 6.3.2.3 whose use is limited to rolled sections or equivalent welded sections. Table 5.1
recommends amplitude of equivalent initial local bow imperfection and Cl. 5.3.4 allows a
decrease in this amplitude by factor k = 0.5 for lateral-torsional buckling analysis. Resulting
amplitudes of imperfections e0 are L/500, L/400, and L/300 for buckling curves a, b, and c,
respectively. The imperfections in the finite element models are taken in the shape of first
buckling mode determined by LBA.
The comparison of buckling curves from EN 1993-1-1 obtained from curve-fitting of
experimental results and model using GMNIA with varying amplitudes of imperfections is
shown in Figure 2. The finite element results are between two proposed buckling curves in
EN 1993-1-1. The lateral-torsional buckling reduction factor determined by GMNIA depends
the most on set amplitude of imperfections for beams with relative slenderness around 𝜆̅ = 1.
2.2 Joint description
Two joint types are used in the studies of stiffeners effectivity. The geometry of both joints
is shown in Figure 3. End plate joint is with extended end plate at the tensile flange. The end
plate thickness is 12 mm. The initial stiffness determined by CBFEM around stronger axis of
the beam is Sj,ini = 8.8 MN/rad. Its initial stiffness around weaker axis is Sj,ini = 0.106 MN/rad,
so the joint is providing some restraint in deplanation and for deflection around weaker axis.
The end plate joint is classified as semi-rigid around both beam axes. Fin plate joint is with
one-sided eccentric plate with the thickness of 8 mm. Initial stiffness around beam stronger
axis is Sj,ini = 0.1 MN/rad and around weaker axis is negligible. The fin plate joint is classified
as pinned around both axes.

Figure 3: On the left: End plate joint; on the right: Fin plate joint
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2.3 Effect of stiffeners
A various range of stiffeners may be used: longitudinal, transversal, inclined, applied to the
beam or column etc. The effect of stiffener length, thickness, inclination, and spacing is
investigated for fin plate and end plate joints loaded by uniform load or three-point bending.
The set-up is beam IPE 180 connected to two columns HEB 140 with beam theoretical length
3.465 m by semi-rigid end plate or pinned fin plate joints. The columns are 1 m long and
fixed at both ends. The set-up is according to the geometry of an experiment in preparation.
Load is applied at the top flange at the area with the width of 40 mm. Two cases of loading
are investigated: (1) loading by uniform load at the whole length of the beam; (2) loading by a
force inducing three-point bending acting at a very small area with the length of 100 mm.

Figure 4: Model of the beam with end plate joints for three-point bending with inclined stiffeners

The basic model with transverse stiffeners inclined by 60° from the vertical plane is shown
in Figure 4. The distance between transverse stiffeners is 700 mm for the model with 4
stiffeners. This set-up is used for investigation of transverse stiffener inclination and
thickness.
The load resistance of models is determined by two methods:
1. General method from EN 1993-1-1 – Cl. 6.3.4 where αult is determined by MNA and
αcr by LBA. The relative slenderness is determined by Equation (1) and the buckling
resistance is achieved using general case for lateral-torsional buckling in Cl. 6.3.2.2.
2. Geometrically and materially nonlinear analysis with imperfections e0 = L/500 in the
shape of 1st buckling mode. The load resistance is determined by the last converged
solution of Newton-Raphson analysis9.
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3

RESULTS AND DISCUSSION

Detailed description of the models and varying parameters with results and discussion of
load resistances is presented in this chapter.
In Figures 5–8, models investigating the effect of stiffener angle from vertical plane are
with four stiffeners with mutual distance of 700 mm and the stiffener thickness of 8 mm. The
models investigating the effect of stiffener mutual distance contain only two stiffeners
symmetrically placed on the beam.
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Figure 5: Transverse stiffeners; end plate joints; loading by a force inducing three-point bending
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Figure 6: Transverse stiffeners, fin plate joints; loading by a force inducing three-point bending

Theoretically, deplanation is at least partially restrained at the ends of the beam by end
plate joints; see Figure 5. Therefore, the most effective placement of inclined stiffeners
providing restraint in deplanation should be at around L/4. For fin plate joints, the most
effective placement should be at the ends; see Figure 6. This is true using LBA but not using
GMNIA. General method uses a combination of two geometrically linear analyses. GMNIA
with large deformations is able to capture also a post-critical state with tensile stress fields.
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The buckling failure is associated with plastic deformations and significant deflections. The
deflections at failure determined by GMNIA are rising with decreasing mutual distance of
stiffeners: maximum deflection to the side L/100 and L/60 for stiffener mutual distance
2 800 mm and 400 mm, respectively; maximum deflection downwards (L/140 for stiffener
mutual distance 2 800 mm; L/90 for distance 400 mm). The type of loading does not seem to
have any significant effect.
The buckling resistance is rising with increasing angle of the stiffener from the vertical
plane. It is irrelevant if the inclination is on one side or the other; see Figure 6. The increase in
buckling resistance is more significant for GMNIA, which can be explained by even better
behavior of inclined stiffeners in post-critical resistance.
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Figure 7: Equivalent stress at failure by lateral-torsional buckling on the model with fin plate joints, threepoint bending and stiffener mutual distance of 400 mm; true scale deflections
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Figure 8: Transverse stiffeners; fin plate joints; loading by a uniform load

In Figure 9, the effect of stiffener thickness and number of stiffeners is shown. The
standard model with inclined stiffeners and end plate joints loaded by three-point bending (see
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Figure 4) is used for the investigation of the thickness of inclined transverse stiffeners. The
increasing thickness leads to increased buckling resistance but the effect is not very
significant. The feasibility of welds is the limiting factor for the thickness of the stiffeners.
Most sensible stiffener thickness is between the thicknesses of the beam flange and the web.
The models for investigating the number of transverse inclined stiffeners use the same
model with regular spacing of stiffeners along the beam theoretical length. The buckling
resistance does not rise linearly with increasing number of stiffeners. The first pair of
stiffeners is the most effective.
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Figure 9: Transverse stiffeners; end plate joints; loading by three-point bending

In Figure 10, longitudinal stiffener welded to the bottom (tensile) flange. This flange was
chosen because it is usually accessible. The stiffener width is 80 mm. It is thinner than the
beam flange so that the weld may be applied. The thickness of the stiffener in the left graph
with varying stiffener length is 6 mm. The stiffener length in the right graph is 2 100 mm.
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Figure 10: Longitudinal stiffener applied at bottom flange; end plate joints; loading by a force inducing threepoint bending
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4

CONCLUSION

Component Based Finite Element Method may be used for effective design of nonstandard members. General method using a combination of two geometrically linear analyses
is not able to capture post-critical behavior of the structure in the same way as GMNIA. For
this reason, the results vary significantly if tensile stress fields are caused by the placement of
stiffeners. The results and even trends of results of lateral-torsional buckling resistance are
varying for study for optimal stiffener position.
The most important parameter for transverse stiffeners was found to be the stiffener angle
from vertical plane. Inclined stiffeners are much more effective than vertical stiffeners and
their effectivity in restraining lateral-torsional buckling is increasing with the angle from
vertical plane. Obviously, the increasing thickness or the number of stiffeners increases the
buckling resistance of the beam but the trend is not linear. The positive or negative inclination
of stiffeners or type of loading does not seem to have any significant effect.
The longitudinal stiffener welded to the bottom flange, which is often accessible, presents
another mean to increase beam resistance.
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Summary. The inadequacy of the seismic design criteria prior to the introduction of seismic
codes decades induces the need to develop simple and reliable assessment procedures for the
seismic vulnerability of bridges and viaducts. In this work, a recently-proposed displacementbased procedure is described, which is to represent a simple tool for the quick assessment of
the seismic response of continuous girder bridges with single column bents. The procedure
traces the fundamentals of the pseudo-pushover analysis, offering an alternative to the widespread numerical pushover methods that requires a refined numerical model and more
computational effort. In previous works, the procedure has been applied on ideal case studies
providing a level of accuracy similar to a conventional modal pushover. In this paper,
advantages and limits of this procedure are investigated analysing two different real existing
RC continuous-girder bridges having 6 and 10 bays and pinned deck-substructure connections.
Moreover, the procedure is extended evaluating the seismic performance in longitudinal
direction. The accuracy of the method is evaluated in terms of displacement and shear demands
and it is compared with numerical pushover analysis and non-linear time history analyses
performed with 10 natural ground motions.
1 INTRODUCTION
In earthquake prone countries, the efficiency of the transportation networks in postearthquake phase is strongly affected by the seismic response of bridges and viaducts. Since
most of these structures were built without seismic criteria, their seismic assessment is a
challenging issue for the network managers that need to address monitoring and retrofit
interventions.
The heritage of bridges and viaducts is wide, and the operators need procedures suitable to
assess a huge number of infrastructures in short time. In this context, simplified assessment
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procedures are useful since these represent a trade-off between low computational effort and
accuracy. In this field, non-linear static analysis-based procedures (NSP) are spread in the
common practice. These envisage a pushover analysis to investigate the capacity of the structure
and the calculation of the performance given a determined seismic demand, through a response
spectrum-based method as N21 or capacity spectrum (CSM) methods2. Beyond conventional
invariant pushover techniques, innovative adaptive and multi-modal techniques were proposed
in literature and tested for RC multi-span bridges.
A direct displacement-based assessment (DDBA) method was developed by Sadan3 for RC
multi-span bridges, following the recommendations by Priestley4 about the novel displacementbased philosophy. This approach adopts a modal analysis and the Effective Mode Shape method
by Kowalsky5 for the calculation of the performance displacement profile in transverse
direction of continuous deck RC bridges with single-column piers. According to the author,
this method is deemed to be used to analyse large portfolios of bridges. The DDBA was
extended by Cardone6 for simply-supported bridges and compared to more refined analysis
techniques proving accuracy but long execution time since it is not implemented in any
structural software. Recently, Gentile et al.7 described a novel DBA method based on equivalent
static analysis suitable to be used in a direct or a pseudo-pushover fashion, coupled with a
response spectrum approach. A complete assessment procedure was developed using simplified
bridge analytical mechanical models and implemented in a MATLAB routine proving very
short computation time. The applicability of this methodology was tested through a parametric
analysis performed with 36 typical 2-6 bays bridge configurations and three different hazard
intensity levels.
This work investigates advantages and limits of the modal and static analysis-based DBA
procedures in a pseudo-pushover fashion, proposing application to two real existing
continuous-deck bridges having 6 and 10 bays and pinned deck-substructure connections in
transverse direction. The procedure is compared to more refined numerical pushover and timehistory analyses. Moreover, an extension to perform the seismic analysis in longitudinal
direction is presented and discussed.
2 DESCRIPTION OF THE DISPLACEMENT-BASED PSEUDO PUSHOVER
PROCEDURE
The Displacement-Based Pseudo Pushover (DBPP) procedure for the analysis in transverse
direction is briefly described in this section. The term “pseudo”, used according to international
guidelines, means that the capacity curve is obtained with a series of progressive linear analyses
performed updating the mechanical proprieties of the elastic model according to the incremental
ductility demand.
In this work, the procedure is implemented in a MATLAB routine using a simple mechanical
beam model of the bridge. The deck is modelled as an elastic beam with appropriate flexural
moment of inertia, whereas the flexural response of piers and abutments is considered through
elastic springs equipped with secant stiffness in transverse direction. The secant stiffness of the
supports is updated step by step, with the increasing magnitude of the seismic forces in order
to consider the non-linear response. It is worth noting that only the non-linear behavior of piers
is considered in this work, assuming linear elastic abutments with very high stiffness. The non-
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linear behaviour of the piers is synthesized by bilinear force-displacement relationships. These
can be calculated by sectional moment-curvature analyses performed with simplified surrogate
meta-models8,9 or software. Bearings are considered perfectly fixed, neglecting their transversal
stiffness and assuming infinite shear strength of the pinned deck-substructure connections. Soilstructure interaction is neglected as suggested by Borzi10. Effective masses are lumped in the
main nodes on the elastic supports, and calculated accounting for the tributary mass of the deck,
the pier cap and a third of the mass of the pier.
The DBPP is obtained through the repetition of the direct displacement-based procedure for
incremental displacement values of a control node. For each step, a compatible deck
displacement profile is obtained with an iterative process followed by the conversion in an
equivalent SDoF system is performed according to the formulation proposed by Priestley4.
Given a pre-determined target displacement of an arbitrary control node ∆𝑐 , the iterative process
starts guessing a tentative deformed shape ∆𝑖 , in which i is the generic node of the beam model
(fig.1). Consequently, the secant stiffness of the substructure members 𝑘𝑠𝑒𝑐,𝑖 is computed
interpolating the corresponding force-displacement laws and assigned to the springs of the beam
model. With reference to the procedure proposed by Gentile, a static analysis is executed with
a force profile computed according to Eq. 1, in which 𝑉𝑏 is the total base shear and 𝑚𝑖 is the
mass lumped in the i-node.
𝐹𝑖 = 𝑉𝑏 (𝑚𝑖 ∆𝑖 ⁄∑ 𝑚𝑖 ∆𝑖 )

(1)

𝑖

This step yields a new target displacement profile ∆′𝑖 that is compared to the previous one. The
process is repeated since the difference between ∆𝑖 and ∆′𝑖 is lower than a previously defined
tolerance value.
Referring to the modal analysis-based DBA approach proposed by Sadan[3], the new target
displacement ∆′𝑖 is obtained through iterative eigenvalue analysis. Moreover, if the
participating mass of the first modal shape is lower than 65-70%, the Effective Mode Shape
(EMS) method can be run in order to account for higher mode contributions. For each mode j
the displacement of each member i is calculated with Eq. 2, in which 𝜑 is the normalised
modal component, 𝛤 is the modal participation factor and 𝑆𝑑(𝑇𝑗 ) is the spectral displacement
of the mode j. This latter is useful to consider the spectral amplification and is derived
interpolating the 5%-damped displacement demand spectrum at period 𝑇𝑗 .
∆𝑖,𝑗 = 𝜑𝑖,𝑗 𝛤𝑗 𝑆𝑑(𝑇𝑗 )

(2)

The modal contributions ∆𝑖,𝑗 are combined appropriately with a statistical technique as SRSS,
CQC etc. and the obtained profile is scaled in such a way the control node reaches ∆𝑐 . Thus,
the target displacement ∆′𝑖 is obtained and the convergence is checked.
Once the convergence is achieved, the equivalent SDoF transformation is carried out,
calculating effective SDoF displacement, and mass. Increasing the magnitude of the control
node displacement, this process is repeated for n steps, until the investigated Limit State or a
required global target displacement is reached. Thus, the pseudo-capacity curve can be plotted,
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Figure 1: Flowchart of the DBPP

composed by n couples of ∆𝑒𝑓𝑓,𝑘 , 𝑉𝑏,𝑘 related to each step k. At the end of this process, the
assessment can be performed using a general Acceleration Displacement Response Spectrum
(ADRS) based approach. In this work, the Adaptive Capacity Spectrum Method (ACSM)
proposed by Casarotti is used.
3

CASE STUDY BRIDGES

In order to test pros and cons of the DBPP in the common practice, two real existing
continuous deck RC-bridges having different regularity features were selected. The results of
the DBPP are compared with conventional pushover analyses performed with uniform
(uPUSH) and modal (mPUSH) invariant load profile and time-history analyses (TH). This latter
is considered to be the most accurate and reliable in the following discussion.
3.1 Description of the case studies
Both the selected cases are continuous deck straight multi-span bridges, having single
column piers and pinned connections between the deck and the substructure. The first case is
one of the bridges analysed in the guidelines for existing bridges assessment and retrofit11. It
is a relatively short viaduct with 30 m-long 6 bays. The deck is composed of two steel girder
1.60 m-high and a 0.3 m wide-RC slab. The single column piers exhibit a transverse 3mdiameter hollow circular cross section with two layers of 44 longitudinal bars Φ26 and 200 mmspaced Φ12 hoops. The height of the piers range between 8 and 19.50 m as shown in Fig. 2.
The second case is a 10 bays viaduct located in Sala Consilina (SA). The external bays measure
38 m, while the internal 35 m. The deck is composed of 3 precast RC girders 2 m-high linked
by a 0.3 m wide slab. The piers present an octagonal hollow cross section with two layers of 44
Φ26 longitudinal bars and 100 mm spaced Φ12 hoops. The horizontal dimensions of the cross
section are equal to 3.31 m with a 0.5 m wall-thickness. The height profile shows that the height
of the piers varies between 6.75 and 10 m.
3.2 Modelling strategy and analysis assumptions
With reference to the DBPP, the procedure is performed using the simplified beam analytical
model implemented in a MATLAB routine. The force-displacement laws of the piers are
calculated using moment-curvature analysis of the base-section of the piers, performed with the
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Figure 2: Geometrical and constructive features of the case studies

software KSU-RC12. No strength degradation is considered, and the Ultimate Limit State is
identified in post-processing phase, when the first pier reaches its ultimate displacement
capacity. Numerical pushover and time-history analyses are performed using CSiBridge
software. The deck and the cap piers are considered elastic frame with uncracked stiffness,
whereas effective stiffness at yielding is assigned to piers modelled as mono-dimensional
frames with fixed base. A lumped-plasticity strategy is used, plastic hinges are concentrated at
the base of the piers equipped with moment-rotation laws and a Takeda hysteresis law for cyclic
response. A 3 m-refined mass discretization is used for deck and piers. In order to be consistent
with the assumptions of the simplified model, bearings and abutments are modelled with twojoints link that fix the displacement in the transverse directions, allowing for free relative
rotations. A mass-proportional and a first-mode load profile are used for numerical pushover
analyses. Even in this case, the assessment is carried out using the ACSM and step-by step
equivalent SDoF systems are characterized, in order to be consistent with the DBPP. Two
different 5%-damped demand spectra are calculated, corresponding to the specific hazard

Figure 3: Code and mean 5%-damped spectra
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Figure 4: Results of modal analysis

conditions of the selected bridges for a return period of 475 years. Peak Ground Acceleration
(PGA) values are 0.34 and 0.43 g for the short and long bridge respectively. Time history
analyses are carried out with 10 natural scaled ground motions selected from the SIMBAD
database using REXEL13. The accelerograms are selected according to the soil-type of the site
and scaled in amplitude in order to satisfy spectrum-compatibility criteria with 10% - lower and
20% - upper bounds in the period range between 0.2-2 s (Fig .3).
3.3 Eigenvalue analysis
Eigenvalue analyses (Fig. 4) are performed in order to identify the modal proprieties of the
selected cases and better interpret the results.
According to the literature14, 15, the regularity in the seismic response of a bridge is linked to
the influence of higher modes in the undamaged state and it increases proportionally to the ratio
between the transverse stiffness of the deck and the total lateral stiffness of the piers. According
to this statement, the 6-bays bridge exhibits a regular behaviour since its dynamic response is
governed by the first mode in the transverse direction. About the long bridge, the high lateral
stiffness of the short piers with respect to the long flexible superstructure induces a strongly
irregular dynamic behaviour. The shape of the first transversal mode is determined by the lower
stiffness of the piers in the right part with respect to the left shorter columns. Differently, the
second mode exhibits an approximately opposite shape with respect to the first. It is expected
that both the modes strongly influence the seismic behaviour since the participating mass values
are 42% and 34% respectively.
3.4 Discussion of the results
The seismic response of the selected bridges is analysed with both the version of DBPP
procedure. It is worth noting that the static analysis-based version (sDBPP) considers only the
first mode behaviour, while the modal-based (mDBPP) accounts for higher modes when the
participating mass of the first mode in transverse direction is lower than 70%. Consequently,
analysing the bridge 2, the EMS is activated.
The results are presented in terms of capacity curves and performance points related to
equivalent SDoF systems. With reference to the time-history analyses, the equivalent SDOF
transformation is executed step-by-step for each ground motion, the maximum effective
displacement is calculated, and the corresponding base shear is derived. The average results of
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Figure 5: Bridge 1 results

the 10 ground motions are reported as an avgPP. Moreover, the envelope of the maximum
demands in terms of displacement and shear is plotted for each member. Even in this case, the
average results of the 10 ground motions is reported.
For Bridge 1 (Fig. 5), the differences between the DBPP and the mPUSH curves are
negligible, while the uPUSH predicts higher base shear values. This is due to the higher value
of loads applied to the stiffer external part of the bridge, almost entirely transferred to the
abutments. Since the predicted response is stiffer, the displacement demands in the piers is
underestimated using the uniform load pattern. On the contrary, performance points and
performance displacements of the mDBPP, DBPPs and mPUSH are consistent with the average
response of the TH. The relative error about performance effective displacement predicted with
respect to the time history is -4.8%, -4.1% and -3.9% for mPUSH, mDBPP and sDBPP
respectively. Generally, the results confirm the well-known accuracy of a first mode-based nonlinear static method dealing with regular bridges.
The results for Bridge 2 emphasize the inadequacy of using single-run non-linear static
procedures for long irregular bridges. Even if the capacity curves predicted by mPUSH and

Figure 6: Bridge 2 results
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sDBPP are consistent, these fail in predicting the global base shear, underestimating it with a
relative error of 26.8% and 29.0% compared to the TH. The displacement demand is strongly
underestimated in the stiffer part of the bridge. This is because these approaches consider only
the first mode influence on the seismic response. Referring to the displacement demand, the
mPUSH and sDBPP vs TH average relative error (accounting for all the members) are 49.8%
and 39.4%. Higher modes contribution is considered by the mDBPP through the EMS that
accounts for the three modes reported in Fig. 4. Since the modal periods are similar, CQC is
used. The mDBPP outperforms the previously discussed modal procedures predicting better the
displacement demand of the left side of the bridge, catching the second mode effect. In this
case, the average mDBPP-TH relative error is 4.9%. Furthermore, the shear demand is
accurately predicted, even if a strong overestimation of the shear absorbed by the right abutment
is recognised. It is worth noting that the deformed profile predicted of the mDBPP is not a
“real” deformed configuration, but it is calculated through the statistical combination of the
contribution of the significant modes. Since, the TH-based PP is related to a specific time step,
there is an inconsistency comparing these performance points. Thus, a dummy performance
point is associated to the envelope TH displacement-shear values. There is good-agreement
between the mDBPP-based PP and the latter proving that in this case the former provides
accurate predictions.
Finally, the uPUSH fails in catching the demand in the left side of the bridge, while yields
good results in the most deformable part: the relative error between uPUSH and TH measures
an average of 7.9% and 4.9% on the critical pier. This indicates the uPUSH a better solution
than mPUSH when dealing with long bridges.
4

ANALYSIS IN LONGITUDINAL DIRECTION

In this final section, the DBPP procedure is adopted in order to perform the seismic analysis
in longitudinal direction. This task is deemed to be easier than the transverse direction since,
referring to continuous deck multi-span bridges, the deck can be considered rigid. Thus, the
simplified model is composed of one or more structural member acting in parallel in absorbing
inertia forces. Even in this case, the structural members can be modelled with their forcedisplacement relationship. These latter are different than the force-displacement laws used in
transverse direction, since the effective height of the piers changes according to the
contraflexure point that depends on the degree of fixity at column top.
If all the nodes of the deck are constrained to the same longitudinal displacement, the
deformed shape is known in advance. Thus, no iterations are needed, and any choice of the
control node is equivalent. Given a pre-determined target displacement of a generic node of the
deck (the same for all the nodes), the shear stresses in each structural member can be achieved
interpolating the corresponding force-displacement laws and summed up to calculate the global
base shear. The equivalent SDoF transformation can be performed and a point is defined on the
pseudo-pushover curve.
The final capacity curve is the combination of the force-displacement relationships of the
shear-bearing members. It is worth specifying that the influence of other factors like abutmentbackfill interactions or joint closures are relevant and, generally, should be taken into account.
In this case, only the contribution of piers is considered for simplicity in testing the procedure.
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Figure 6: Capacity curves along the longitudinal direction

Both the case studies were analysed under the longitudinal direction assuming fixed bearings
or shock transmitters on the piers and free abutments. Capacity curves are presented in Fig. 6
for DBPP and modal pushover. The comparison proves good accuracy with some differences
detected against the TH analysis possibly related to damping contributions.
5

CONCLUSIONS

This work is aimed to test a recently-proposed displacement-based pseudo pushover
approach for the seismic analysis of two real existing viaducts with features typical of the Italian
context. The procedure, based on displacement-based fundamentals, allows for the seismic
analysis of continuous deck bridges in transverse direction, using a simplified mechanical
model and providing a pseudo-capacity curve. A static and a modal analysis-based DBPP
approaches are tested, with comparison to conventional pushover and time history analyses
performed with natural ground motions.
The first case study is a 6-bays bridge with a steel girder continuous deck, while the second
is a relatively long bridge with 10 bays with pre-cast RC girders. A preliminary modal analysis
shows that the case studies exhibit different dynamic behaviour. The first is characterised by a
particularly regular response in the transverse direction, whereas the second exhibits two
significant modal shapes contributing in the dynamic response. As demonstrated in previous
studies, the static analysis-based version of the DBPP provides the same level of accuracy of a
conventional modal pushover analysis. Indeed, good accuracy is provided dealing with the
regular case, but strong limitations are evident in the irregular case. The DBPP in the modal
analysis-version yields better results since it accounts for higher modes contributions. Although
the results seem to be promising, more tests are necessary about the accuracy of the EMS
included in the DBPP-modal, varying the irregularity in height, the number of bays and the
global length of the bridge.
Finally, the procedure is extended in order to perform seismic analyses in longitudinal
direction. As mentioned in previous studies, it results in an extreme simplicity and low
computational effort. Even in this case, advances in modelling other significant contributions
in the simplified model are required.
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Summary. The paper focuses on a classification procedure of building typologies
benchmark aimed at vulnerability and exposure analysis of existing building stock at urban
scale.
This procedure is based on data collection at different levels of detail of typological,
structural and technological component of existing residential buildings according to the
CARTIS scheme developed in the framework of ReLUIS project.
The data structure of CARTIS schedule are complemented by a further envelope building
information and plant features, in order to define different building typology classes on the
bases of characteristics regarding both structural and energy behaviour, representative of a
whole urban building stock.
As a first step the information are collected at urban scale in order to carry out a preliminary
division in homogeneous sectors in which different building typologies are identified on the
bases of similar characteristics. Subsequently more detailed data for several building sample
are obtained by available technical documentations, photographic record, expeditious
inspections and survey to know typological, geometrical, structural, technological
characteristics, possible damage and degradation state and maintenance condition at single
building scale. This allow a cross-validation of the data collected at different level of detail.
The procedure proposed has been implemented for a city of Bisceglie located in Puglia, Italy,
for which data gathered has carried out at urban scale and then at single building scale.
The methodology presented in this work makes it possible to classify a large number of
buildings in specific typology class considering not only typological and structural features but
also envelope and plant characteristics in order to implement a fast procedure of analysis of
different fundamental aspects of existing building stock using data with a growing level of
detail.
1 INTRODUCTION
In the recent years the topics of seismic vulnerability and energy performance have become
of considerable importance in particular with reference to the existing building stocks1.
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Indeed, the mitigation of seismic risk and the redaction of energy consumption can be
reached through a suitable measure on existing buildings aimed to improve their seismic and
energy behaviour2.
In this framework, important issues are the availability of documentation and data regarding
the features of real estate3 and the needs to reduce time and cost of assessment procedure4.
In Italian context the enormous amount of existing buildings was made in absence of any
seismic and energy standard and low5, and often for the most of them it is not possible to have
the necessary information on the bases of which carry out seismic and energy assessment
procedures.
Several methods have been developed for the seismic vulnerability6,7,4,8,9 and energy
performance assessment10,11,12,13 at large scale based on the poor data, many of these procedures
start from a definition of typological buildings classes identifying the recurrent typological,
geometrical, structural and technological characteristics of buildings14,15.
Therefore, data collection procedure is fundamental to model the existing building stock and
to implement the assessment procedures.
The proposed procedure in the present work allows the classification of the existing building
stock at urban scale in typological classes considering the different characteristics connected to
the seismic and energy behaviour. On the bases of such classification it can be possible to
implement, in a rapid way and for many buildings, the methods of seismic vulnerability and
energy performance assessment at a large scale.
The procedure follows e top-down approach16 starting from the definition of homogeneous
urban sector on the bases of statistical aggregate data and knowledge of expert local technicians,
than, in each of these urban sectors, recurrent geometrical, structural, technological features of
buildings are identified with the aim to define different building typology classes representative
of the entire building stock.
The verification of the features of each typological building class is made on the bases of a
sample of actual buildings for which a detailed information is collected.
Such procedure allows to classify and to characterize in a rapid way many existing buildings
and to implement both seismic vulnerability and energy performance assessment methods at
large scale.
2

METHODOLOGY

The typological buildings classification may be carried out through the identification of
common prevalent typological, geometrical, structural, technological features for a group of
similar buildings in urban area17.
Such typological classification at urban scale must be made on the bases of few meaningful
characteristics and information easily to collect and analyse with use of limited resources in
term of time and cost due to the huge number of the buildings18.
The proposed procedure starts from analysis at large scale of the entire urban context to get
to identification of mainly recurrent characteristics of the existing buildings using different data
sources.
The method follows a top-down approach and its application is structured in four different
phases:
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1.

Documentations collection and data gathering from different data sources with
different levels of detail;
2. Identification of homogeneous urban sector trough analysis of entire urban context;
3. Identification of mainly recurrent typological, geometrical, structural, technological
characteristics of residential building stock and definition of different typology classes;
4. Verification of characteristics of different classes through a comparison with
characteristics of sample of actual single buildings;
The implementation of abovementioned phases is based on data collection at different level
of detail, and the choose of the type of dataset must be closely linked to different scale of
analysis.
2.1 Documentation collection and data gathering
The procedure requires different levels of input information. Even though the availability
and quality of information is often connected to context of analysis3, generally it can be possible
to collect data from different sources and with different level of details such as historical and
technical cartographies, statistical aggregate data, spatial georeferenced maps, rapid in situ
survey.
For the application of the proposed procedure the available datasets are the following:
‐
Historic documentation and cartographies;
‐
Statistical aggregate dataset made available in different format on ISTAT web portal19;
‐
Spatial georeferenced dataset available on web or provided by technical department of
municipality;
‐
ReLUIS Cartis datasets;
‐
Spatial georeferenced maps;
‐
Technical project documentation.
2.2 Definition of homogeneous urban sector
An urban sector is a part of a municipality characterized by homogeneity of building fabric
with same age of first construction periods and same prevalent structural and typological
features15.
The identification of these different parts of urban area can be carry out on the base of
information deriving from various data sources.
The study of historical cartographies allows the definition of the time developing of the
urban territory and the preliminary identification of the different construction periods of
existing building stock.
Through the use of aggregate statistical dataset19 it can be possible to introduce and analyse
the characteristics relative to age of construction, numbers of floors, structural typology and
state of maintenance.
With the overlap of these two types of information it can be possible to obtain a reliable
delimitation of the urban sectors and the relative aggregate data regarding the number of
buildings, age of construction, structural typology, numbers of floors and state of maintenance.
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2.3 Definition of building typological classes
The definition of buildings typology classes is carried out on the base of more detailed
information.
In the framework of ReLUIS project of Italian Civil Protection, a procedure has been
developed finalized to structural and typological characterization of homogeneous urban sector
and relative classes of existing residential buildings on the bases of recurrent features through
a data gathering in CARTIS forms carried out with the support of expert local technicians15.
The general structure of CARTIS forms is composed by 4 section:
Section 0: delimitation of urban sector;
Section 1: identification of prevailing buildings typology class for each urban sector;
Section 2: identification of general characteristics of each building typology class;
Section 3: characterization of the structural elements of each building typology class, closely
linked to seismic behaviour of buildings in exam.
The structure of CARTIS form was modified by introducing typological e technical
characteristics regarding building envelope and plants in order to consider also the features
concerning the energy performance of buildings. In this way it can be possible an integrated
collection of data on the bases of which to define a typological building classes useful to
implementation of both assessment procedures of seismic vulnerability and energy performance
of existing buildings.
The information supplied by the local expert technicians in CARTIS form is constantly
verify using statistical aggregate data previously elaborated, Spatial georeferenced cartography
datasets or rapid visual survey on web to have a more reliable information.
2.4 Validation of building typological classes
The validation is carried out through a detailed analysis of a sample of actual buildings
chosen within a same census section belonging to the same urban sector.
CARTIS form is filled in for each building on the bases of more detailed technical
documentations and survey.
In this way it can be possible to compare the information collected at level of single building
with information of the corresponding typological buildings class.
This comparation allows to verify the accuracy and reliability of information at level
building class and, if necessary, to correct or redefine the classification.
3

APPLICATION TO THE CASE STUDY

3.1 Application context
The proposed procedure has been implemented for Bisceglie, a city located in north area of
Puglia, with population of about 60.000 inhabitants.
The city expands on a surface of about 70 km2. The existing building stock occupy the 10%
of entire Bisceglie territory and consist of about 5000 residential buildings of which about the
30% with masonry structure and 60% with reinforced concrete structure. The 13% was realized
before 1919, 8% between 1919 and 1946, 7% between 1946 and 1960, 12% between 1961 and
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1970, 19% between 1971 and 1980, 21% between 1981 and 1990, 11% between 1991 and 2000,
6% 2001 2005 and 3% after 200519.
The available datasets have been extrapolated by different typology of sources and
information among which:
‐
Historic cartographies and documentations, providing by technical department of
municipality;
‐
Database in csv format containing “Census variables” and relative shapefile named
“territorial bases”, available on web platform of ISTAT;
‐
Different spatial georeferenced maps such as Technical regional cartography (CTR),
Cadastral building maps, Digital Terrain and Surface model available on web or
provided by technical department of municipality;
‐
Detailed technical project documentations provided by technical department of
municipality.
3.2 Application of the procedure and analyses of the results
The historic research and analysis of available cartography and documentation has led to a
preliminary identification of time construction development of the existing building stock.
The historic centre is the medieval part of the city and its foundation dates back to about
1000, located on the coastal area and clearly delimitated by boundary walls, the first expansion
toward the internal zone and the west part of the coast started in 1920, the second expansion
area, located to the east of the city centre, started on 1950 together with the touristic zone, the
modern part of the city is located in the internal zone and on east coast and the first buildings
were constructed around the 1970.
Such division of the urban territory has been than more detailed using the aggregate
statistical data and the information provided by the expert local technicians in the compilation
of section 0 of CARTIS form.
Through the overlap of this data and information 8 different urban homogeneous sectors
have been defined (fig 1).
Then different typological classes were defined for each urban sector (table 1) on the bases
of the spatial georeferenced datasets, from which it can be possible to extrapolate essentially
geometrical information, and with the support of expert local technicians. For each building
class, geometrical, structural, technological characteristics, possible damage and degradation
state and maintenance condition information are collected in a corresponding CARTIS form.
The verification of the accuracy and reliability of the characteristics of some building
classes, has been carried out by filling in CARTIS form for single building considering a sample
of actual existing buildings for which there were information with enough level of detail
deriving from technical project documentations made available by technical department of
municipality.
The sample is composed by 33 buildings chosen in 3 different census sections (generally
entirely included in a single urban sector), in order to have a highest number possible of
buildings belonging to the same buildings classes.
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In particular, 21 buildings are included in census section 130 entirely in urban sector C02, 5
buildings included in the part of census section 93 belonging in urban sector C02, 3 buildings
in part of census section 93 urban sector C06 and 4 in census section 405 urban sector C02.
The data collected for each actual building has been compared with the information of
corresponding building class.
The comparison is carried out exclusively on a few simple characteristics: age of
construction, total number of floors, underground floor and mean floor surface, the building has
been classified within a specific building class only in case of complete correspondence of all
characteristics.
The comparison of data collected at level of building class and characteristics of actual
building show that of the total sample of building only the 37% of actual buildings have the
same characteristic of a specific building class, the 63% can’t be classified. At level of single
census section there are different results connecting to the number of actual buildings analyses.
In census section 130, for which there were a significant number of buildings analysed, the
43% of them can be classified, in census section 93 only the 28% of sample and in the section
405, for which there are only 4 buildings analysed, any building can’t be classified.
At level of urban section in C02 only the 37% of the sample composed by 30 actual buildings
can be classified (fig 2), in the urban sector C06 any of 3 buildings can’t be classified.
The results show that by increasing the number of buildings analysed, it can be possible
found a matching with typological building class but, more probably, the building classes
should be redefined using the data obtained at single building level.

Figure 1: a) Classification of existing building stock by age of construction ; b) Classification of existing
building stock by structural typology; c) Classification of existing building stock by number of floors; d)
Classification of existing building stock by state of conservation; e) Urban sectors delimitation on the bases of
ISTAT data; f) Urban Section of Bisceglie
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Urban Sector
C01. historic centre
C02. first expansion
C03. second expansion
C04. third expansion east
C05. fourth expansion east
C06. third expansion west
C07. fourth expansion south
C08. touristic expansion

First age of
construction
1000
1900
1920
1950
1980
1900
1975
1950

Area
(km2) M1 M2
0,12 10 90
0,64 30 10
0,58 30 30
0,31 30
0,28
0,95 35 30
1,58 10
2,14 15
-

Typological class (%)
M3 M4 RC1 RC2 RC3
34
20
6
20
20
40
30
35
65
15
20
30
30
30
60
25
-

Table 1: Urban Sector and relative typological building classes

Figure 2: Building classification for urban sector C02

4

CONCLUSIONS

The procedure proposed allows a rapid classification of existing building stock at large scale
on the bases of available documentations and information at different level of detail supporting
by a knowledge of local technicians, considering features connected to seismic and energy
behaviour of buildings.
Therefore, it can be possible to characterize in a rapid way a huge number of buildings and
implement procedures of seismic vulnerability and energy performance at a large scale in order
to have a preliminary analysis of the current state of the real estate on the bases of which to plan
more detailed analysis.
An important issue remains the availability and the uncertainty of information often
connected to context of analysis and the necessity to verify and correct the information collected
at large scale to define the building typological classes through a comparison with the
characteristics of a large number of actual single buildings, for which the gathering data is often
very burdensome.
An interesting further development could be the realization of an automated procedure able
to check and correct the data through a comparison between information at different scale and
to obtain a data with less uncertainty and higher reliability.
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Summary. Great progresses have been made in the retrofit of existing masonry buildings.
Recent seismic events have shown the heritage buildings to be more vulnerable under seismic
actions. Therefore, the mitigation of the vulnerability becomes more important for heritage
buildings like as churches and monumental buildings. Efficient strengthening systems have
been developed also for heritage buildings; however, efficient retrofit strategies could be
hardly applied due to the compatibility issues with these buildings. Furthermore, to assess the
actual benefits of strengthening systems represents a hard task often due to the great
heterogeneity of response of masonry material. Several approaches can be performed to assess
the benefits of strengthening strategies on the ultimate behavior of existing masonry
buildings. Lower or upper bound theorems are generally applied to estimate the ultimate
capacity and the collapse mechanism of masonry structures. They provide exclusively the
collapse condition according to enough plastic capacity. However, for masonry structures
these theorems can show several limits due to brittle behavior. In fact, masonry structures
must be assessed taking into account the limited ductility of the material. Drawbacks of the
limit theorems increase for strengthened masonries where the limited ductility could hamper
the global mechanism. In fact, the collapse mechanism occurs when the structure has enough
ductility. The ductility of masonry strengthened with composite systems represents a key
aspect debated in this paper. A parametrical analysis has been carried out on masonry crosssection strengthened with composite. The ultimate behavior of the strengthened masonry
elements has been assessed in terms of flexural capacity and of ductility capacity varying the
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mechanical parameters of constituents. The entire study has been developed according to a
normalized form obtaining generalizable results.
1 INTRODUCTION
The ultimate behavior of strengthened masonry cross-section represents a key aspect in the
usual engineering applications1. The attention focuses on modern retrofit technologies based
on fiber reinforced mesh and inorganic matrix. These systems were developed greatly due to
their high compatibility with the masonry substrate2,3. They are made of materials
characterized by different mechanical properties and can be modelled according to several
approaches4. This paper discusses several strategies to model the behavior of strengthened
masonries. According to the experimental tests5, the masonry material can be modelled by
means of different stress-strain curves. In this work, the masonry has been modelled by means
of simplified stress-strain curves according to modern building codes6,7. For strengthened
masonries the impact of the tensile strength of masonry becomes negligible8. Therefore, the
following analysis has been performed according to no tensile strength of masonry
assumption. Experimental tests performed on strengthening systems show the stress-strain
curve to be strongly influenced by the nature and amount of the components (i.e. fibers and
mortar matrix). For this reason, several approaches can be used to numerically model the
experimental stress-strain curve of such composites9. Non-linear modeling appears to be the
more accurate approach to model the experimental behavior of composites. However,
according to the experimental results performed on masonry elements strengthened with
inorganic matrix and synthetic fibers10 two simplified stress-strain constitutive relationships
can be used like as linear and bi-linear.
This work reports the numerical investigation to assess the impact of the models of
composite on the ultimate behavior of strengthened masonry elements. The behavior of the
strengthened masonry sections has been assessed in terms of flexural capacity and ductility
capacity. The entire study has been performed according to a normalized form in order to
obtain a generalized approach.
2 MECHANICAL CHARACTERIZATION OF MATERIALS
A strengthened masonry element is made of three main constituents: masonry, mortar
matrix and fiber. The single material can be modelled according to several stress-strain
constitutive relationships. For masonry the tensile strength, fm,t can be generally neglected
(no-tensile strength assumption) due to its very low value. Recent scientific works9 showed
the impact of this parameter on the ultimate behavior of masonry elements in terms of flexural
and ductility capacities. The no tension assumption is confirmed for strengthened masonry
cross-section, where the tensile strength of masonry provides a negligible impact on the
flexural capacity of the strengthened masonry element. The influence of the tensile strength of
masonry on the ductility could be not negligible as demonstrated in recent scientific works9.
However, the impact of the tensile strength of masonry becomes not negligible for particular
strengthening systems11. The present paper focuses on the impact of classical strengthening
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systems based on inorganic matrix and synthetic fiber on the ultimate behavior of the
strengthened masonry. Therefore, the influence of the tensile strength of masonry has been
neglected according to experimental results3,4. Different stress-strain relationships have been
used to model the constituents. The masonry has been modelled in compression by means of
the stress-strain constitutive relationship according to Eurocode 612. It is constituted by a first
parabolic stress-strain relationship, starting from the origin up to a conventional strain equal
to εm0=0.002; and a second constant stress-strain relationship starting from εm0 up to the
conventional ultimate strain, εmu=0.0035; where the compressive stress is constantly equal to
the compressive strength of masonry, fm,c.
For the composite, recent experimental tests4,5 showed the stress-strain relationship of
strengthened masonry to be strongly influenced by the type of constituent. Supposing, fcm,t and
fcf,t to be the tensile strength of matrix and of the fiber respectively, for very high ratios fcf,t/fcm,t
the structural behavior of the composite is very close to the fiber only (linear behavior). In this
case, the cracked state provides a negligible contribution to the ultimate behavior of
composite. This effect is typical of high performance fibers (e.g. synthetic fiber) coupled with
poor inorganic matrix. The cracking threshold becomes not negligible to decrease the ratio
fcf,t/fcm,t. It is typical of composites where, the high performance fibers, are replaced by more
compatible materials like as the natural fibers. For these systems, the stress-strain constitutive
relationship can be assumed as a three-linear curve. The attention in this work has been
focused on composite systems made of inorganic matrix and synthetic fiber. These systems
can be generally modelled by means of an average behavior between the linear and the threelinear model. In fact, as shown in several experimental programs they can be generally
modelled with a linear or bi-linear behavior. Therefore, two main stress-strain curves have
been considered for the analysis (linear and bi-linear) supposing the composite effective only
under tensile stresses.
The constituents of composite (mortar matrix and fiber) differ both in terms of tensile
strength and of elastic properties. The mortar matrix has thickness, tcm and Young’s modulus,
Ecm,t; conversely, the fiber has equivalent thickness, tcf and Young’s modulus, Ecf,t. The stressstrain constitutive relationship can be easily homogenized considering a composite system
with the thickness of the fibers. The initial stress-strain constitutive relationship has an
homogenized Young’s modulus, E*cm,t:
Ecm* ,t =

Ecm ,t ⋅ t cm + Ecf ,t ⋅ t cf
t cf

.

The previous equation provides the initial stress-strain constitutive relationship up to the
homogenized cracking stress, f*cm,cr:
f cm* ,cr=

f cm ,t
Ecm ,t

Ecm* ,=
t


t
Ecf ,t
f cm ,t 
t
 Ecm ,t cm + Ecf ,t =
 f cm ,t  cm +

 t cf Ecm ,t
Ecm ,t 
t cf




.



For a value of the strain, εcm higher than the cracking strain, εcm,cr:
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f cm ,t
f cm* ,cr
ε=
=
cm , cr
Ecm ,t Ecm* ,t

the homogenized cracking stress, f*cm,cr increases with Young’s modulus, E*cm,
than E*cm, t and calculated as follow:
Ecm* ,cr

cr,

lower

f cf ,t − f cf*,cr

=

ε cf ,u − ε cm ,cr

where εcf,u is the ultimate strain of the dry fiber. The previous parameters provide the two
main stress-strain constitutive relationships used in this work as shown in the figure 1.
The structural behavior of a strengthened masonry can be assessed according to the
normalized form explained in Ramaglia et al.9, introducing the following normalized
parameters:
p=

6⋅ M
P
;m =
b ⋅ h ⋅ f m ,c
b ⋅ h 2 ⋅ f m ,c

where:
B and H are the depth and height of the masonry cross-section respectively;
P is the axial load;
M is the bending moment.
The normalization has been performed with reference to the ultimate tensile strength of the
dry fiber, fcf,t for the linear stress strain constitutive relationship:
E cf ,t =

Ecf ,t
f cf ,t

And for the bilinear model:
*

E cm ,t =
*
E cm ,cr

=

Ecm* ,t
f cf ,t
Ecm* ,cr
f cf ,t

Other specific information are available in the scientific literature9.
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2.1 Ultimate condition for the strengthened cross-section
The paper focuses on the ultimate behavior of strengthened masonry cross-sections in
terms of flexural and ductility capacity. In order to assess the ductility capacity of the
strengthened cross-section, the ultimate condition has been assessed starting from the bending
moment-curvature diagram13. It is obtained by increasing the curvature value starting from 0
to the ultimate value, χu. According to the normalized approach previously discussed, the
curvature value has been normalized to the height H of the cross-section. The ultimate
condition is due to two main failure modes: masonry or composite14,15. The crashing of
masonry occurs when the compressive strain achieves the conventional ultimate strain of
masonry, εmu. The failure of composite occurs when the tensile strain of the fiber achieves the
ultimate value, εcf,u. The bending moment-curvature diagram ends when the first failure mode
occurs. The non-linear curve is early stopped if there is a load drop higher than 20%. The
bending moment-curvature diagram is obtained as a non-linear curve (i.e. multilinear curve).
The ductility capacity, can be assessed by means of a bi-linearization of the non-linear curve.
The common approaches fix the ultimate curvature χu at the value previously assessed and
found the yielding value by means of energy criteria. In this work, the yielding value is fixed
equal to the maximum bending moment Mmax calculated on the non-linear curve, while the
stiffness of the initial linear function is changed to satisfy the equal energy criterion (equal
area between the bi-linear and non-linear curve). This bi-linearization method allows to
estimate the ductility capacity as follow:
χ
µ= u
χy
where, χy represents the yielding curvature calculated on the bi-linearized curve.
The bending moment-curvature curves have been assessed for different values of the axial
load, P. The recent experimental tests performed on masonry structures16,17 show the typical
values achieved at collapse for the masonry. The collapse condition of ordinary masonries
occurs for axial loads lower than the compressive axial strength, P0 both for unreinforced18
and for strengthened masonries19. For this reason the axial loads have been ranged from 0 to
30% of P0. For each value of P, the bending moment-curvature diagram has been assessed
and bi-linearized to assess the ductility capacity of the strengthened masonry. The curvature
value has been normalized to the height, H of the cross-section according to the normalization
approach previously discussed9.
2.1 Parametrical analysis
Parametrical analysis has been carried out starting from appropriate values for the
normalized stress–strain relationships of masonry and composite systems. The choice of the
variable parameters for the parametrical analysis has been carried out by analyzing a large
amount of dry fibers and commercially available mortar matrices in order to identify the
typical mechanical characteristics and ranges. From the combination of the different extreme
values of geometrical and mechanical properties, the normalized parameters have been
identified according to the method previously discussed9. Two main stress-strain constitutive
relationships have been considered for the analysis (linear and bi-linear model).
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The ultimate strain of composite has been fixed at 0.03. Two extreme values have been
chosen for the linear stress-strain constitutive relationship (i.e. dry fiber only), E cf ,t = 33 and
E cf ,t = 500, namely model 1 and model 2 respectively as shown in figure 1.

Figure 1: Stress strain constitutive relationships for the composite normalized on the tensile strength of dry fiber.

On the basis of the two linear constitutive relationships (model 1 and model 2) one bilinear stress-strain constitutive relationship has been constructed (model 3), by fixing the
value of the normalized first cracking stress of the mortar equal to 0.25. These three
relationships represent extreme behaviors of composite in order to assess the ultimate strength
of strengthened masonry elements. Starting from this model the flexural capacity and the
ductility capacity have been assessed changing the normalized axial load, p and the
mechanical reinforcement ratio calculated as follow:
ωc =

t cf ⋅ f cf ,t
H ⋅ f m ,c

The normalized axial load, p ranges from 0 to 0.3, while the mechanical reinforcement
ratio ranges from 0 (unstrengthened masonry) to 2.
Figure 2 a) shows, for the model 1, the bi-linearized bending moment-curvature diagrams
of the strengthened masonry cross-section changing the normalized axial load, p and the
mechanical reinforcement ration, ω. Starting from these diagrams it is clear the impact of the
mechanical reinforcement ratio, ω on the ultimate behavior of the strengthened cross-section.
It is interesting to observe the impact of ω while changing the normalized axial load, p. In
particular, for high values of the mechanical reinforcement ratio the ductility capacity appears
weakly influenced by the axial load.
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Figure 2: a) Bi-linearized bending moment-curvature diagrams, b) ductility capacity, μ of the strengthened
masonry cross-section, for model 1, changing the mechanical reinforcement ratio, ω and the normalized axial
load, p.

This key aspect has been clarified in the figure 2 b) where the ductility capacity, μ, has been
assessed while changing the mechanical reinforcement ratio, ω. For a zero value of the
normalized axial load, p the flexural capacity is strongly influenced by the mechanical
reinforcement ratio, ω. While the ductility capacity is weakly influenced by the mechanical
reinforcement ratio due to the strong softening that characterizes the bending momentcurvature diagrams for a zero value of the axial load. When the normalized axial load, p
increases the ductility capacity, μ presents different trends for low or high values of the
mechanical reinforcement ratio, ω. In fact, for low values of ω, the ductility, μ increases and
decreases with the axial load. This effect disappears while increasing the mechanical
reinforcement ratio. In particular, for masonry cross-sections strongly strengthened the
ductility weakly depends on the axial load. Figure 3 a) shows the bending moment-curvature
diagrams for the model 2, changing the normalized axial load, p and the mechanical
reinforcement ratio, ω.

Figure 3: a) Bi-linearized bending moment-curvature diagrams, b) ductility capacity, μ of the strengthened
masonry cross-section, for model 2, changing the mechanical reinforcement ratio, ω and the normalized axial
load, p.

For dry fiber with high stiffness, the ductility capacity, μ, becomes weakly sensitive to the
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mechanical reinforcement ratio, ω. This aspect is clarified in the figure 3 b) where the
ductility capacity has been assessed for the model 2.
It is interesting to note that, increasing the stiffness of the system, the ductility capacity is
influenced by the mechanical reinforcement ratio only for low values of the axial load.
In order to assess the impact of the stress-strain constitutive relationships it is interesting to
evaluate the change of the ultimate behavior considering the bi-linear stress-strain constitutive
relationship. Figure 4 a) shows the bi-linearized bending moment-curvature diagrams for the
bi-linear stress-strain curve (model 3).

Figure 4: a) Bi-linearized bending moment-curvature diagrams, b) ductility capacity, μ of the strengthened
masonry cross-section, for model 3, changing the mechanical reinforcement ratio, ω and the normalized axial
load, p.

The effect of a bi-linear stress-strain constitutive relationship is clear both in terms of
flexural and of ductility capacity. The ductility is higher than the values calculated for the
linear model 1 and 2. In fact, when the stress in the composite exceeds the cracking threshold,
*

*

it increases with a stiffness, E cm ,cr < Ecm providing a beneficial effect on the ductility capacity
of the strengthened cross-section. For a low value of the normalized axial load, p, the ductility
capacity, μ increases and decreases with the mechanical reinforcement ratio, ω. As previously
discussed for high values of ω, the ductility appears to be not influenced by the axial load
value. However, it is interesting to note that increasing the axial load this effect appears for
lower values of the mechanical reinforcement ratio, ω as shown in figure 4 b).

3

CONCLUSIONS

In this paper the behavior of masonry cross-sections strengthened with composite systems
was evaluated changing several mechanical parameters. The variability of the behavior was
analyzed in terms of flexural capacity and of ductility capacity. The results were generalized
by means of a normalization process. In practical applications, more prescriptive than
performance-based approaches generally lead to an overestimation of the effective amount of
reinforcement required. The proposed theory contributes to the implementation of
performance-based design. The type of reinforcement (i.e., the constitutive model) can be
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considered in order to optimize the structural behavior of the strengthened masonry elements.
The estimation of the ductility capacity represents an important aspect in the assessment and
strengthening, especially of poor masonry, where higher mechanical fiber reinforcement
ratios or unbalanced mechanical properties could promote brittle behaviors. However, it has
been shown in several scientific papers how often even very low amounts of reinforcement
are sufficient to significantly increase the capacity of a masonry element. For low mechanical
fiber reinforcement ratios, the type of constitutive relationship becomes a key aspect. In this
case, the modeling of the reinforcement plays a fundamental role and the type of constitutive
relationships to be adopted (linear, or bi-linear). The choice of the model is strongly
correlated to the type of reinforcement. Therefore, the results provided in a dimensionless
form are the basis for a valid support to the design of interventions using fiber composites on
masonry structures. The numerical results show the stress-strain curves of composites to be
crucial in the numerical analysis. In particular, the behavior of composites strongly influences
the ductility of different types of constituents.
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Summary. Partially precast concrete wall panels used as loadbearing elements in a building
revealed to be both structurally efficient and economical. Frequently such systems can be
composed of corrugated panels of expandable polystyrene covered both sides by an electro
welded zinc coated high-strength square mesh, with connectors aiming at realizing a 3dimensional reinforcement cage transferring floor and roof loads through the structure and
into the foundation. This integration simplifies construction and reduces costs and the
structure becomes a lightweight monolithic structure which is insulated, fire resistant,
earthquake resistant, acoustic resistant, durable, lightweight and economical for residential,
commercial and institutional buildings with theoretically unlimited number of stories. The
panels are erected on site and in situ sprayed concrete (shear-walls, floors and stairs) and
shotcreted (load bearing and partition walls) to construct a complete building.
A sound design of such systems however requires a careful evaluation of the deformability of
the connections, in particular to the foundations, as the main role of load-bearing wall is a
structural wall that carries the weight of the roof and upper floors down to the foundations.
Under seismic events the deformability of the connections to foundation is able to alter
considerably the dynamic response, hence the loading acting on the structure. In this study a
mechanically based formulation is proposed to account for the deformability of starter bars
and their bond to sprayed/shotcreted concrete, used in such precast constructions and their
impact on the stiffness of the global response. The proposed methodology is validated by
means of full scale laboratory tests under axial loads on walls and horizontal cyclic load
reversals by means of hydraulic jacks. It is found that neglecting such deformability in Finite
Elements Analyses yields to totally different results compared to experimental evidence,
however there are potentially different approaches to account for connections by means of
starter bars and the main differences are pointed out.
1 INTRODUCTION
In the building industry, sandwich panels made of two outer layers and a low density
polystyrene core are widely used1. These elements were designed to obtain structural features
comparable to the traditional walls combined with great lightness. These elements match the
so-called "Sandwich Panels" structural typology, and in recent years they were used on a large
scale for the construction of modular prefabricated buildings, especially in developing
countries that need to meet the building demand, or in some cases in developed countries,
mainly for emergency situations. These systems are cost effective and efficient enough as a
construction technology to be used as a replacement for the traditional reinforced concrete
frames with masonry infills, yielding up to a time saving of 50% and cost saving of 30%
through labour, transport and hiring of construction equipment and formwork2.
The analysed system consists of modular basic elements, made of polystyrene and steel
meshes, which are particularly light and are integrated with sprayed or shotcreted concrete
that makes these elements classifiable as structural reinforced concrete load-bearing elements.
The vertical wires of the meshes are connected to others by transverse wires and are joined
orthogonally through connectors that link the two nets from one side to the opposite. Finally,
welded connections are performed by means of electrofusion.
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These panels offer a further advantage as they can be integrated in traditional structures or,
in some cases, they can replace the masonry infill to create external infill walls with a loadbearing capacity in a fast and highly (thermal and acoustic) insulating manner, with energy
savings. Since such construction systems are partially prefabricated, they provide
considerable cost savings with a significant reduction in installation stage.
2

EXPERIMENTAL PROGRAM

A panel is tested under cyclic loads, as shown in Fig. 1. The cross section of the panel is
made of two layers of shotcreted concrete having a thickness of 35 mm and each one covers a
mesh with a diameter of 3 mm positioned on both sides; these layers are connected by means
of 3 mm connectors passing through the entire layer of polystyrene with a thickness of
100 mm.

Figure 1: Panel for the lateral cyclic load reversals test of a frame made of sandwich panels with polystyrene
(dimensions in mm)

The base of the panel is anchored to the foundation block by means of D8 bars arranged on
both sides having a nominal yielding stress of 450 MPa; the 600 mm long bars (400 mm in
the panel and 200 mm in the foundation) are 6 per side, spaced 400 mm for the entire length
of the panel, except for the central opening which extends for a height of 2400 mm and a
width of 900 mm.
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The test is carried out with 3 cycles for each of the 5 target drifts (with respect to the wall
height of 3.00 m) reported in the following Fig. 2.

Figure 2: Top displacement load history (3 cycles for each of the target drifts)

A vertical load of 75 kN was applied on the top of the two piers. The force is positive when
it is from left to right and the corresponding displacement is positive, too.
The global response of the system is recorded in terms of horizontal force, T, and
corresponding top displacement, d, (or drift), and is plotted in Fig. 3, remarking different
cycles at 5 target drifts, with different colours.

Figure 3: Global response of the system: horizontal force, T, vs. top displacement, d, (or drift),
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Up to 0.4% drift, the behaviour was almost linear, only at the last cycle at 0.4% drift there
was a fine cracking above the opening and there was rocking at the bases. Uplifting of the
wall induced higher stresses in the anchoring bars, and induced initial yielding even if the
non-linearity in the curve is still not very evident. Only afterwards there was increasing
rocking at the bases and widening of the cracks close to the corners of the opening; this was
strictly connected to the non-linearity of the horizontal force-displacement curve. The test
proceeded and a drop in peak force and a decrease in stiffness are evident. A picture of the
first cycle at 1.0% drift is reported in Fig. 4.
The test was not pushed to greater drift values as the mechanisms were clear. Once the
experimental data were collected, some models were developed to reproduce well the aspects
previously discussed.
3

THEORETICAL MODEL

The analysed structure is essentially a bidimensional wall, and for this reason the analysis
is conducted assuming plane stress flat elements, instead of equivalent frames made of
monodimensional elements (i.e. beams and columns)3.

Figure 4: Picture at the beginning of the first load cycle (1.0% drift)
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Howsoever the main issue is in the modelling of the base constraint, as the slenderness of
the anchoring bars and their bond in shotcreted concrete can be the weak element governing
the global response of the system. For this reason, a detailed model of the bars has been
developed and tested in the global modelling of the wall system.
As an initial assumption, a distribution of constant bond stresses is assumed over the entire
surface of the bar, considering an elementary segment of length x. It is possible to identify a
relationship that links bond, τ, to normal stresses, σ, according to vertical equilibrium (Fig. 5).

a)

b)
Figure 5: a) Vertical equilibrium of an element of the anchoring bar, and b) development length

A well-known linear relationship is obtained which relates the variation of normal stress to
the variation of the tangential stress at the lateral interface of bar having diameter ϕ:
𝜎𝜎 = 4 τ x/ϕ

(1)

To finally obtain the force, F, vs. elongation, Δ, of the anchoring bar, it is necessary to
integrate the elastic strain, ε=σ/E, along the development length x (note that there are different
development lengths in the foundation and in the wall):
𝑥𝑥
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(2)

And given a force, F, the anchoring length 𝑥𝑥̅ = F/πϕτ is obtained recalling Eq. (1) and
manipulating Eq. (2), there is:
Δ=

2 𝜏𝜏 𝑥𝑥 2
ϕ 𝐸𝐸

=

2 𝐹𝐹 2
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hence force F as a function of elongation, Δ, limited to the steel yielding force, Fy:
F=�

𝜙𝜙 3 𝜋𝜋 2 𝜏𝜏𝐸𝐸
𝜋𝜋𝜙𝜙 2
Δ ≤ 𝐹𝐹𝑦𝑦 =
𝑓𝑓
2
4 𝑦𝑦

(4)

where fy is steel yielding stress determining a plateau in the curve, but in the case that the
available development length (minimum between wall and foundation), ℓ, is lower than
anchoring length, 𝑥𝑥̅ , it can be assumed a “reduced” yielding stress equal to:
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𝑓𝑓𝑦𝑦∗ = 4 τ l/ϕ ≤ 𝑓𝑓𝑦𝑦

(5)

The outcome is a nonlinear force, F, vs. elongation, Δ, curve ending with a plateau,
depending on fy*, as shown in Fig. 6.

Figure 6: Force vs. elongation relationship for the anchoring bars according to Eq. (4) assuming τ = 2 MPa

A first model included fixed constraints at the base of the walls, and then the anchoring
bars have been modelled as springs (with the nonlinear behaviour of Eq. 4) in the FE model of
the wall system, corresponding exactly to their discrete positions. A first attempt was made
considering only the springs at the base, hence the walls were free to penetrate in the
foundations, as in first analysis the nonlinear springs had the same behaviour in tension and in
compression.

Figure 7: Comparison of different modelling strategies for the base of the walls.
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As a refined step, the developed relationship was intended only in tension, hence in
compression it was assumed as a rigid constraint. This produced a fully nonlinear analysis for
the wall system. The differences were pointed out in Fig. 7, comparing a fixed constraint at
the base (Model 0), a system of nonlinear and bidirectional springs at the base (Model 1), and
a system of nonlinear springs in tension with rigid/plastic behaviour in compression up to the
crushing force in compression (followed by a plateau – Model 2). All the theoretical
monotonic simulations are compared to experimental cyclic curves in Fig. 7.
First of all it is noted that the experimental curves are cyclic, while the FE analysis was
monotonic, hence it is expected to fit the experimental envelope; howsoever the cyclic
behaviour could yield to some reductions of performance compared to monotonic (also
depending on the sign of the first loading direction and early damages). Model 0 provides a
stiffer behaviour and there is no cap for the strength capacity, as the model is elastic and the
constraints has indefinite strength.
Then Model 1 provides an initial slope following very well the experimental curve, but it
had a decreasing stiffness trend consequent to the yielding of the bars up to a plateau
condition. To improve this second part, the model was improved by adding a rigid/plastic
behaviour in compression up to the crushing force in compression (followed by a plateau)
providing the Model 2. This mitigated the stiffness reduction, providing a threshold when
concrete reached its assumed compressive strength of 12 MPa.
Similarly the experimental cracking pattern in the corner of the opening (Fig. 4) can be
strictly overlapped to the portions of the FE model having larger tensile stresses (Fig. 8).
Since the wall was simulated with an elastic material, there is no explicit modelling of cracks
and subsequent redistribution, leading to the widening of cracks. For this reason it is only
remarked the portions were cracks begun, while their development is not simulated in such a
model.

Figure 8: Tensile stresses (in MPa) in the FE model.
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4

CONCLUSIONS

A simple theoretical model can describe well the nonlinear behaviour of a cast in situ wall
system even if the material is modelled as linear. However, if the constraint is fixed base,
there are misinterpretations of stiffness and potentially of lateral strength for the wall system.
The Finite Element Models, although assuming linear behaviour for the material of the panel,
optimally simulate the experimental behaviour by concentrating the non-linearity exhibited at
the bases through the use of equivalent springs. The force vs. elongation relationship for the
springs is proposed in this paper, based on a mechanical approach including all the main
features of the anchorage system.
The parameters that mostly influence the global behaviour are the value of the bond
capacity τ, the yield strength and the anchoring/development length of the anchor bars.
Simple nonlinear springs should be modelled with different behaviours in tension and
compression; in particular for the compression, a rigid/plastic behaviour can be considered to
improve the simulations, reaching the right lateral strength, and also modelling correctly the
stiffness of the wall system. The stiffness is mispredicted (overestimated) if the flexibility of
the connections at the foundations is not included in the model; this could have dramatic
consequences in the seismic vulnerability evaluations as the seismic demand is strictly related
to the eigenvalues (hence the stiffness) of the structure. A simple model of the bidimensional
wall, with plane stress flat elements even in the elastic field, but proper base connections, is
able to simulate the nonlinear behaviour and crack initiation of the wall system. In future
developments an equivalent frame can be defined accounting for the rotational springs at the
bases4 and accounting for the beam column connections5,6.
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Summary. Rocking response can assume an important role in operational limit state design
for strategic buildings1 and to preserve museum contents. Rocking response of free standing
rigid structures is investigated with nonlinear dynamic analysis of several acceleration sets
using Mathworks MatLab software.
The numerical model is based on Housner theory2 and integration of the equations of
motion is evaluated with fourth order Runge-Kutta-Fehlberg method. The equations are
influenced by the rotation sign of the asymmetric element analysed. Important numerical
errors can be generated during the integration between two consecutive acceleration points
where the rotation sign changes because the algorithm uses equations with wrong rotation
sign; an iterative calculation is implemented to find and fit the point of change of sign of
rotation.

S. Belliazzi, G. P. Lignola and E. Cosenza

This paper aims to deepen influence of several parameters on results of the analyses such
as the Runge-Kutta method tolerance and point of zero rotation tolerance k. Different analyses
show how small tolerance variations cause large changes in the results and this is due to
numerical instabilities. The influence of k parameter increases with time T due to numerical
instabilities. Also, the restitution coefficient3, indicating the reduction of energy due to the
impact at the point of change of sign of rotation, can influence the evolution of the numerical
analysis, in particular it is highly dependent on the geometrical proprieties of the rigid block
and it could be useful to calibrate it depending on the analysis.
1 INTRODUCTION
In the case of seismic design, the analysis of the rigid bodies overturning is an important
step for an operational limit state design of strategic buildings such as hospital and military
quarters; indeed, after seismic events, strategic buildings must ensure their operability.
It is interesting to note that hospital lockers1 show a dynamic behaviour comparable to
rigid bodies; similarly artworks in museum, such as marble statues, exhibit a dynamic
response analogous to rigid bodies and they represent an important economic and historical
heritage4 for the communities.
This paper aims to deepen the numerical dynamic behaviour of symmetric and asymmetric
rigid bodies characterized by rocking behaviour, to guarantee definite performance levels and
cultural heritage5 safety.
It is difficult to evaluate the dynamic behaviour of rigid bodies with deterministic
equations due to the high uncertainty of dynamic oscillation and future seismic events. In
1963, G. Housner studied the rocking behaviour of inverted pendulum and proposed a
stochastic solution based on energy balance. The scientific paper by Housner motivated the
scientific community to deepen the topic and many probabilistic solutions are still proposed in
order to describe the rocking behaviour.
Furthermore, many studies pointed out that the dynamic behaviour of rigid bodies is
strongly influenced by numerical parameters used in the numerical model such as geometric
and dynamic parameters or seismic signals. In addition, the friction generated between the
rigid body and the support surface during the vibration influence the dynamic behaviour and a
specific restitution coefficient have to be calibrated.
The motion equations are a second order ordinary differential equations (ODE) that can be
solved with several numerical integration methods, in particular this paper focuses the
attention on fourth order Runge-Kutta-Fehlberg method (RKF45). It is an adaptive iterative
method that guarantees a prefixed error tolerance and gives a better precision than the
traditional Runge-Kutta methods.
The proposed algorithm is implemented entirely in Mathwork MatLab without using any
pre-compiled function of Runge-Kutta method in order to have a complete control on the
numerical integration process. In addition, the algorithm can analyse symmetric or
asymmetric bodies under any signal (e.g., sinusoidal signal, specific seismic signals, etc.).
Parametric analyses have been performed in order to deepen the effects of numerical errors
that can occur during the numerical integration due to error control tolerance of RKF45
method and between two consecutive acceleration points where the rotation sign changes
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because the wrong rotation sign properties are used after the impact point. This seems an
insignificant tolerance error; however it has clear effects on the solutions.
2

PROPOSED ALGORITHM

The proposed algorithm takes into account rocking response of symmetric or asymmetric
rigid bodies under any seismic signal or free vibration for a given initial condition.
The support surface of the rigid body is assumed characterized by a high friction as basic
assumption in order to neglect any bouncing or sliding event. In this condition, the rigid body
cannot slide on the support surface and it can only exhibit a rocking response.
The vibration occurs around two rotation points O’ and O as shown in Figure 1.

Figure 1: Rocking response around point O’ and O and dynamic parameters of rigid body

The dynamic equations of motion describing the rocking behaviour around rotation centre
O is reported in the following equation:
𝐼𝐼0′ 𝜃𝜃̈ + 𝑊𝑊 𝑅𝑅𝑑𝑑 𝑠𝑠𝑠𝑠𝑠𝑠(𝜃𝜃𝑑𝑑 − 𝜃𝜃) = −

𝑊𝑊
𝑅𝑅 𝑎𝑎 cos(𝜃𝜃𝑑𝑑 − 𝜃𝜃)
𝑔𝑔 𝑑𝑑 𝑥𝑥

(1)

While, similarly, the dynamic equations of motion around rotation centre O’ is:
𝐼𝐼0 𝜃𝜃̈ + 𝑊𝑊 𝑅𝑅𝑠𝑠 𝑠𝑠𝑠𝑠𝑠𝑠(𝜃𝜃𝑠𝑠 + 𝜃𝜃) = −

𝑊𝑊
𝑅𝑅 𝑎𝑎 cos(𝜃𝜃𝑠𝑠 + 𝜃𝜃)
𝑔𝑔 𝑠𝑠 𝑥𝑥

(2)

Where Ι0 is the polar moment of inertia with respect to rotation centre, 𝜃𝜃̈ is the rigid body
rotational acceleration, W is the rigid body self-weight, Rd and Rs are the lines between the
rotation centres and barycentre G, 𝜃𝜃𝑑𝑑 and 𝜃𝜃𝑠𝑠 are the critical rocking angles, g is gravitational
acceleration constant, ax is the acceleration value of external signal at time t and 𝜃𝜃 is the rigid
body rotation angle.
The critical rocking angles can be evaluated by simple geometrical relationships if the
coordinates of barycentre G are known.
The polar moment of inertia is necessary in order to evaluate inertial forces in the dynamic
equilibrium equations.
The previous motion equations can be simplified introducing the frequency parameter of
the rigid body p:
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𝑝𝑝𝑠𝑠 = �
𝑝𝑝𝑑𝑑 = �

𝑊𝑊 𝑅𝑅𝑠𝑠
𝐼𝐼0′

𝑊𝑊 𝑅𝑅𝑑𝑑
𝐼𝐼0

(3)

(4)

Therefore, the dynamic equation can be reported in the following format:
𝜃𝜃̈ + 𝑝𝑝𝑑𝑑2 𝑠𝑠𝑠𝑠𝑠𝑠(𝜃𝜃𝑑𝑑 − 𝜃𝜃) = −𝑝𝑝𝑑𝑑2
𝜃𝜃̈ + 𝑝𝑝𝑠𝑠2 𝑠𝑠𝑠𝑠𝑠𝑠(𝜃𝜃𝑠𝑠 + 𝜃𝜃) = −𝑝𝑝𝑠𝑠2

𝑎𝑎𝑥𝑥
cos(𝜃𝜃𝑑𝑑 − 𝜃𝜃)
g

𝑎𝑎𝑥𝑥
cos(𝜃𝜃𝑠𝑠 + 𝜃𝜃)
g

(5)
(6)

It is important to note that a second order ordinary differential equation can be expressed
as a system of two first order linear differential equations depending on rotation angle 𝜃𝜃 and
rotational velocity 𝜃𝜃̇ .
The numerical solution is provided by fourth order Runge-Kutta-Fehlberg method
(RKF45) due to the greater reliability then other methods and the custom parameters such as
the adaptive step size and error control tolerance.
The restitution coefficient allows to take into account the energy lost during the impact
between the rigid body and the support surface. It is variable between zero and one depending
on geometrical slenderness of the rigid body; in particular, it tends to one for slender
elements3.
Furthermore, significant numerical errors can be generated during the integration between
two consecutive acceleration points where the rotation sign changes because in the algorithm
equations are integrated with wrong rotation sign properties. Numerical analyses show that
even small integration errors can generate numerical approximations that accumulate and give
significant errors in the rocking response of rigid bodies.

Figure 2: Evaluation of the point of change of sign of rotation
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An iterative calculation is implemented to find the point of change of sign of rotations in
order to minimize numerical errors and to calculate an accurate rocking response.
In particular, the algorithm compared the rotation sign between points i and i+1 and impact
occurs between the rigid body and support surface if signs of rotation are not equal (Figure 2).
It is not feasible to obtain numerically the point where the rotation is zero, therefore new
rotations are evaluated iteratively to obtain an acceleration aj at time tj giving a rotation θj
lower than a fixed tolerance (brown dotted line in Figure 2).
In addition, the algorithm allows to consider initial conditions in terms of displacement and
velocity of the rigid body. Without any external signal, it allows the rocking response in free
vibration to be analysed.
The algorithm integrates the equation of motion once rigid body geometrical parameters,
tolerances and external signal are provided; the script searches in every time step of the signal
the critical acceleration that triggers the rocking if initial conditions are of a steady body.
The critical acceleration ac depends on the acceleration direction and can be evaluated by
simply equating stabilizing and overturning moments:

𝑊𝑊 𝑅𝑅𝑠𝑠 sin(𝜃𝜃𝑠𝑠 ) =
𝑊𝑊 𝑅𝑅𝑑𝑑 sin(𝜃𝜃𝑑𝑑 ) =

𝑀𝑀𝑠𝑠 = 𝑀𝑀𝑟𝑟

𝑊𝑊
𝑎𝑎𝑐𝑐,𝑥𝑥
𝑅𝑅𝑠𝑠 𝑎𝑎𝑐𝑐,𝑥𝑥 cos(𝜃𝜃𝑠𝑠 ) →
= 𝑡𝑡𝑡𝑡𝑡𝑡(𝜃𝜃𝑠𝑠 )
𝑔𝑔
𝑔𝑔

𝑊𝑊
𝑎𝑎𝑐𝑐,𝑥𝑥
𝑅𝑅 𝑎𝑎 cos(𝜃𝜃𝑑𝑑 ) →
= 𝑡𝑡𝑡𝑡𝑡𝑡(𝜃𝜃𝑑𝑑 )
𝑔𝑔
𝑔𝑔 𝑑𝑑 𝑐𝑐,𝑥𝑥

(7)
(8)
(9)

The generic acceleration is compared to both critical accelerations because the motion can
be also triggered in opposite acceleration direction (in asymmetric cases).
Furthermore, geometric and dynamic parameters of the rigid body can be defined in order
to consider particular geometric cases such as asymmetric rigid bodies (e.g. statues or PC
monitors).
3

PARAMETRIC ANALYSIS

Parametric analyses have been performed in order to deepen the rocking response of rigid
bodies depending on error control tolerance of RKF45 method and numerical errors that can
be generated during the integration between two consecutive acceleration points where the
rotation sign changes.
3.1 Error control tolerance
The analysis considers the rigid body examined by Makris and Konstantinidis6 under a
sinusoidal acceleration with ag = 0.31 g. They analyse a symmetric body with height equal to
1.78 m, length equal to 0.48 m and a restitution coefficient of 0.81.
Several error control tolerances for RKF45 method are considered and analysis results are
shown in Figure 3 in terms of rotation-time history of the rigid body rocking response.
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Figure 3: Influence of error control tolerance of RKF45 method

It is clear that the influence of error control tolerance is negligible on rocking response
under a smooth signal, in fact all curves are perfectly overlapping.
3.2 Influence of tolerance on the point of change of sign of rotation
The influence of tolerance on the point of change of sign of rotation is investigated as
significant numerical errors can be generated during the integration between two consecutive
acceleration points where the rotation sign changes because the algorithm uses the wrong
rotation sign properties in the integration after the impact point.
In this case, analysis results are compared to experimental results of a rigid body with
slightly asymmetric trapezoidal cross section under free vibration.

Figure 4: Geometrical dimensions of tested specimen (dimensions in cm)
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Figure 5: Influence of tolerance on the point of change of sign of rotation

As shown in Figure 5, a rotation is imposed at time zero as usual in free vibrations (the
experiment is plotted in red dotted line). Furthermore, the rotation is not zero at the end of the
rocking response representing an instruments issue due to a small rigid body sliding.
It is noted that, at the beginning of the rocking response, the influence of tolerance on the
point of change of sign of rotation is negligible while towards the end of rocking response, at
smaller rotation angles, such tolerance has a significant impact due to numerical errors
accumulation. It is difficult to define a specific optimum tolerance due to high sensitivity of
numerical analyses to rigid body geometry and support surface characteristics in terms of
restitution coefficient. More experimental comparisons and parametric analyses are needed to
deepen the rocking response of rigid bodies, focusing also on earthquake signals, less smooth
than sinusoidal acceleration.
4

CONCLUSIONS

This work aims to deepen the numerical simulation of the dynamic behaviour of symmetric
and asymmetric rigid bodies characterized by rocking behaviour, to guarantee confident
performance levels and cultural heritage safety7,8.
Many studies pointed out that the dynamic behaviour of rigid bodies is strongly influenced
by numerical parameters used in the numerical model such as geometric and dynamic
parameters or external signals.
The proposed algorithm is based on the well-known Housner theory and assumptions, it is
entirely implemented in Mathwork MatLab and can analyse symmetric or asymmetric bodies
under any external signal such as specific registered seismic signals and free vibration with
imposed initial boundary conditions.
Motion equations are second order ordinary differential equations that are integrated with
fourth order Runge-Kutta-Fehlberg method that is a method with higher numerical precision
and customizable parameters such as error control tolerance and adaptive step size.
Parametric analyses have been performed in order to deepen the effects of numerical errors
that occur during the numerical integration due to error control tolerance of RKF45 method
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tolerance and between two consecutive acceleration points where the rotation sign changes
due to wrong parameters used in the integration of equations in a portion of the time step.
Analysis results show that the error control tolerance does not particularly influence the
rocking behaviour in terms of numerical results under smooth external signals. Conversely,
the influence of tolerance on the point of change of sign of rotation has significant influence
on the results, compared to experimental results of free vibrations, as shown in Figure 5, due
to numerical errors accumulation.
Rocking behaviour analysis reveals to be a tough numerical problem characterized by a
high numerical instability due to sensitivity to numerical integration methods and evaluation
of impact point.
Future works will take into account experimental9,10 programs in order to calibrate
dynamic parameters for particular populations11,12 of rigid bodies (e.g. statues and PC
monitors) and improve numerical solutions.
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Summary. The present contribution aims to illustrate some first results obtained from
ongoing research on a 16th-century masonry sail vault in the Fortezza Vecchia (the Old
Fortress) in Livorno (Italy). A multidisciplinary research is currently ongoing. The
information collected by means of geometric surveys and experimental tests are being used as
input data for the different analytical and numerical models expressly developed to study the
vault’s structural response. The structural analysis has been performed using two analytical
models set within the framework of limit analysis. The first considers the vault as a thin shell,
and suitable sets of statically admissible stresses are built; the second model is a modern
reinterpretation of Durand-Claye’s method for domes. As an additional term of comparison,
numerical analyses are carried out by means of FE models. The study is still under
development, and a first set of results has been obtained by limiting the analysis to vertical
loads accounting for the self-weight of the vault and that of the overlying soil layers.
1 INTRODUCTION
This contribution is framed within a research project (PRA 2017 – “Tuscan Renaissance
architecture: case studies between historical investigation, survey and structural analysis”),
promoted by the University of Pisa. This interdisciplinary research, currently ongoing, aims at
studying some buildings of significant interest from a historical and architectural point of
view. The methodology followed is a suitable adaptation of that already applied by some of
the authors to a recent study that addressed the dome of Pisa Cathedral [1].
The structures chosen can be considered representative of 15th- and 16th- century Tuscan
architecture. One of the most interesting buildings examined within this project is the
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Fortezza Vecchia (the Old Fortress) in Livorno, a maritime castle of great historical interest,
built on behalf of the Florentine government. In particular, the present paper is aimed at
illustrating a preliminary study of the mechanical response of a subterranean sail vault
covering a quadrilateral room located in the Canaviglia bastion of the Fortezza Vecchia.
2 THE “FORTEZZA VECCHIA” IN LIVORNO
The complex system of lookouts and signaling for coastal defense planned since the 12th
century confirms the extreme importance of the area occupied by the Fortezza Vecchia (the
Old Fortress). Since the 14th century the high, rocky summit of Livorno’s castle represented a
strategic point that dominated a wide area of the sea to defend the entrance to the Port of Pisa.
Pisa and later Firenze choose this site as a management center for port activities and over time
raised a series of fortified works that are still embedded within the fortress circuit [2, p. 675].
The Old Fortress is one of the most significant “alla moderna” military garrisons in Tuscany.
Its construction was strongly influenced by the presence of water and presented a prodigious
challenge.
Almost certainly after the heavy assault it underwent in 1290, Pisa built the mighty
cylindrical tower within the castle, improperly called Matilde's tower. It was erected about
thirty meters from an older quadrangular tower and given an almost quadrangular plan whose
base is marked by several rows of squared ashlars.
In the late 14th century the port of Livorno experienced remarkable development due to the
filling of the Stagno basin and the consequent decline of the port of Pisa. In this period the
borders were strengthened through a significant defensive campaign and military offensive.
Thus, between 1369 and 1376 the “Rocca Nuova” was built, then called “Quadratura dei
Pisani”, located on the sea at the eastern end of Livorno. During construction the workers
encounter a series of setbacks due to the difficulty of casting foundations into the sea [3, pp.
18-32].
In 1421 Florence purchased Livorno for 100,000 gold florins, while Pisa, already sold to
Florence in 1405, strongly opposed the Florentine domination. Thus, the Medici state
developed a plan to upgrade the port infrastructures in the much sought-after outlet to the sea.
Livorno thus became “la pupilla dell’occhio del dominio Fiorentino” (the pupil of the eye
of the Florentine dominion) [4, p. 69] and began to fortify. In 1506, Antonio da Sangallo the
Elder (c. 1455-1534) arrives in Livorno, a place he does not know at all. He notes that the
models studied in Florence do not at all resemble the actual structures observed directly on
site. Therefore, it takes him three days to re-measure everything and to make new drawings.
Antonio’s design for the Livorno citadel, which to date has not been recovered, was almost
certainly also revised by his brother, Giuliano da Sangallo (1445 ca.-1516). However, because
of the extremely complementary nature of their work, it is difficult to distinguish the
individual contributions of the two architects, even if Giuliano seems to have been the
preeminent architect [2, p. 684].
The Florentine plan to carry out “a useful and honorable work” in Livorno, according to
the design by Antonio da Sangallo the Elder, was never brought fully to fruition. The project
for the Livorno citadel was resumed in 1519 and completed in 1533 under the rule of Duke
Alessandro de’Medici.
As chronicled by Giorgio Vasari, Antonio da Sangallo’s drawing of the Livorno Fortress
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was not “entirely executed, nor in the way Antonio had drawn it” [5, IV, p. 288]. Perhaps
Vasari refers to the fact that the original rectangular structure with four bastions was never
built. The Livorno citadel is a work stylistically similar to that in Pisa, on which Antonio
began work in 1509. However, in August of the same year management of the site was taken
over by Giuliano, who drew up the final plans [2, p. 685].
At the Livorno construction site, several engineers, technicians and experts oversaw the
various stages of construction: from archival documents consulted, it does not appear that
Antonio ever returned to Livorno. The original design included a fourth buttress with the
vertex jutting out toward the sea in the northeasterly direction, but only three monumental
bastions were built.
The Livorno Fortress contains the vestiges of a long history as testified to by the presence
of some imposing medieval buildings - the Square Tower, the Keep, the Quadratura dei
Pisani. Medieval tradition played a considerable role in the drafting of the plans for Livorno.
The layout of the Livorno fort was not geometrically regular because of the massive medieval
structures it incorporated and its particular position completely surrounded by the sea [2, p.
685-686].
As early as 1519 “the foundations were dug” for the Livorno walls. Building was begun on
the middle bastion, and long curtain walls were raised to the east on the landward side and to
the south on the dock side. At the far end of this latter curtain wall, in 1520 construction work
began on the new seaward bastion, called the ‘catena’ (chain), later called Cavaniglia, and
later still Caviniglia. As the foundations had to be laid directly in the water, a wooden
formwork was made, though not without difficulty [2, p. 686; 3, pp. 47–53]. In 1525 the
Fortress became an island reachable from land by a boat pulled by cable fixed to an anchoring
stone. Between 1546 and 1547, Cosimo I de’ Medici, decided to build a palace for his family
right inside the fortress. The building stood above the Quadratura dei Pisani and included the
medieval Keep [6] (Figure 1).

Figure 1: Archive image of the Canaviglia (or Cavaniglia) bastion and West side of Palazzo di
Cosimo de’ Medici, heavily damaged by World War II bombings and subsequently razed
(Collezione Pelosini, Courtesy Biblioteca Labronica F.D. Guerrazzi - Livorno).
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3 A SINGULAR TRAPEZOIDAL ROOM COVERED BY A SAIL VAULT IN THE
FORTEZZA VECCHIA
The faces, flanks and curtain walls of the three Livorno bastions are not proportioned in
accordance with established models: their irregular layout is rather an adaptation to the site.
The catena, or Canaviglia, bastion had always presented stability problems due to the
difficulty of laying foundations in the sea and the consequent precariousness of the walls
above. The layout of the south face is not rectilinear, and the wall bears a number of repairs
and toothings, testimony to a series of structural interventions [2, p. 687-688].
The contour of the Canaviglia bastion is very wide; the throat instead contains the facades
of both the quadrangular medieval tower and the contiguous corner of the Quadratura. The
west flank is connected to the corner of the Quadratura dei Pisani, which functions as the
seaward curtain, by a short stretch of wall 16 cubits long. This section contains the inspired
addition of an unusual trapezoidal room, covered by a sail vault with an octagonal central
ventilation oculus, which links the concave retired flank with the square tower and the
medieval stronghold (Figure 2). This room, together with the variety of shapes in the interior
rooms, represents a structure of great interest, in which we can recognize the Sangallo
brothers’ research into “ancient spatial concepts filtered and mediated by Brunelleschi’s
inventions” [2, p. 688]. Some of the bastions’ interior compartments present a “spinapesce”
(herringbone) bond technique, which can be recognized even on the sail vault of the
trapezoidal hall of the seaward bastion. The use of this technique, also applied in the Pisa
citadel, began in Florence, starting in Brunelleschi’s workshops and spreading throughout
Tuscany to the fortifications of Pisa and Arezzo and in one of the small Renaissance bastions
of the walls in Firenzuola [2, p. 693-694].

Figure 2: Canaviglia bastion, trapezoidal room covered by a sail vault with octagonal central oculus. Image by
Photographic Laboratory, Department of Civilizations and Forms of Knowledge, University of Pisa.

4 REPRESENTATION OF THE ACTUAL VAULT SHAPE
The data collected via a TLS survey of the entire fortress (inside and out) has been made
available by the administrative bodies (Autorità di Sistema Portuale del Mar Tirreno
Settentrionale – North Tyrrhenian Sea Port Authority). The survey, available as a point cloud,
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features a density of about 3 points per square centimeter, certainly suitable for graphical
documents at a scale lower than 1:50. The reports made detail that this survey was carried out
using two Faro Focus 3D, MS120 and X330 instruments, both of which have a nominal
accuracy of ± 2mm at 10 meters. The point clouds were recorded in a single reference system
and were furnished in Autodesk ReCap format. The Autodesk environment made it easy to
extract the geometries needed for structural analysis.

Figure 3: Cross section of the Fortezza Vecchia showing the trapezoidal room under study.

As point clouds are not well suited for structural analyses, a representative subset of points
was selected from the survey. The coordinates of these points have been used as input data to
find the best approximating surface of the vault intrados. A spherical shape has been chosen a
priori as approximating surface. The search for the optimal parameters values has been
performed by means of a simplified optimization procedure, which makes use of the
“NMinimize” numerical routine in Mathematica®. The object function to be minimized is set
equal to the sum of the squares of the distances between the points selected from the laserscanner survey and the ideal surface.

Figure 4: Geometry of the vault: plant (left) and vertical section along a meridian (right).

The ideal surface thusly determined is very close to the survey points. The most distant
points from the ideal surface are located near the corners, and their distances are between 5
and 6 cm. The smooth surface describing the intrados is a sphere of 5.5-meters radius. Since
the experimental campaign is still ongoing, direct measures of the vault thickness are not yet
available. So, in this first stage of the research, a 25 cm thickness has been chosen in analogy
to the vault thickness observed in the New Fortress in Pisa, which is a coeval fortification by
Giuliano da Sangallo (Figure 4).
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5 STRUCTURAL ANALYSIS OF THE SAIL VAULT
The structural analysis has been performed using two analytical models set within the
framework of limit analysis. The first considers the vault as a thin shell, and suitable sets of
statically admissible stresses are built; the second model is a modern reinterpretation of
Durand-Claye’s method for domes. As an additional term of comparison, numerical analyses
by means of FE models are currently in progress.
In all the analyses, the loads considered are the self-weight of the vault, the weight of the
filling material and that of the masonry wall around the oculus. A specific weight of 18 kN/m3
has been adopted for the masonry and filling. By hypotheses, the walls are considered to be
perfect constraints for the vault.
5.1 Modeling the vault as a masonry shell: statically admissible internal forces
distributions
Here the vault is viewed as a masonry shell, and the analysis is aimed at determining
statically admissible stress fields. For the sake of simplicity, we limit the analysis to axialsymmetric distributions. In order to provide a first estimation of the safety level of the vault,
two different safety factors are introduced: the geometrical and mechanical safety factor.
When geometrical safety factor is considered, the masonry compressive strength is assumed
to be unbounded, and safety becomes a matter of geometry. The geometrical safety factor is
defined as the ratio between the actual thickness of the vault and the minimum thickness for
which it is possible to find a statically admissible stress field. When the mechanical safety
factor is considered, the masonry’s compressive strength is taken into account. The
mechanical safety factor is defined as the ratio between the masonry compressive strength and
the maximum stress in the vault.

Figure 5: Dimensionless forces per unit length, stress field SF1 [7]
(nθ, nϕ = axial force in parallels and meridians; tϕ, mϕ = shear and bending moment in the meridians).

In the following, two different admissible stress fields are described. The first (SF1) is
purposely aimed at maximizing the geometrical safety factor. The second (SF2) is aimed at
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maximizing the mechanical safety factor (for more details see [7]).
The stress field SF1 has been determined by considering the (unique) membrane solution
for the equilibrium problem. This membrane solution turned out to be inadmissible in the
lower region near the corners of the vault. Hence, in these regions we allowed for some shear
force and bending moment along the meridians and removed any hoop forces. As it can be
clearly seen from the diagrams, the dimensionless shear forces and bending moments are very
small compared to the normal forces. However, these small bending stresses allow the vault to
make equilibrium to the external loads without hoop tractions (Figure 5). The angle ϕ in the
diagrams is the co-latitude along the meridian (see Figure 4).
The geometric safety factor corresponding to the above-determined statically admissible
stress field is equal to 𝜈g = 9.6. Therefore, the minimum thickness for which it is still possible
to find an admissible stress field is 2.6 cm.
Stress field SF2 is built by allowing bending stresses along the whole meridian and
compressive hoop forces in the parallels near the top of the vault, within a region of given
width (Figure 6). By optimizing the width of the region in which compressive hoop forces are
present, the masonry strength assuring a mechanical safety factor of 3 is equal to 2.25 MPa.

Figure 6: Dimensionless forces per unit length, stress field SF2 [7]
(nθ, nϕ = axial force in parallels and meridians; tϕ, mϕ = shear and bending moment in the meridians).

5.2 Equilibrium analysis of the sail vault through a modern re-edition of Durand
Claye’s method
In this section a revised version of Durand-Claye’s method [8, 9] will be applied in order
to perform a first evaluation of the stability of the sail vault. In previous papers, the authors
have proposed a modern version of Durand-Claye’s method by translating the complex
graphical construction into a suitable set of equations in terms of the internal forces [10].
Furthermore, the method has been re-edited for domes in order to adequately take into
account the influence of hoop forces and some kinematic aspects [11-12].
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As illustrated more in detail in [13], a first equilibrium assessment can be conducted by
applying Durand-Claye’s method to a lune belonging to the dome of embrace angle α=40.11°,
corresponding to the dashed line A in Fig. 4a and considering infinite compressive strength.
Moreover, the top region near the central oculus is considered to be a rigid annulus of infinite
strength. The red and blue curves in Fig. 7a correspond to the attainment of a positive or
negative limit bending moment at each joint (assumed in the radial direction). The stability
area is the green-hatched area bounded by the aforementioned limit curves. Using the same
notation adopted in [10-12], it is defined as the locus of the points (P, e) corresponding to
statically admissible solutions under the hypothesis of nil hoop forces, i.e., for the single lune.
Since the stability area is extended, the lune is in equilibrium even if compressive hoop forces
are assumed to be nil. The thrust lines corresponding to the maximum and minimum values of
the horizontal thrust P are contained within the lune’s thickness (Fig. 7b).

Fig. 7. The stability area related to the dome defined by α=40.11° (a);
the maximum and minimum thrust lines (b); drawn from [13].

Fig. 8. The stability area related to the pendentive of maximum embrace angle, β=70.79° (a);
the maximum and minimum thrust lines (b); drawn from [13].
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The slicing technique can also be applied in order to obtain a rough assessment of the
stability of the pendentives by analyzing a lune defined by β = 70.79° (dashed line B, Fig. 4a),
corresponding to the maximum embrace angle. Also in this case, the stability area plotted in
Fig. 8a for an infinite value of compressive strength is not the empty set, even if noticeably
reduced with respect to that in Fig. 4a. The thrust lines corresponding to the maximum and
minimum horizontal thrust values (Fig. 8b), which are almost coincident, do not exit the
lune’s thickness, and the lune is in equilibrium even for nil compressive hoop forces.
It is noteworthy that the stability areas plotted for both lunes under examination (Figs. 7
and 8) are not nil. The Fortezza Vecchia sail vault is thus quite far from any collapse
condition. Moreover, even if the stability area were reduced to a single point by progressively
reducing the lune’s thickness this would not lead to a limit condition, since the collapse
mechanism identified by the vanishing of the stability area would not be a kinematically
admissible mechanism for the dome considered as a whole. In this case, the lateral surfaces of
each lune would act as constraints by preventing inwards motion.
6 CONCLUSIONS
The present contribution illustrates some first results obtained within an ongoing research
project aimed at studying the structural behavior of the subterranean brick masonry sail vault
covering a trapezoidal room in the "Canaviglia" bastion in the Livorno "Fortezza Vecchia".
The interdisciplinary analysis aims to take into account geometrical, mechanical and
construction aspects.
A detailed survey of the intrados surface has been carried out by means of a range-based
(laser scanning) survey methodology. A post-processing procedure has been adopted in order
to obtain the vault’s intrados sections in CAD format and the analytically determined ‘best’
approximating smooth surfaces.
Structural analysis of the vault has been performed by means of two different models set
within the framework of limit analysis. The first model yielded a preliminary estimate of both
the geometrical and mechanical safety factor by considering the masonry vault as a thin shell
unable to transmit any tensile stress. The second model made use of a revised version of
Durand-Claye’s method, by appropriately slicing the sail vault into “lunes”. The analyses
show that, as it was expected, a considerable safety margin can be estimated for the vault
subjected to vertical loads.
Further experimental investigations are going to be performed on the vault and walls so as
to fully determine the main geometrical and mechanical parameters. Ulterior analyses will
then be performed in order to better take into account the three-dimensional structural
behavior of the sail vault.
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Summary. This paper presents some results about the MOSCARDO system, a structural
health monitoring platform specifically developed for long-term measurement of heritage
structures. The main features of the system are shown with reference to a case study: the
Voltone in Livorno (Italy).
1 INTRODUCTION
Last decades have seen an increasing interest in the structural monitoring of historic
constructions, which plays nowadays a crucial role in the assessment of the structural health
of the built heritage and its maintenance1,2,3,4,5,6 also providing an effective tool for supporting
retrofitting and strengthening operations.
MOSCARDO (ICT technologies for structural monitoring of Ancient Constructions based
on wireless sensor networks and drones, www.moscardo.it) is a research project funded by the
Region of Tuscany (Italy) and developed by a consortium which includes the National Italian
Research Council (Institute of Information Science and Technologies “A. Faedo”, ISTICNR), the University of Florence (Department of Civil and Environmental Engineering), and
two private companies (Infomobility srl - www.infomobility-italia.com - and Engineering
Italy Solutions srl - www.eisolutions.it).
This paper describes some issues dealt within the project, which was aimed at designing,
developing and testing new ICT tools for structural health monitoring, including networks of
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wireless sensors able to operate in both ordinary and emergency conditions, for long-term
monitoring purposes.
The results of the MOSCARDO project, completed in October 2018, make it possible to: i)
check the structural health of the monitored structures at any time and from any location; ii)
provide historical data sets that can be used to permanently monitor the tested structures and
develop predictions (and promptly act for repairing when needed); iii) gain an in-depth
knowledge of the structural behaviour of the historical construction, iv) reduce management
costs and security risks due both to environmental factors and anthropic activities (such as
vibrations due to vehicular and pedestrian traffic), i.e. the system can be used as a system to
support building maintenance and safeguard.
Three representative case studies in Italy have been selected to test and validate the system
developed in the project: two historic masonry towers (the Torre Grossa in San Gimignano
and the Mastio di Matilde in Livorno) and the Voltone in Livorno. The paper focuses on the
Voltone, a large vaulted masonry tunnel subjected to traffic vibrations coming from the above
square (Piazza della Repubblica).
2 AN OVERVIEW OF THE MOSCARDO SYSTEM
The main result of the MOSCARDO project was the development of some management
tools aimed at improving the knowledge of the static and dynamic behaviour of historical
buildings, assessing their structural health and providing information on any damage in
operational conditions and in the presence of exceptional events. The system developed is
therefore targeted at Local Agencies of the Ministry of Cultural Heritage and Activities, Local
and Regional Administrations, Civil Protection and all the authorities and organization
responsible for the architectural heritage safeguard.
MOSCARDO is a scalable and flexible system, which can be easily deployed on buildings
and infrastructures. It encompasses a Monitoring Control Centre (MCC) collecting and
analysing data coming from the sensor networks deployed on the building of interest.
Unmanned Aerial Vehicles (UAVs) can also be used for visual inspection, providing a
dedicated video feed to both close and remote operators.
In particular, the MOSCARDO system is composed of:
integrated Wireless Sensor Networks (WSNs) for the acquisition of structural and
environmental data, providing a low cost, high resolution, low energy consumption,
and limited visual impact monitoring system;
flexible and reliable IoT communication infrastructure built upon a publish /
subscribe communication paradigm;
Monitoring Control Centre (MCC) designed according to a cloud architecture that
provides services for storage, processing, and interpretation of data coming from the
WSNs and from the aerial vehicle;
algorithms and models for the analysis of the collected data and the numerical
simulation of the dynamic behaviour of monitored structures;
multi-channel and multi-platform interfaces for accessing and analysing data, images
and videos, so to promptly notify any trespassing of the alert thresholds or any other
events of interest captured by the monitoring system;
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front-end Augmented Reality (AR) for the interactive display of video streams and
data collected by the deployed sensors day by day, during UAV inspections, and for
offline playing, displaying the 3D model of the structure in an immersive setup, with
the possibility to also showing historical data stored at the MCC.

THE CASE STUDY OF THE VOLTONE IN LIVORNO

The MOSCARDO system is currently working on two masonry towers (the Matilde tower
in the Old Fortress of Livorno and the Torre Grossa in San Gimignano) and on a masonry
tunnel located beneath Piazza della Repubblica in Livorno.

Figure 1: Piazza della Repubblica and the underlying structure of the Voltone from the northern side.

This paper is focussed on the Voltone, a 220-meter long vaulted masonry structure shown
in Figure 1. Built in the first half of the nineteenth century by the architect Luigi Bettarini,
under the government of Leopoldo II d’Asburgo-Lorena7, it is constituted by a segmental
vault spanning about 12.5 m and standing on two lateral walls, through which the “Fosso
Reale” canal flows. The walls are strengthened by buttresses placed at intervals of about 5.8
meters one from the other. In the past years a survey of the structure including laser scanner
digital acquisition, geo-radar tests and masonry coring allowed acquiring the outer geometry
of the structure, as well as thickness and stratigraphy of the vault and the walls (Figure 2,
finite element mesh built via the NOSA-ITACA code8). The ends of the vault, whose
thickness is about 0.7 m, support some trafficked roadways (“Viale degli Avvalorati” in the
northern side and “Via del Voltone” in the southern), while the central part of the structure 0.4 m thick - supports the square, which is reserved to pedestrians.
A preliminary test aimed at measuring the vibrations of the vault under the roadways was
performed in October 2017. Fifteen mono-axial piezoelectric accelerometers (type PCB393C)
where installed at the intrados of the vault in the southern part of the structure, and the
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accelerations were acquired for two days at a sampling frequency of 400 Hz in the radial and
tangential directions.

Figure 2: Geometry and finite element mesh of the Voltone.

Figure 3: Installation (on the left) and final layout of the sensors (on the right).

The current MOSCARDO monitoring network, consisting of twenty-two transducers
(fifteen MEMS accelerometers “Colybris VS1002”, two linear transducers for crack
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monitoring, a thermometer installed inside the tunnel and a weather control unit on the
square) grouped in sixteen sensor nodes, was installed in October 2018 and is currently
working. Figure 3 shows the installation operations and the final layout of the sensors in the
southern end of the vault. The general sensor layout is reported in Figure 4; all the
accelerometers measure in the radial direction with respect to the intrados of the vault, except
two bi-axial sensors (encircled in blue in the figure), which measure in the radial and
tangential directions. The accelerometer sensors record fifteen minutes per hour, at a sampling
frequency of 50 Hz, while the environmental sensors acquire one sample per hour. All data
are sent to the on-line MMC (https://ccm.moscardo.it/), where data are stored and processed
in order to allow a real time visualization of the measured quantities. The MCC can be
accessed by the researchers of the MOSCARDO project and the technicians in charge with
the maintenance of the vaulted structure.

Figure 4: Map of the MOSCARDO sensors on the Voltone: mono-axial accelerometers, bi-axial accelerometers
(blue circles), linear transducers (gray), thermometer (red), weather control unit on the square (cyan).

Figure 5:Singular value decomposition of the spectral density matrix obtained from the signals recorded on 5
October 2017 (PCB accelerometers).

5

G. Bartoli, M. Betti, M. Girardi, C. Padovani, D. Pellegrini, B. Pintucchi, G. Zini

Some preliminary results of the data analysis are presented in the following. With regard to
the frequency content, the signals measured in October 2017 revealed dominant frequencies in
the range 10-15 Hz. Figure 5 shows the singular values decomposition of the spectral density
matrix obtained from the signals measured on 5 October 2017 by the piezoelectric
accelerometers; two peaks are evident in the first singular value at about 11 and 13 Hz,
corresponding to vertical oscillations of the vault (signals were processed using the Enhanced
Frequency Domain Decomposition method9). This finding is essentially confirmed by Figure
6, where the frequency content of the signal measured by sensor n. 16 in radial direction (see
Figure 4 for the sensor layout) is plotted, with reference to a congested time (19:00, cyan line)
and to midnight (blue line).

Figure 6:Frequency content of the signals recorded by MOSCARDO sensor n. 16 in the radial direction on 4 – 5
November 2018 at 19:00 (cyan) and at midnight (blue), Central European time.

In Figure 7 the Root Mean Square (RMS) of the signals recorded by sensors n. 16, 20 and
24 in the radial direction on 5 November 2018 is shown. The effects of the traffic in the
central hours of the day are clearly highlighted, in terms of both energy and variability of the
signal. Sensors n. 16 and n. 20, which are placed under the roadways, measure as expected
greater values of acceleration than sensor n. 24, which is placed under the square. In
particular, sensor n. 20, placed under the inner lane of Via del Voltone, exhibits the greatest
values. Figure 8 shows peak velocities in the radial direction deduced from the signal of
sensor n. 20, again with reference to 5 November. These values were deduced from the
accelerations measured by the sensor via numerical integration and after the application of a
sixth order high pass Butterworth filter with cut-off frequency of 1 Hz, as suggested by 10.
The maximum velocity recorded during the day approaches 8 mm/s at 16:00 and at 22:00
(Central European time). The peak acceleration measured by the sensor is 0.18 m/s2; this
value is close to that found on other monuments subjected to traffic, such as the Colosseum in
Rome11. Both the peak velocities and accelerations fall inside the expected values of trafficinduced vibrations identified by12: in particular, the rules report the ranges of (0.2 to 50 mm/s)
for the peak velocity and (0.02 to 1 m/s2) for the peak acceleration. However, high values of
the velocities and accelerations are reached in many hours during the day, as an effect of the
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passage of heavy vehicles - such as bus, trucks, etc - on the vaulted structure. In fact, it is
worth noting that, although specific rules for the assessment of historical buildings subjected
to traffic vibrations are not present in literature, a vertical velocity in the order of 10 mm/s is
reported in several codes10, 13 as a limit value not to induce damage in slabs. These
preliminary results, which need to be confirmed and extended in future works, clearly
highlight the role of permanent monitoring systems in assessing the structural health of
ancient constructions in the urban context.

Figure 7: RMS of the signals recorded on the Voltone on 5 November 2018.

Figure 8: Hourly peak velocities in radial direction deduced from the signal recorded by sensor n. 20
(5 November 2018).

4 CONCLUSIONS
The paper reported on some results obtained in the framework of the MOSCARDO
project, and focused on the dynamic monitoring of the Voltone, a masonry tunnel located
under Piazza della Repubblica in Livorno. A wireless sensor network was installed on the
structure in October 2018 and connected to a remote server, where data are collected and
processed; the monitoring system is currently working. The potentialities of the MOSCARDO
system, which can be easily extended to different structural types and modern structures, are
highlighted and briefly discussed with reference to the case study. The obtained results,
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although preliminary, clearly highlight the crucial role of permanent monitoring systems in
assessing the structural health of ancient constructions, with particular regard to vibrations
coming from the urban context.
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Summary: Heritage building stock represents a significant element at risk under earthquakes,
as recent seismic events have shown, especially in the Mediterranean area. In fact, in the last
few years, the issue of its seismic vulnerability assessment is widely discussed by the scientific
community.
The procedures for the vulnerability assessments involve many critical points, related to the
complexity and uncertainty of the parameters involved. In the last few years, the scientific
literature has proposed several multi-level procedures adequate for the regional scale analyses
of existing buildings of different typology. In particular, among historical constructions,
masonry churches have been studied in detail in Italy, proposing empiric approaches in which
a vulnerability index is defined based on the classification of recurrent failure mechanisms, and
exploiting a macro-elements approach in order to identify the parameters influencing the index.
On the other hand, intangible aspects related to the architectural, historical and artistic value,
both for the structural part themselves or for additional non-structural elements or contents, are
not included in the Index.
This paper proposes a procedure that integrates the well-known vulnerability evaluation of
existing masonry churches with the evaluation of the exposure related to the artistic and
architectural value of structural parts and additional artwork such as frescoes, statues and
paintings. In particular, the new methodology will provide a new “Index of artistic and
architectural asset” through the application of the Analytic Hierarchy Process.
The final objective of the work is to provide a complete information about the seismic risk to
regional scale, adapt for elaborating a prioritization scale for the assessment and retrofit of
existing masonry churches.

V. Sangiorgio, G. Uva, S. Ruggieri And J.M. Adam

1 INTRODUCTION
Vulnerability assessment of heritage building stock represents a complex topic in the scientific
community. In this context, several authors have proposed approximated and indirect largescale risk assessment methods that can be classified in two typologies: i) methods that work
with instrumental and quantitative data; ii) and methods that involve expert survey to acquire
both quantitative and qualitative data.
The first instrumental approaches exploit territorial and geo-spatial data to evaluate
quantitative parameters that affect the structures and outcome a risk index. To provide some
examples, some authors evaluates the building risk by using satellite and ground-based remote
sensing data [1] or through geographic information system [2,3].
The second approach involve an expert survey to obtain quantitative and qualitative data by
supporting the acquisition with guided on-site examinations and inspection checklists. Such
approaches are often related to the subjective estimation of surveyors, who autonomously
assign a score to each criticality by using tabulated weights and their personal experience [4].
In the last few years, the scientific literature has proposed several multi-level procedures [5,6]
adequate for the regional scale analyses of existing buildings of different typology [7,8,9]. In
particular, an effective empiric approach is proposed in Italy, in which a vulnerability index is
defined based on the classification of recurrent failure mechanisms and exploit a macroelements approach in order to identify the parameters influencing the index [10].
The framework is the expert survey one, in which a suitable on-site examination is performed
to identify damage and anti-seismic devices. Unfortunately, intangible aspects related to the
architectural, historical and artistic value, both for the structural part themselves and for
additional non-structural elements or contents, are not included in the Index.
This paper proposes a procedure that integrates the well-known vulnerability evaluation of
existing masonry churches with the incorporation of the potential losses related to the artistic
and architectural value of structural parts and additional artwork such as frescoes, statues and
paintings. In particular, a new “Index of artistic and architectural asset” is obtained through the
application of the Analytic Hierarchy Process (AHP) [11,3].
2 OVERVIEW ABOUT SIMPLIFIED METHODS FOR THE VULNERABILITY
ASSESSMENT OF CHURCHES
In order to quantify the vulnerability of churches at a regional scale and provide a rational
base for risk mitigation plans, it is fundamental to define simplified methods able to provide
extensive information on a large portfolio of buildings and, at the same time, reduce the cost
and time of field investigations. In Italy, the first simplified method provided for the
vulnerability analysis of churches was the “GNDT – S3 Model” sheet, based on subdivision of
structure in macro-elements [12]. In the following years, after the experience gained after many
Italian Earthquakes the sheet was modified and updated to the latest version, in which the
vulnerability evaluation is based on 28 damage mechanisms that can be activated on specific
macro-elements. According to this simplified approach, which can be classified within the
framework of indirect vulnerability methods, the building performance is expressed via a
Vulnerability Index iv [10, 13, 14, 15] that summarizes the constructive characteristics and
quality (considering also anti-seismic devices) that can directly influence the collapse
mechanisms of the building, contrasting or favouring their activation. It is defined as a weighted
average of the vulnerability of each macro-element:
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For the generic mechanism k (1≤k≤ 28), a weight ρk is assigned and represents the
influence of each mechanism in the global behaviour of the structure (it is variable from 0.5 to
1 according to predefined ranges). In particular, in order to fix predefined variation range of ρk
Lagomarsino and Podesta [12] exploited knowledge acquired in the vast amount of postearthquake investigations by considering the macroelement importance in relation with the
considered damage mechanisms. The choice of the precise value of ρk used in (1) depends
directly on the surveyor’s personal appraisal of the importance of the considered mechanism.
Mopreover, vki and vkp are respectively the vulnerability score and the a-seismic score of the
macro-element and are variable from 1 to 3. All these values are evaluated on the base of the
experience of the surveyors. The maximum vulnerability level corresponds to iv =1.
Unfortunately, these methodologies do not consider intangible aspects related to the
architectural, historical and artistic value, both for the structural part themselves or for
additional non-structural elements or contents.
To this aim in the present work, an additional index ia that follows the footsteps of the
macro-element simplified approach is defined to take into account the architectonical and
artistic value. In particular, the procedure to obtain the index is redefined according to a novel
classification of the architectonical and artistic value of the macro-element connected to the
mechanism, proposed by the authors and in accordance with the related literature. A MultiCriteria Decision Method called Analytic Hierarchy Process [16] is applied in order to structure
the problem and obtain tabulated values useful to determine ia through the weighting of artistic
and architectural value of every church macro-element.
3 AHP BASED METHODOLOGY
In this section the main steps of the AHP are discussed.
Starting from a decision problem, the first step consists of structuring the problem according
to a hierarchical scheme, to provide a detailed, simple and systematic decomposition of the
problem into its basic components. To this aim, the goal of the AHP is identified and the related
criteria, sub-criteria and alternatives to reach the goal are determined.
The second step of weight evaluation is the core of the method and provides the weights that
are necessary to generate the ranking. It is possible to separately analyze each aspect of the
decision problem. Considering n ordered criteria of comparison (i.e., criteria, sub-criteria or
alternatives in relation to criteria or sub-criteria), a n´n judgments matrix A is defined, where
each upper diagonal element aij>0 is generated by comparing the i-th with the j-th element
through the fundamental scale of absolute numbers. This semantic scale is composed of verbal
scales (Equal importance, Moderate importance, Strong importance, Very strong importance,
Extreme importance) that are associated with numerical values (1, 3, 5, 7, 9) and compromises
(1.5, 2, 4, 6, 8) between them.
The AHP uses the principal eigenvalue method for deriving ratio scale priority vectors from
positive reciprocal matrices. The weights are obtained by solving the following eigenvector
problem:
A w = λmax w

3

(2)

V. Sangiorgio, G. Uva, S. Ruggieri And J.M. Adam

where w is the eigenvector and λmax is the principal eigenvalue. In addition, Saaty defines the
consistency index CI to check the coherence of the assigned judgment. The index increases
proportionally with the incoherence of the matrix:
𝜆789 − 𝑛
.
(3)
𝑛−1
Operationally, the consistency test is performed through the Consistency Ratio (CR) to verify
that the paired comparisons are coherent, and the result is reliable. More precisely, CR is
obtained by considering the ratio between CI and its expected value, denoted the Random Index
(RI), determined on a large number of positive reciprocal matrices of order n whose entries are
randomly chosen in the set of values n∈{1,2,..., 20}. The following relationship holds:
𝐶𝐼 =

𝐶𝑅 =

𝐶𝐼
.
𝑅𝐼(𝑛)

(4)

Among the different values of RI proposed in the literature, those in Noble [17] were used,
as reported in Table 1. On the basis of several empirical studies, Saaty concluded that the value
of Consistency Ratio CR< 0.10 is acceptable [16].
The third step, i.e., the summary of priority, is performed to determine the global ranking
and the global weights; for this the weights of each criterion are combined with the weights of
the alternatives. The global weight is obtained by multiplying each criteria weight by the
alternative weight and totalling the results for each alternative [11, 16].
n
R.I.

1
0

2
0

3
0.49

4
0.82

5
1.03

6
1.16

7
1.25

8
1.31

9
1.36

10
1.39

Table 1: Noble’s Random Consistency Index [17]

4 AHP TO ANALYSE THE ARCHITECTURAL AND ARTISTIC ASSETS
4.1 AHP First step: Definition of macro-criteria, criteria and alternatives
The first step in AHP consists in the Structure of the Problem to determine tabulated weights
useful to quantify the potential losses in terms of artistic and architectural value of the Churches.
In particular, the goal is defined as the phenomenon Artistic and architectural value
quantification. To this aim, nine criteria i (with i=1,…,9) are defined and grouped into three
macro-criteria. For each criterion a set of alternatives j (with j=1,…,ni) is defined to
characterize the church, the macro elements and the internal artistic asset. The nine criteria,
and related alternatives are structured in a hierarchical flowchart that is showed in Figure 1 and
discussed as follows.
The First macro-criterion regards the Church artistic and architectural value in which the
first two criteria are grouped together:
1) Urban context location is a determining factor an artistic value in reference to the built
environment. In particular, Jokilehto [18] emphasizes the relevance of the location of a structure
in relation to the urban context. The church is considered to be of greater value if it is not a
separate entity with the urban context but is located in a well-defined historic centre. Four
alternatives (n1=4) are defined to classify the urban contest where the Church is located: i)
Historic centre; ii) Built area; iii) New buildings; iv) and Agricultural area.
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2) Year of construction influences the architectural value as discussed in the study of İpekoğlu
[19]. In particular, being historically older is a positive factor. To this aim a set of alternatives
(time intervals) to classify the churches are defined (n2=9) by taking into account the temporal
evolution of architectural styles in Italy and Europe: Before 500, Between 500-1000, Between
1000-1200, Between 1200-1400, Between 1400-1600, Between 1600-1700, Between 1600180, Between 1800-1900, After 1900.
The Second macro-criterion take into account the characteristics of the Macro-element of
the Church and it contemplate two criteria:
3) Macro-element importance considers the architectural value of the components of the church.
This criterion is defined in order to take into account the contextualization of the architecture
asset [20]. In particular, three alternatives (level of importance, n3=3) are defined: i) Major, ii)
Secondary, iii) Minor. To provide an example the macroelements of high importance are:
FAÇADE TYMPANUM, NARTHEX, CENTRAL NAVE , TRIUMPHAL ARCHES, DOME,
ROOF LANTERN, APSE , ROOF OF THE NAVE, ROOF OF APSE. In addition the
secondary macroelements are: COLONNADE, AISLES, TRANSEPT FAÇADE,
TRANSEPT, TRANSEPT VAULT, ROOF OF TRANSEPT, BELL TOWER and BELFRY.
4) Decorative apparatus considers the quantity and quality of architectural decoration of the
microelement such as stuccos, pilasters, capitals, etc. A qualitative evaluation can be performed
on the base of three alternatives: i) High, ii) Medium, iii) Low.
The Third macro-criterion take into account Internal artistic asset of every macro element.
This macro criterion is defined in order to consider the value of additional artwork such as
frescoes, statues and paintings of the Church by consider other five criteria:
5) Year of realization influences the artistic asset as the case of the architectural value [19]. It is
worth noting that every macro element could have Internal artistic asset belonging to different
historical periods, to this aim it is important to consider the year of realization of every
considered element. Analogously to the criterion 2, a set of alternatives (time intervals) to
classify the artistic asset are defined (n5=9) by taking into account the temporal evolution of
architectural styles in Italy and Europe: Before 500, Between 500-1000, Between 1000-1200,
Between 1200-1400, Between 1400-1600, Between 1600-1700, Between 1600-180, Between
1800-1900, After 1900;
6) State of conservation also has an important influence and it is straight connected to the value of
the artistic asset. A qualitative evaluation can be performed on the base of the existing damage
surveyed by assigning one of the three alternatives (n6=3) of the State of conservation: i) High
(overall good state of conservation), ii) Medium (presence of thin cracks or small wet
framework), iii) Low (presence of medium or wide cracks or degradation phenomenon).
7) Aptitude to suffer damage regards the connection between the artistic asset and the Macroelement. Some artistic asset has a very close connection to the structural damage such as the
frescos (a crack in the wall would certainly damage this asset). The connection can be partial
as in the case of statues of the façade. In addition, some artistic assets can be independent from
the Macro-element such as an organ. Following this rationality three alternatives (n7=3) are
defined: i) Integrated into the structure, ii) Partially integrated, iii) Independent.
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8) The documentation referred to the progress of studies that may have resulted in a different
attribution of value over time. Three alternatives (n8=3) of documentation level are defined: i)
High, ii) Medium, iii) Low.
9) The exceptionality is the last important criterion influences the value of the Internal artistic
asset. With this criterion it is considered the presence of a masterpiece or a rare or particularly
precious object characterized by a value without a defined limit. Two alternatives (n9=2) are
defined to consider this feature: i) Important author, ii) Minor author.

Figure 1: Structure of the Problem: Index of artistic and architectural asset.

4.2 AHP Second step: evaluating weights
The second step in the AHP individually analyses each aspect of the Structure of the Problem
in order to weight the parameters involved. The criteria and alternatives weights are defined as
follows:
• vi is the weight associated with each i-th criterion
• wij is the weight associated with each j-th alternatives related to the i-th criterion
This Section exploits literature studies of the artistic and architectural asset to obtain the
judgment matrices A in order to identify the tabulated weights vi and wij. For the sake of brevity,
the weight calculations of the alternative related to the criterion Urban context location and
belonging to the Church macro-criterion is showed. Pairwise comparisons of the alternatives
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are carried out performing a quantitative analysis to achieve the judgment matrix A1. The
weights are obtained by solving the eigenvector problem, as shown in Eq. (2) for matrix A1. The
resulting matrix satisfied the Consistency Ratio requirement CR<0.1 and derived consistent
weights w1j, normalized to 1 (see Table 2).
After obtaining the weights of the intensity ranges related to each criterion, the second AHP
step obtained the tabulated weights related to the Structure of the Problem (Table 3).
A1
(a)
(b)
(c)
(d)
CR
w1,j
Historic centre (a)
1.0
5.0
8.0
3.0
1.00
Built area (b)
0.2
1.0
2.0
0.7
0.22
0.002
New buildings (c)
0.1
0.5
1.0
0.5
0.13
Agricultural area (d)
0.3
1.5
2.0
1.0
0.30
Table 2: Judgment Matrix A1, weights, and CR for the alternatives related to Urban context location.
Macro-Criteria

Criteria

vi

Value

Urban context location

v1

0.11

Year of Construction

v2

0.05

Macro-element importance

v3

0.11

Decorative apparatus

v4

0.21

Year of realization

v5

0.05

State of conservation

v6

0.11

Aptitude to suffer damage

v7

0.11

The documentation

v8

0.05

The exceptionality

v9

0.21

Church

Macro–element

Internal artistic asset

Alternatives

wi,j

Value

Historic centre
Built area
New buildings
Agricultural area
Before 1-500
Between 500-1000
Between 1000-1200
Between 1200-1400
Between 1400-1600
Between 1600-1700
Between 1700-1800
Between 1800-1900
After 1900
Major
Secondary
Minor
High
Medium
Low
Before 1-500
Between 500-1000
Between 1000-1200
Between 1200-1400
Between 1400-1600
Between 1600-1700
Between 1700-1800
Between 1800-1900
After 1900
High
Medium
Low
Integrated into the structure
Partially integrated
Indipendent
High
Medium
Low
Important author
Minor author

w1,1
w1,2
w1,3
w1,4
w2,1
w2,2
w2,3
w2,4
w2,5
w2,6
w2,7
w2,8
w2,9
w3,1
w3,2
w3,3
w4,1
w4,2
w4,3
w5,1
w5,2
w5,3
w5,4
w5,5
w5,6
w5,7
w5,8
w5,9
w6,1
w6,2
w6,3
w7,1
w7,2
w7,3
w8,1
w8,2
w8,3
w9,1
w9,2

1
0.22
0.13
0.3
1
0.95
0.9
0.85
0.8
0.75
0.7
0.65
0.2
1
0.5
0.25
1
0.5
0.25
1
0.95
0.9
0.85
0.8
0.75
0.7
0.65
0.2
1
0.5
0.25
1
0.5
0.25
1
0.5
0.25
1
0.25

Table 3: Tabulated weight obtained by applying AHP Step 2

4.3 AHP Third step: global weights evaluation
Finally, the third step of the summary of priority can be performed to obtain the global
weights are obtained by multiplying each criteria weight by the alternative weight as in the
classical AHP procedure:
𝑤DEF = 𝑣D × 𝑤DE
(5)
in the following sections it is shown how these weights can be used in order to obtain an
synthetic index.
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5

INDEX OF ARTISTIC AND ARCHITECTURAL ASSET

After weighting, the Index of artistic and architectural asset (ia) can be defined.
In particular, the ia is evaluated in relation with the 28 damage mechanisms that can be activated
on specific macro-elements. The ia equation is developed according to the related literature [10,
13, 14, 15] in order to take into account the relation between the artistic asset and the damage
mechanisms of the macro element to which it is exposed. It is defined as a weighted average of
the artistic and architectural asset of each macro-element:
+,
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Where, analogously to the classical procedure, vki and vkp are respectively the seismic score
and the a-seismic score of the macro-element and are variable from 1 to 3. In addition, 𝛼K is the
artistic and architectural importance of the macro-element in relation with the damage
mechanisms. The evaluation of such parameter is discussed in the next section.
5.1 The Artistic asset survey and 𝜶𝒌 evaluation.
The parameter 𝛼K can be evaluated by means of a specific survey and by exploiting the
obtained global weights of the AHP. To this aim, a suitable Survey tab is proposed in order to
identify and classify all the information and the alternatives associated to the investigated
church during the survey. In particular, the tab is used to store information regarding the criteria
of artistic and architectural importance. The tab starts with general data containing information
to locate the Church, subsequently every macro element and the related architectural and artistic
assets is evaluated in accordance with the AHP structuring of the problem. To this aim, any
number of tab subsections (concerning the macro-elements) can be included in order to
individually analyze the artistic decorative asset of every macro-element of the church. It is
worth noting that every macro element could have internal artistical asset belonging to different
historical periods, to this aim it is important to insert all this information the survey tab. To
provide an example the dome of the Church SS. Salvatore located in Capurso, Puglia, Italy is
analyzed with the survey tab (Figure 2). Finally, let us assume that a Church is investigate with
the survey tab and for every macro element of the church all the alternative j regarding the
architectural and artistic asset are identified and stored in the Survey Tab. By using the
Tabulated weights (Table 3) and equation (4) the global weight associated to every alternative
can be obtained. In particular, 𝛼K can be evaluated by using the following equation:
𝛼K = ∑NDO$ 𝑤DEF
(7)
Where j are the alternatives individuated in Figure 2 and k is the considered mechanism.
5.2 Exampe of application.
Finally, to provides an example, the case of the dome of the Church SS. Salvatore is showed.
In particular, the macro element regards the Dome and the mechanism is activated with cracks
and deformation due to shear failure of the dome (k=14).
By exploiting the survey tab of Figure 2, the alternative j are identified and the associated global
F
F
F
F
F
weights are 𝑤DEF evaluated (𝑤$,$
= 0.11, 𝑤3,R
= 0.005, 𝑤T,R
= 0.005, 𝑤U,$
= 0.005, 𝑤R,$
=
F
F
F
F
0.032, 𝑤%,3 = 0.055, 𝑤W,$ = 0.11, 𝑤X,T = 0.012, 𝑤N,3 = 0.05). In addition, through equation
(4), 𝜌$U is evaluated 𝛼$U = 0.384. The value of 𝛼$U suggest that the dome of the Church SS.
Salvatore does not have an artistic and architectural asset of high value.
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CAPITOLO 5

C1

CHURCH ARCHITECTURAL AND ARTISTIC ASSETS
5.1. Chiesa Madre di SS. Salvatore, Capurso (BA)

General Church Data

165

Registry Data

CAPITOLO
5
Country
Region
Age (End of works)
VOLTA_12
Urban contex location

Figura ??. Codici di identificazione delle componenti

Italy
Puglia
Church architectural value

Address
City

SCALA 1:150

Via carone 2
Capurso

1541 (Between 1400-1600)
Historic centre

Built area

New building

Agricultural area

Figura ??. La Chiesa Madre di SS. Salvatore vista da via Carone e piazza Umberto I

Macro–elements

Church Survey
Survey Tab

La chiesa madre di SS. Salvatore a Capurso in provincia di Bari, si ubica nel centro storico del

Macro-element
paese tra via Carone, via Regina Sforza e piazza Umberto I e trae le sue origini nel periodo
Macro-element
importance
Major
Secondary
felice del cosiddetto “Rinascimento barese”, di cui fu propiziatrice la Regina di Polonia e la
Decorative
apparatus
High
Medium
Duchessa di Bari
Bona Sforza nel 1541.

Dome
Minor
Low

artistic
asset
Dall’impianto basilicale a tre navate di cui la centrale è due Internal
volte le laterali,
la chiesa
sorge su

Surveyed artistic asset

quella che un tempo era chiamata Piazza La Croce, all‘interno delle mura feudali, poco distanti

Fresco

Statue

Painting

Canopy

Organo

Other…

dalla Porta principale dell‘Università e in corrispondenza diretta con le Porta del Lago tale da

Yearinof
realization
diventare
poco
tempo la tappa d'obbligo per i visitatori del paese.

1818 (Between 1800-1900)

Tuttavia
la curia capursese decide di rimodernare
Statenel
of1818
conservation
Highl’interno della chiesa, facendoMedium
Low
rivestire le colonne con stucchi lucidi e le cupole con stucchi in gesso e far costruire la casa
Aptitude
to suffer damage
Integrated
into esercitava
the
canonica con il compito di contrastare le spinte
che il campanile
verso Piazza La
( connection with the MacroPartially integrated
Independent
structureun intervento di scuci cuci, CAPITOLO 5
Croce. Quest’ultimo viene restaurato nel 1832 attraverso
element)
necessario per la presenza di gravi lesioni e l’instabilità delle campane in sommità.
The documentation
High
Medium
Low
The exceptionality
Important author
Minor author

VOLTA_12

Artistic and architectural importance of the dome

α 14 = 0.384

Macro–elements

Macro-element

…

ARCHITRAVE_6
Figure
2: Survey tab: example of the dome of the Church SS. Salvatore.
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ARCHITRAVE_6
This paper proposes for the first time an index devoted
to quantifying the masonry churches
vulnerability including architectural and artistic assets in the analysis. This ambitious research
project was carried out in three phases: i) the choice of an existing method in related literature
as consolidated basis to develop the novel procedure, (the macro-elements approach in order to
identify the parameters influencing the index in relation with the recurrent failure mechanisms
is considered); ii) the application of the AHP to the case of the architectural and artistic assets
quantification in order to obtain necessary tabulated weights and to redefine the evaluation of
the proposed Index; iii) the definition of survey tabs to support the data acquisition of the church
architectural and artistic assets. Finally, an example of the application of the survey tab and
tabulated weights is performed on the dome of the Church SS. Salvatore, Capurso, Italy. The
ARCHITRAVE_7
project involved a combination of interdisciplinary
skills, including: structural engineering,
ARCHITRAVE_7
forensic engineering, statistics, multi-criteria analysis and evaluation of artistic assets. The
resulting index ia is a powerful tool and easy to be applied by practitioners, in order to include
important information on the potential losses in terms of artistic value of the churches in the
seismic risk evaluation. Future research will integrate the obtained index in suitable decision
support systems for large-scale church management to perform an fast survey and evaluation of
the architectonical and artistic asset.
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ABSTRACT
Sustainability of human activities has become an inescapable challenge. There is the rapidly arising
need for a “cradle to cradle” approach, in which any kind of process must return the materials
involved to their original source. This way of thinking guarantees that the next generations will have
the same amount of resources as we have today, so that their consumption can be sustainable.
In this context, traditional materials, such as raw earth, are re-garnering interest. Since ancient times,
earth has been used as a construction material in several forms (adobe, wattle and daub, rammed
earth) [1]. Although it is considered one of the first building materials, its mechanical characteristics
have been delineated only relatively recently: both its local response, at the microstructural level, and
global response, at the panel level, are still the subject of debate within the scientific community [2].

Figure 1: Timber-Framed Pisé panels subject to the compression-shear tests.

Cooperative research carried out at the universities of Pisa and Minho has contributed to updating the
rammed earth building technique. Inspired by a traditional Italian reinforcement technique known as
case baraccate [3], herein we propose a composite element formed by rammed earth panels
reinforced by a timber frame. By way of example, one Timber-Framed Pisé element (TFP in the
following) is shown in Figure 1.
The paper focuses mainly on assessing the mechanic response of the TFP. As the scientific literature
contains very few studies regarding the mechanical behaviour of composite structures like those
proposed here, the study necessarily began with a series of experimental tests in order to collect some
results on the capacity and stiffness of TFP elements under vertical and horizontal loads.
Four 1:2 scale TFP elements are loaded quasi-statically in a shear-compression test. The vertical load
is kept constant at a value determined by assuming the TFP elements to be part of the ground-level
load-bearing walls of a medium-sized residential building. A monotonically increasing horizontal
load is then applied to the first specimen, while a cyclic loading protocol is adopted in the other three
until critical damage of the specimens occurs. The experimental results are illustrated and compared
to those available in the literature [4, 5] on both reinforced and unreinforced elements.
In order to better understand TFP’s mechanical response, the experimental results are compared with
theoretical ones obtained via simplified schemes based on limit analysis while accounting for the
interaction between the rammed earth and timber frame.
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ABSTRACT
This paper deals with important challenge on validating the durability and lifetime integrity of massive
composite structures under extreme transient loads. The illustrative examples concern: earthquake,
airplane impact, fires or tsunamis. Special attention is given to costly massive structures or
infrastructure with ‘irreplaceable’ components, which are characterized by a number of different
failure modes that require the most detailed description and interaction across the scales. We would
like to significantly improve the currently dominant approach of mode superposition, which is
applicable when there is a linear relationship between external forces and corresponding structureinfrastructure response.
The key issue we address pertains to use of the material damage as the source of damping. Here, one
needs to define nonlinear inelastic models, which pertains to any particular material. It can
accommodate any among the most frequently used materials in engineering applications, such as steel,
concrete and masonry. We conclude with clear recommendations on how to define the damping
forces. Usual damping capacity is defined as the damping ratio of the energy dissipated in one cycle of
oscillation to the maximum amount of energy accumulated in the structure, with viscous nature of
damping forces. An alternative advocated here is to use the material damage and interface damping,
much dependent upon the type of material, as well as on manufacturing method. By taking into
account that the material characteristics vary due to material heterogeneities, which can be described
by replacing the material parameters with random variables of random fields. Such a coupled
nonlinear mechanics-probability computations provide the reliable estimation of influence that the
material damage can have on structural damping, leading to the same asymptotic response as viscous
damping, but described with much more reliable path to constructing predictive models. This is
illustrated for some of the most frequently used structure materials.
The main objective in better damage and failure modes interpretation is development of novel Meshin-Element (MIEL) Multiscale Method capable of representing strain field heterogeneities induced by
evolution (and interaction) of localized failure mechanisms in massive structure, pertaining to micro
scale (FPZ-fracture process zone), macro scale including softening (macro cracks) and non-local
macro scale (bond-slip for long fiber reinforcement). The objective of MIEL Multiscale Method is
also to provide capabilities for quantifying the risk of premature localized failure through probability
description of initial defects (microstructure heterogeneity) and uncertainty propagation through
scales. The novel scientific concept to be explored pertains to multiscale formulation and solution of
coupled nonlinear mechanics-probability problem replacing the standard homogenization approach
that can only provide average (deterministic) properties of heterogeneous composites. This concept is
of interdisciplinary nature with Mechanics (defining probability distribution) and Applied

Mathematics (providing uncertainty propagation) combined in order to capture the influence of
heterogeneities and fine scale defects on premature failure.
The most important challenge concerns the ability to provide the sound, probability-based explanation
of damping exponential asymptotic decay at the structural level, without resorting to classical viscous
model but with different failure modes observed for different size specimens and real structure
heterogeneities typical of composite materials.
Further details on the current research are given in our recent works (Ibrahimbegovic et al. 2003a,
2003b, 2003c, 2003d, 2004, 2005, 2007, 2008, 2009a, 2009b, 2009c, 2010a, 2010b, 2011, 2012, 2014,
2015, 2016, 2017, 2018, 2019).
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Summary. This work is aimed at defining performance limit states (PLSs) that are directly
related to the extreme response of reinforced concrete (RC) structures under notional removal
of columns. A prototype structure was selected from a companion paper [1], considering the
same column removal scenarios in terms of location in plan and elevation. Five PLSs were
defined in order to evaluate the corresponding levels of load capacity and their sensitivity to
model properties. Nonlinear dynamic analyses were carried out to characterize the residual
capacity of the case study structure after column removal. The characterization of PLSs was
based on appropriate damage measures and threshold values. Analysis results show a
sequential occurrence of PLSs and allow the identification of three model properties that
mostly influence the limit-state load capacity.
1 INTRODUCTION
Structural robustness is the ability to avoid progressive collapse phenomena after local
damage. In line of principle, robustness is a threat-dependent property of the whole structural
system, so it turns out to be a function of system characteristics and abnormal loads (single or
multiple, dynamic or impulsive, monotonic or cyclic). Robustness is strongly dependent on
redundancy, i.e. the ability of the structure to redistribute loads after a damage to a single or a
few members. Many studies on this topic are available in the literature, providing different
robustness measures: (i) reliability/risk-based measures that consider robustness as a threatdependent characteristic, accounting for effects of either abnormal loads or local damage to
the structure, and (ii) deterministic measures that consider robustness as a threat-independent
property regardless of events that may trigger a disproportionate collapse [2]–[8].
Despite the fact that the interest in progressive collapse and structural robustness has
grown in recent years, the definition of performance limit states for progressive collapse
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design/assessment is still to be explored. This is an important point towards the development
of next design codes/guidelines. This paper presents robustness-oriented performance limit
states (PLSs) for reinforced concrete (RC) framed structures and a sensitivity analysis of limit
state capacity.
2 DEFINITION OF PERFORMANCE LIMIT STATES
The definition of PLSs associated with increasing damage states (DSs) and their numerical
characterization was based on appropriate damage measures (DMs) and threshold
values. They can be described as follows:
1. slight damage (LS1): either the maximum steel strain, εs,max, attained the yield steel strain,
εsy, or the maximum strain in the concrete cover, εc,max, reaches the unconfined concrete
strain at peak strength, εcp; this DS is characterized by minor concrete cracking or steel
yielding in critical portions of beams close to the removed column;
2. moderate damage (LS2): the vertical drift of the beam located above the removed
column, θ, reaches a threshold value, θm; this DS consists of moderate cracking of
concrete cover in beams close to the removed column;
3. significant damage (LS3): either the maximum strain in concrete cover, εc,max, attains the
ultimate strain in the concrete cover, εcu, or the maximum strain in the concrete core,
εcc,max , reaches the confined concrete strain at peak strength, εccp; this DS is characterized
by concrete spalling and concrete core’s cracking of beams close to the removed column;
4. extensive damage (LS4): the maximum strain in the concrete core, εcc,max, attains the
ultimate strain of confined concrete, εccu; this DS is associated with concrete core’s
crushing in critical portions of beams close to the column removal;
5. progressive collapse (LS5): either εs,max attains the ultimate steel strain, εsu, which is
associated with tensile fracture of a longitudinal steel bar or by an ultimate vertical drift
of a beam in floor areas above the removed column; this limit state was meant to identify
the partial or total collapse of the structure.
Table 1 outlines the DSs above defined, variables and thresholds of the performance limit
states.
Limit state
LS1
LS2
LS3
LS4
LS5

DM
εs,max
εc,max

DM threshold
εsy
εcp



cp

εc,max
εcc,max
εcc,max
εs,max

εcu
εccp
εccu
εsu



u

Threshold value (%)
0.25
0.23
0.50
0.35
0.23
0.87
20
15

Table 1: Damage states, variables and thresholds for different performance limit states.
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3 ANALYSIS RESULTS
3.1 Sensitivity of load capacity to performance limit states
The building considered in this work is the RC framed structure presented in a companion
paper [1]. It is noted that the building archetype was designed only for gravity loads according
to Eurocode 2 [9] and that modelling assumptions are the same as those discussed in [1].
Nonlinear time history analyses were performed through the FE code Seismostruct [10] to
characterize the residual capacity of the structure after column removal scenario for each limit
state; eight scenarios were considered, as in the previous work, labelled from A1 to D2.
The results are listed in Table 2 and underline that the corner column-loss scenarios
(A1, B1, C1, D1) are more critical than their central counterparts (A2, B2, C2, D2). This is
evidenced by their limit-state load capacities. For example, scenarios involving columns of
the first floor level (A1, A2) were characterized by a limit-state load capacity (for LS1) equal
to 40% and 50% of design load for scenario involving the corner and central column loss
scenarios, respectively, and this happens for any other scenario.
Moderate damage (LS2) and significant damage (LS3) were reached with an increase of
20% of design load in almost all scenarios, except for scenario D2 that caused a 30% increase.
The extensive damage (LS4) was reached with different values of design loads. Column
removal scenarios at the first and second floor levels led to a lower capacity of the structure
(120% of design load). The same value was found for the four scenarios considered,
highlighting that the location of the removed column had no influence. Column removal
scenarios involving third and fourth floor level columns were characterized by a higher value
of design load, showing a sensitivity to the removed column location. A variation of up to
15% of design load was found for the central column (D2) compared to the corner column
(D1).
Similar results with higher capacity levels were obtained in the case of progressive
collapse (LS5). Column-removal scenarios involving the fourth floor level columns were
found to be those characterized by the highest multiplier of design load (150%), something
that is in line with the output of the companion study [1].
Limit State
LS1
LS2
LS3
LS4
LS5

A1
(%)
40
60
60
120
134

A2
(%)
50
70
70
120
140

B1
(%)
40
60
60
120
135

B2
(%)
50
70
70
120
140

Scenario
C1
(%)
40
60
60
125
135

C2
(%)
50
70
70
137
140

D1
(%)
40
60
60
125
150

Table 2: Limit-state load capacity under varying column-removal scenario

3

D2
(%)
50
70
80
140
150
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3.2 Sensitivity of load capacity to model properties
The results of previous analyses showed that load capacity was more sensitive to the inplan location of the removed column than that in elevation. Accordingly, the second group of
analyses focused only on scenarios involving columns at the ground floor (A1, A2).
Nonlinear time history analyses were carried out to assess the sensitivity of limit-state load
capacity to five model properties selected in a companion paper [1]. Three statistical values
were assigned to each model property, namely  ‒ , ,  + where  and  indicate the
mean value and standard deviation, respectively.
Analysis results are listed in Tables 3 and 4, showing that the span length of primary
beams, Lx, the span length of secondary beams, Ly, and the yield strength of steel
reinforcement, fy, mostly influence the limit-state load capacity. LS1 was characterized by the
highest reduction (50% of design load) and increase (130% of design load) of limit-state load
capacity related to Ly. By contrast, variations of Lx had a greater impact on load capacity
corresponding to LS2. Such results are also graphically represented through tornado diagrams,
which were developed in terms of percentage variations of load capacity (ΔQb,LS) with respect
to their values associated with mean model properties. Figures 1 and 2 show that the reduction
of Lx and Ly led to an increase of load capacity of the structure for each scenario, so it can be
translated in a good effect. On the other hand, the reduction of yield steel strength caused a
load capacity drop. Compressive strength of concrete, fc, and longitudinal reinforcement ratio
of primary beams, ρ, were found to be the model properties that affect less the limit state
capacity of the structure.

Model
property
‒
fc

+
‒
fy

+
‒
Lx

+
‒
Ly

+
‒




+

Qb,LS1
[%]
40
40
30
30
40
40
50
40
40
60
40
20
40
40
40

ΔQb,LS1
[%]
0
-25
-25
0
25
0
50
-50
0
0

Qb,LS2
[%]
60
60
60
50
60
60
80
60
50
120
60
40
50
60
60

Scenario A1
ΔQb,LS2 Qb,LS3 ΔQb,LS3
[%]
[%]
[%]
0
60
0
60
0
70
17
-17
60
0
60
0
70
17
33
80
33
60
-17
50
-17
100
120
100
60
-33
40
-33
-17
60
0
60
0
70
17

Qb,LS4
[%]
130
130
130
120
130
140
150
130
110
180
130
80
120
130
130

ΔQb,LS4
[%]
0
0
-17
17
15
-15
38
-38
-8
0

Qb,LS5
[%]
150
135
140
130
135
150
160
130
120
240
135
90
130
135
140

Table 3: Sensitivity of limit-state load capacity to model properties under scenario A1
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ΔQb,LS5
[%]
11
4
-4
11
23
-8
78
-33
-4
4
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Model
property
‒
fc

+
‒
fy

+
‒
Lx

+
‒
Ly

+
‒




+

Qb,LS1
[%]
50
50
50
40
50
50
60
50
40
115
50
40
50
50
50

ΔQb,LS1
[%]
0
0
-20
0
20
-20
130
-20
0
0

Qb,LS2
[%]
70
70
70
60
70
70
90
70
50
140
70
50
70
70
70

Scenario A2
ΔQb,LS2 Qb,LS3 ΔQb,LS3
[%]
[%]
[%]
0
70
0
70
0
70
0
-14
70
0
70
0
70
0
29
90
29
70
-29
55
-21
100
150
114
70
-29
50
-29
0
70
0
70
0
70
0

Qb,LS4
[%]
130
120
120
110
120
130
150
120
110
210
120
70
110
120
120

ΔQb,LS4
[%]
-8
0
-8
8
25
-8
75
-42
-8
0

Qb,LS5
[%]
150
142
140
130
142
160
170
142
120
240
142
100
140
142
150

Table 4: Sensitivity of limit-state load capacity to model properties under scenario A2
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ΔQb,LS5
[%]
-6
-1
-8
13
20
-15
69
-30
-1
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LS1

Lx
Ly

Ly

fy

fy

ρ

ρ

μ–σ
μ+σ

fc
‐200

‐150

‐100

‐50

0
50
ΔQb,LS [%]

100

150

LS2

Lx

μ–σ
μ+σ

fc
‐200

200

‐150

‐100

‐50

0

(a)
LS3

Ly

fy

fy

ρ

ρ
μ–σ
μ+σ

fc
‐100

‐50

150

200

0
50
ΔQb,LS [%]

100

150

LS4

Lx

Ly

‐150

100

(b)

Lx

‐200

50

ΔQb,LS [%]

μ–σ
μ+σ

fc

200

‐200

‐150

‐100

‐50

0
50
ΔQb,LS [%]

(c)

100

150

200

(d)
LS5

Lx
Ly
fy
ρ

μ–σ
μ+σ

fc
‐200

‐150

‐100

‐50

0
50
ΔQb,LS [%]

100

150

200

(e)
Figure 1: Tornado diagrams of load capacity corresponding to scenario A1: (a) LS1; (b) LS2; (c) LS3; (d) LS4;
(e) LS5
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LS1

Lx
Ly

Ly

fy

fy

ρ

ρ
μ–σ
μ+σ

fc
‐200

‐150

‐100

‐50

0
50
ΔQb,LS [%]

100

150

LS2

Lx

μ–σ
μ+σ

fc

200

‐200

‐150

‐100

‐50

0
50
ΔQb,LS [%]

(a)
LS3

Ly

fy

fy

ρ

ρ
μ–σ
μ+σ

fc
‐100

‐50

200

0
50
ΔQb,LS [%]

100

150

LS4

Lx

Ly

‐150

150

(b)

Lx

‐200

100

μ–σ
μ+σ

fc

200

‐200

‐150

‐100

‐50

0
50
ΔQb,LS [%]

(c)

100

150

200

(d)
LS5

Lx
Ly
fy
ρ

μ–σ
μ+σ

fc
‐200

‐150

‐100

‐50

0
50
ΔQb,LS [%]

100

150

200

(e)
Figure 2: Tornado diagrams of load capacity corresponding to scenario A2: (a) LS1; (b) LS2; (c) LS3; (d) LS4;
(e) LS5
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4 CONCLUSIONS
The aim of this work was to define five performance limit states for progressive collapse
analysis of RC structures and to assess the sensitivity of load capacity of the reference
structure for each single-column removal scenario of interest. The influence of five model
properties on limit-state load capacity was evaluated. Nonlinear time history analyses were
first carried out for eight scenarios and secondly for scenarios occurring at the ground floor.
Analysis results allow the authors to draw the following conclusions:
Each scenario was characterized by a sequential occurrence of the performance limit
states proposed in this study.
The prototype structure showed a lower capacity against corner column-loss
scenarios with respect to central column-loss scenarios.
In almost all scenarios, the limit-state load capacities corresponding to moderate
damage (LS2) and significant damage (LS3) undergo an increase of 20% of design
load.
Tornado diagrams underline that lx, ly and fy are the capacity model properties that
mostly influence the limit-state load capacity.
A reduction of fy has a negative impact on load capacity, especially for extensive
damage (LS4) and progressive collapse (LS5).
Variations of fc and ρ have a minor influence on the limit state capacity of the
structure.
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Summary. In this study, the behaviour of a typical reinforced concrete structure subjected to
the sudden removal of a single column was assessed. Eight single-column removal scenarios
were studied, by varying the column position (i.e. central or corner column) as well as the
column location along the height of the structure, from the ground floor to the penultimate
floor. Nonlinear dynamic analyses were carried out by varying the ultimate steel strain, which
was set to 4% (typical figure used for conventional limit state verifications), 10% and 20%.
This allowed the sensitivity of progressive collapse capacity to ultimate steel strain to be
evaluated. Further analyses were carried out by varying some structural parameters related to
geometry and materials, in order to identify the most influential parameters. The results
showed the significant influence of ultimate steel strain on progressive collapse capacity. The
yield strength of steel reinforcement and beam span lengths were found to be additional
important parameters for progressive collapse assessment.
1

INTRODUCTION

Progressive collapse is defined as “the spread of an initial local failure from element to
element, which eventually results in the collapse of an entire structure or a disproportionately
large part of it” [1]. Exceptional loads, such as windstorms, megathrust earthquakes,
explosions, impacts, and deterioration phenomena (steel corrosion, concrete delamination,
etc.), often cause local damage to key building components that may result in a progressive
collapse of the entire structure or a large part of it. As discussed by El-Tawil et al. [2], the
interest in this topic began in 1968 with the partial collapse of the Ronan Point tower
(London, UK), which triggered high interest in design and analysis of structures subjected to
this phenomenon. Several studies were conducted for different classes of structures [3]–[4], in
order to assess the structural response to progressive collapse. This paper is chiefly concerned
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with sensitivity analysis on a reinforced concrete (RC) building designed according to
Eurocode 2 [5], namely for gravity loads only. The aim is to assess the sensitivity of
progressive collapse capacity. In a companion paper [9], performance limit states for
progressive collapse analysis of RC framed structures have been proposed and their
corresponding capacity levels have been evaluated.
2 SELECTED BUILDING AND ANALYSIS PROCEDURE
Sensitivity analysis on progressive collapse resistance of the selected RC building was
carried out to assess the structure capacity under different single-column removal scenarios.
The case-study structure is shown in Figure 1 and is characterized by a rectangular plan; the
building archetype consists of five floors and six bays. The interstory height is 3 m at each
floor level, resulting in a building height of 15 m. The structure was designed only to gravity
loads according to Eurocode 2 [5], because it was assumed to be located in a non-seismic
region. Gravity loads were combined according to equation 1, as per UFC guidelines [6],
where DL and LL indicate dead loads and live loads, respectively. The former were set to 3
kN/m2, whereas the latter were assumed to be 2 kN/m2.
Qbd = 1.2DL + 0.5LL

15 m

3m

3m

3m

3m

3m

(1)

5m

5m

5m

30 m

5m

5m

5m

Figure 1: Reference frame model

Geometric characteristics of structural elements are listed in Table 1 and were
characterized by the same transverse steel reinforcement, i.e. ϕ18 stirrups with 200 mm
spacing. In all elements, concrete cover was set to 40 mm.
Structural element
Column
Beam

Size
400×400 mm2
300×500 mm2

Longitudinal reinforcement
8 ϕ18
6 ϕ18

Table 1: Geometric characteristics of structural elements

The nonlinear capacity of the structure was modelled in accordance with a spread plasticity
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approach and a force-based (FB) fibre formulation, in which a linear moment variation is
imposed. This type of formulation was preferred over its displacement-based counterpart to
account for material inelasticity. In such a case, the FB formulation is always exact because it
does not depend on the assumed sectional constitutive behaviour.
Each fibre was associated with a different constitutive model, based on fibre position and
material type. The nonlinear mechanical behaviour of concrete was taken into account
through the Mander et al. model [7], while the uniaxial bilinear stress-strain model with
kinematic strain hardening was adopted for reinforcing steel. Characteristic values of cylinder
compressive strength of concrete and yield steel strength were set to 20 MPa and 450 MPa,
respectively.
Eight single-column sudden removal scenarios were considered, as shown in Figure 2.
Both corner and central columns at floor levels from 1 to 4 were removed. The removed
columns of the reference framed building were alphanumerically labelled (for example, A1
indicates the leftmost ground floor column).

Figure 2: Location and labelling of single-column removal scenarios

For each scenario, the following capacity measures of progressive collapse were evaluated
through incremental dynamic analysis (IDA): (i) the maximum load capacity, Qbmax, and (ii)
the corresponding vertical drift θQbmax = tan−1(Dv,max/Lb) that is represented by be the chord
rotation of beams reached in the transient phase of structural response at the maximum load
capacity. Dv stands for the vertical displacement of the structure after dynamically simulated
column removal, which was monitored at the upper joint (control point) of the removed
column until system failure was reached.
IDA is a sequence of nonlinear time history analyses (NLTHAs), each of them performed
under a different (and progressively increased) intensity of gravity loads, i.e. the inertia
masses corresponding to the downward load on beams. Progressive collapse simulations were
carried out through the FE code SeismoStruct [8].
The first set of IDAs was performed under varying ultimate steel strain. Three values of
this parameter were hypothesised, i.e. 4%, 10% and 20%, in order to evaluate its influence on
progressive collapse capacity measures.
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Subsequently, a set of 88 NLTHAs was performed for three alternative values of capacity
model properties (i.e., μ, μ – σ, μ + σ) in order to evaluate their influence on the maximum
drift demand (θmax,Qbd). Five properties related to the structural geometry and materials
characteristics were considered, i.e. (i) compressive strength of concrete, fc, (ii) yield strength
of steel reinforcement, fy, (iii) span length of primary beams, Lx, (iv) span length of secondary
beams Ly, and (v) longitudinal reinforcement ratio of primary beams, ρ. In this second part of
the study, the ultimate steel strain was set to 20% in order to have a more realistic assessment
of structural response.
3 ANALYSIS RESULTS
3.1 Influence of ultimate steel strain on structure capacity
The first series of IDAs was undertaken to evaluate the influence of the ultimate steel
strain on the maximum load capacity of the structure and on the corresponding vertical drift,
when subjected to single-column removal scenario.
Analysis results are summarised in Table 2, where bold figures indicate the highest values
of capacity measures and underlined figures indicate the lowest values of Qbmax. The results
show a high sensitivity of Qbmax to the ultimate steel strain. When the ultimate steel strain was
set to 10%, the maximum increase of Qbmax was 71.43% of design load and was associated
with corner column-removal scenario at third floor level (scenario C1). Qbmax reached its
maximum value, i.e. 108.33% of design load, when the corner column D1 was removed and
εsu was set to 20%; that scenario was also characterised by the highest value of the
corresponding vertical drift, which was equal to 14.74%. IDA curves provide a graphical
representation of such results, highlighting how the design load (as percentage) varies as the
vertical drift of the control point increases. The IDA curves related to column-removal
scenario D1 are shown in Figure 3. For an ultimate steel strain equal to 4%, the curve appears
to be rather linear, since the ductile response of individual fibres does not necessarily produce
a significantly nonlinear response of the structure. When εsu was increased to 10%, the
nonlinear effects became more pronounced, and then the vertical drift drastically increased
when εsu = 20%. The single-column removal scenario characterised by the lowest increase of
Qbmax was found to be that denoted as B2, when the ultimate steel strain was set to 10%
(corresponding to an increase of 43.68%) or 20% (corresponding to an increase of 60.92%.
Another graphical representation of the results was obtained in terms of drift time histories,
which show the variation of vertical drift over time for increasing multipliers of design load
applied to the structure. For instance, drift time histories corresponding to scenario A1 are
illustrated in Figure 4. When the corner column A1 was removed, the maximum load resisted
by the structure increased from 72% to 134% of design load, assuming an ultimate steel strain
of 20%. A similar outcome was found in terms of drift, which increased from to 1.1% to
9.26%. It can be inferred that the in-plan location of the removed column (central or corner)
influences the progressive collapse capacity more than its location along the building height.
Indeed, considering a central column-removal scenario, the variation of the maximum load
capacity was approximately equal to 2% at different floor levels. By contrast, variations of up
to 20% were found as the location in plan was changed.
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εsu

Scenario

Qbmax (%)

θQbmax (%)

ΔQbmax (%)

A1
A2
B1
B2
C1
C2
D1
D2
A1
A2
B1
B2
C1
C2
D1
D2
A1
A2
B1
B2
C1
C2
D1
D2

72
84
70
87
70
84
72
88
118
123
115
125
120
130
123
134
134
140
135
140
135
140
150
150

1.1
0.9
1.08
0.95
1.11
0.88
1.15
0.89
4.32
2.11
3.57
2.24
4.29
2.86
4.34
2.38
9.26
6.87
8.67
8.22
8.94
5.89
14.74
10.63

63.89
46.43
64.29
43.68
71.43
54.76
70.83
52.27
86.11
66.67
92.86
60.92
92.86
66.67
108.33
70.45

4%

10%

20%

Table 2: Influence of ultimate steel strain on progressive collapse capacity
160%
140%

Qb,d [%]

120%
100%
80%
60%
40%

εsu = 4%
εsu = 10%
εsu = 20%

20%
0%
0%

3%

6%

9%

12%

15%

θ [%]

Figure 3: IDA curves under varying column-removal scenario D1
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-2
-3
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-4

-1
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2

2.5

Qb = 30%
Qb = 40%
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2
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0

-5
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(b)
t [s]
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0.5

1

1.5

0

2.5

Qb = 30%
Qb = 40%
Qb = 50%
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Qb = 70%
Qb = 80%
Qb = 90%
Qb = 100%
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Qb = 130%
Qb = 134%

-1
-2
-3
θ [%]

2

-4
-5
-6
-7
-8
-9
-10

(c)
Figure 4: Drift time histories under column-removal scenario A1: (a) εsu = 4%, (b) εsu = 10%, (c) εsu = 20%

3.2 Sensitivity of maximum drift demand to capacity model properties
The second stage of this study was the assessment of the sensitivity of the maximum drift
demand to the capacity model properties mentioned above. That stage was divided in two
parts as follows:
1. evaluation of the sensitivity of maximum drift demand, θmax,Qbd, to capacity model
properties (fc, fy, Lx, Ly, ρ), given εsu = 20%;
2. nonlinear dynamic simulations by varying the single-column removal scenarios and
the values of capacity model properties (μ – σ, μ, μ + σ).
Table 3 outlines the mean and the coefficient of variation (CoV) of the capacity model
properties [10]. Analysis results are collected in Table 4 and show that the reduction of the
beam length, along both x and y axes, produces the highest variation of maximum drift
demand that reduces of up to 90%. On the other hand, the results show that the structure was
no longer able to carry the design load when the yield strength of steel reinforcement and the
longitudinal reinforcement ratio of primary beams were reduced. This condition is indicated
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with the symbol C in Table 4. Instead, the variation of compressive strength of concrete did
not significantly influence the maximum drift demand, since maximum reductions of 10%
were computed. A similar result was obtained under increasing the longitudinal reinforcement
ratio of primary beams, ρ, which caused a maximum variation of -16%.
Property
f
c

µ
28 MPa

CoV
10%

f

y

500 MPa

10%

5m

20%

5m
1%

20%
5%

L
L

x
y

ρ

Table 3: Mean and coefficient of variation of capacity model properties
Property

Statistical
value
μ

fc
[MPa]

μ–σ
μ+σ

fy
[MPa]
Lx
[m]
Ly
[m]

ρ
[%]

μ
μ–σ
μ+σ
μ
μ–σ
μ+σ
μ
μ–σ
μ+σ
μ
μ–σ
μ+σ

28
25.2
30.8
500
450
550
5
4
6
5
4
6
1
0.96
1.04

A1
-8.60%

A2
-6.87%

B1
-8.67%

Scenario
B2
C1
-6.84% -8.27%

-8.30%
(-3%)
-8.34%
(-3%)
-8.60%
C
-5.44%
(-37%)
-8.60%
-0.85%
(-90%)
C
-8.60%
-1.27%
(-85%)
C
-8.60%
C
-7.63%
(-11%)

-6.76%
(-2%)
-6.63%
(-3%)
-6.87%
C
-3.42%
(-50%)
-6.87%
-0.62%
(-90%)
C
-6.87%
-1.50%
(-78%)
C
-6.87%
C
-5.83%
(-15%)

-8.36%
(-4%)
-8.45%
(-3%)
-8.67%
C
-5.51%
(-36%)
-8.67%
-0.89%
(-90%)
C
-8.67%
-2.43%
(-72%)
C
-8.67%
C
-7.76%
(-10%)

-6.26%
(-8%)
-6.53%
(-5%)
-6.84%
C
-3.33%
(-51%)
-6.84%
-0.62%
(-91%)
C
-6.84%
-1.45%
(-79%)
C
-6.84%
C
-5.73%
(-16%)

-7.97%
(-4%)
-8.07%
(-2%)
-8.27%
C
-5.10%
(-38%)
-8.27%
-0.92%
(-89%)
C
-8.27%
-2.34%
(-72%)
C
-8.27%
C
-7.38%
(-11%)

C2
-6.15%

D1
-12.75%

D2
-8.25%

-5.56%
(-10%)
-5.77%
(-6%)
-6.15%
C
-2.37%
(-61%)
-6.15%
-0.61%
(-90%)
C
-6.15%
-1.43%
(-77%)
C
-6.15%
C
C

C

-7.14%
(-13%)
C

-12.28%
(-4%)
-12.75%
C
-8.65%
(-32%)
-12.75%
-1.10%
(-91%)
C
-12.75%
-3.59%
(-72%)
C
-12.75%
C
-11.60%
(-9%)

-8.25%
C
-3.62%
(-56%)
-8.25%
-0.63%
(-92%)
C
-8.25%
-1.48%
(-82%)
C
-8.25%
C
-6.97%
(-16%)

Table 4: Maximum drift demand at the design load level under varying capacity model properties and
column-removal scenario

4 CONCLUSIONS
In this study, eight single-column removal scenarios were considered for progressive
collapse analysis of a typical RC structure. Nonlinear dynamic analyses were carried out to
assess the influence of the ultimate steel strain as well as the variation of some structure
properties on building response to notional column removal. Analysis results allow the
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following conclusions to be drawn:
Qb,max is highly sensitive to εsu, the mean of Qb,max being equal to 78%, 124% and
141% of the code-compliant design load Qbd for εsu equal to 4%, 10% and 20%,
respectively.
The highest increase in Qb,max was associated with the corner column-removal
scenario, regardless of the floor level.
The capacity measures appeared to be mainly sensitive to the location of the removed
column in plan (i.e., corner or central) rather than in elevation.
Assuming εsu = 20%, a more realistic assessment of structural response and
progressive collapse capacity is obtained.
The maximum beam drift, θmax,Qbd, is not significantly influenced by fc.
The structure was no longer able to carry the design load when fc and ρ were reduced.
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Summary. Corrosion damage of reinforcement in concrete elements due to chloride attack is a
major problem for long term durability of Reinforced Concrete (RC) structures and, if unvalued,
it can put the whole or part of the structural system at risk, including the environment and
people’s lives. The diffusion of the chloride ions in RC structures varies in time (days, years)
and space (two dimensions and three dimensions) and depends on many uncertain factors, such
as the composition of the concrete and its properties, temperature, aging and humidity.
Moreover, each of these factors have a several uncertain intrinsic sub-factors that are difficult
to be defined. In this work two aspects have been studied: the content of chloride ions in
concrete and the fluctuation of the diffusivity. The first aspect by using stochastic randomness
parameters helps to estimate the service life of the structure, whereas the second one calls
attention to the fact that the real nature of the diffusion process is random. Numerical analyses
have been carried out. The governing equations were modified to account for the non-constant
diffusion coefficient in hardened cement paste under non-steady-state condition. This paper’s
aim is to develop a new probabilistic analysis. Results show that the expected time for corrosion
initiation is around of 40 years, whereas the more probability of failure is around 50 years.
Finally, the fluctuation of the diffusivity in 2D/3D model is carried out showing a reduction of
the chloride content.
1 INTRODUCTION
This work analyses the diffusion of chloride ions in Reinforced Concrete (RC) constructions.
The effects of this diffusion increase the probability that the reinforced steel can be corroded,
affecting the long-term durability of the construction elements. This issue is studied by
specialists and researchers in different part of the world to minimize the failure risk and the
negative impact of the project on the environment[4,5,10,11,12].
Here, two alternative approaches are carried out, in this sense, this paper incentives at
providing some points of innovation. The first approach is a probabilistic approach, whereas
the second one is a numerical computational approach. The main goals regarding both
approaches are to estimate the time for corrosion initiation of the steel reinforcement by chloride
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ions diffusion and to define the influence of the fluctuating chloride diffusivity in two and three
dimensions.
The contributions of the temperature, aging and humidity on the chloride diffusivity are
taken into account.
In order to validate and compare the results, the analytical solution is adopted, and three
different probabilistic techniques are used. Using several approaches (probabilistic, analytical
and numerical) improves the understanding of processes, given that the real conditions are very
irregular and aleatory.
2 CHLORIDE DIFFUSIVITY MECHANICAL MODELS
2.1 Governing equations

The flux of chloride ions, J, depends on its concentration gradient, ∇C, by the Fick’s first
law[5]:
=−

(1)

where: Dcl is the diffusivity in saturated capillary pores in the concrete.
Considering the mass balance principle along the time t in the three directions i = {x, y, z}
under non-steady-state conditions, Eq. (1) becomes[7]:
=

,

=

,

+

,

+

,

(2)

Equation (2) is known as the Fick’s second law, which calculates the chloride concentration,
C, at a specific position i along time t.
The analytical solution of Eq. (2) is obtained if two main hypotheses are respected: the
medium is homogeneous and the diffusion front is mono-dimensional.
Other mechanical and chemical limitations can be considered to further simplify the
analytical solution.
Regarding the mechanical limitations, there are: (i) the superficial chloride concentration,
Cs, is uniform and constant; (ii) the concrete structure is a semi-infinite medium; and (iii) the
external surface of the concrete is plane.
Regarding the chemical limitations: (i) the chloride ions are transported into a watersaturated concrete only via diffusion and do not react with the other ions; and (ii) the chemical
composition of substances in the concrete pores is in equilibrium during the entire diffusion
process.
2.2 Analytical equation
The analytical solution of the Eq. (2) in x and t is given by[4]:
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where: C is the initial chloride concentration and erf(·) is the Gaussian error function.
The diffusivity, Dcl, in this analysis, is expressed by the following multi-factors equation[2]:
=

,89:

× #< = × #>

× #? ℎ

(4)

where: DBC,DEF is a constant factor, f1 depends on temperature T, f2 depends on the concrete age
t and f3 depends on the humidity h. More details regarding these factors are provided in the
literature[2,9].
2.3 Numerical equation
The numerical analysis is considered by solving the system of partial differential equations
described by Eq. (2) plus the following conditions:
)*+ +,- ./*0+ +/*: +, 0 =
3/4*0," ./*0+ +/*5: 0, G = ; +G ,

G

=

(5)

where: im and tm are two defined variables related to the position i (= x,y,z) and time,
respectively.
To carry out the numerical analyses, the initial and boundary conditions must be predetermined, in an explicit way, to not generate the arbitrary constants that represent the degrees
of freedom associated with the calculation of the integrals to solve Eq. (2).
The used conditions are: 0 ≤ tm ≤ 2π years and 0 ≤ xm ≤ 6 cm. At the maximum distance in
direction x of xm = 120 cm, the boundary condition is restored, i.e. C(xm,tm) = C0.
3

MATERIALS AND METHODS

3.1 Materials
The data used in this analysis are divided in two categories: probabilistic and deterministic
data. The parameters that have not variations so influent have been chosen as deterministic,
therefore are defined a-priori.
Table 1 shows both types of data indicating their value and the coefficient of variation CV,
as Cv = 100 × (standard deviation/mean value). The adopted distribution for all probabilistic
parameters is Gaussian.
The parameters without asterisk are retrieved from literature as quoted, whereas those with
the asterisk are estimated by authors (e.g. xc = 50 cm, which means that the analysis is carried

3

Enrico Zacchei and Caio G. Nogueira

out at this depth; w/c = 0.5 is between a common range of a standard concrete[14]; Dcl,ref is
usually calculated through equations depending on only a w/c ratio [2], but the authors believe
that this dependency is very simplify, therefore this factor has been taken a priori).
Probabilistic parameter
Initial chloride concentration,
Co (kg/m3)
Superficial chloride
concentration, Cs (kg/m3)

Mean value

CV (%)

Deterministic parameter

Value

0.5[15]

58

Reference temperature, T0 (K)

293[9]

1.15[11]

50

Reference age, tref (year)

0.077[2]

Activation energy, Ea (kJ/mol)

44.6[10]

10

Time for constant diffusivity, tr
(year)

30[2]

Reinforcement cover depth, xc
(cm)
Temperature, T (K)
m-value

50*

30

Exposed time (age), t (year)

25[9]

296[9]
0.2[9]

35
20

0.80[13]
0.75[13]

n-value

6.0[13]

29

Humidity, h
Humidity at Dcl, hDcl
Water/cement ratio for an
ordinary Portland cement, w/c
Gas constant, R (J/mol × K)
Dcl,ref (mm2/year)
Chloride threshold
concentration, Cth (kg/m3)

0.5*
8.314[9]
40.0*
3.35[1]

Table 1: Probabilistic/deterministic input parameters

Some parameters shown in Table 1 have been already mentioned. The other parameters are
correlated to the factors defined in Eq. (4) in the following schematic way consistent to the
literature[2,9]:
•
Dcl,ref → {w/c}
•
f1(T) → {T, T0, Ea, R}
•
f2(t) → {t, tref, tr, m}
•
f3(h) → {h, hDcl, n}
3.2 Stochastic method
The probabilistic analysis treats the parameters as Random Variables (RVs) by using
Probability Density Functions (PDFs) with respect to the time t and direction i. Several
techniques exist to estimate the probability of failure of the corrosion initiation time. Figure 1
show the more used techniques among which, the chosen Monte Carlo simulation (MCS).
A specific failure mode is defined through the Limit State (LS) function G(X) for each RV.
The probability of failure occurs when G(X) < 0; otherwise it does not occur.
Considering N samples of each RV expressed by the X = {x1, x2,…, xj} = {xi}, the general
probability of failure pf is defined by[6]:
H: = IJK L < 0N =

O

P: S P T

#P

<, >, … , R

0 <0

4

>

…0

R

=

O

P: S P T

#P

0
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where: fX(xi) is the joint PDF of the random variables xi. This equation represents the area of
the PDF between a predefined interval. This area defines the probability that G(X) to be less
than 0.

Figure 1: Choose of the methodology (“fishing”)

The method used in this analysis is:
•
MCS, which generates pseudo-random values, is performed according the following
formulations:
I: =
)

O

P: S P T

)

1,
=U
0,

#P

0

(7)

#/" K L ≤ 0
#/" K L > 0
Z

1
H: = Y )
X
[<

=

(8)

X:
X

(9)

where: I(·) is the indicator function and Nf is the number of simulations with I(xi) ≤ 0.
LS function is written as the difference between the time for corrosion initiation tR and the
lifetime expected of the construction ta, as: G(X) = tR(X) – ta. When G(X) = 0, tR = ta and the
failure begins.
From Eq. (3), tR(X) is obtained as a function of the reinforcement cover depth xc, as follows:
,
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where: Cth is the chloride threshold concentration. The corrosion begins when the chloride ions
C(x,t) reach the value Cth at xc: C(xc,tR) = Cth. This justify the introduction in Eq. (3) of Cth.
In order to compare the results obtained by using MCS, others two techniques are used:
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•

•

First Order Reliability Method (FORM). In this method, the function G(X) is
approximated by the first order Taylor expansion, which is a linearization around a
design point. To estimate the probability of failure it is necessary to find a distance,
called reliability index β, between the origin of the LS and the most probable point
located at the failure surface G(X) = 0[6].
Direct Integration (DI), which is based on Gaussian distribution and Rosenblatt
transformation[3] where the mean value and standard deviation are calculated
analytically a-priori.

Figure 2: Algorithm of the analysis

Figure 2 shows the algorithm used to estimate the probability of failure of RC structures and
the fluctuation of the chloride diffusivity.
The algorithm is mainly divided in two parts. In the first part, the Dcl is defined by
probabilistic approach, whereas in the second part, the chloride concentration C(i,t) is found.
The convergence procedure is summarized in the following steps: (i) definition of the
chloride coefficient function fD(x,t) that describe the fluctuation (constant and general); (ii)
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selection of the boundary conditions of the numerical analysis; (iii) plotting of the chloride
content 2D curves C(x,t); and (iv) verification of the convergence between the analytical (exact)
and numerical solutions up to find a minimum difference.
4 ANALYSIS AND RESULTS
Figure 3 shows the results in terms of probability of failure pf in relation to ta and the PDFs
of the expected value. One scenario is defined by using the three methodologies where PDFs
can be considered as “static results” (independent on ta), whereas pf can be considered as a
“dynamic results” (dependent on ta).

Figure 3: PDFs (left) and probability of failure (right)

The mean µtR and the standard deviation σtR of the tR, for DI, is calculated by using Eq. (10),
whereas for FORM, µtR is the same with respect to DI but the deviation standard is calculated
by considering σtR/µtR = 35%.
From the comparison among the three different methods, it is possible to see that at ta = 50
years the probability of failure is the same and it is equal to 67%. The curves of the probability
of failure for DI and FORM are closer to each other, due to the fact that their parameters are
chosen a-priori. For the MCS, the shape of the PDF depends on the number of samples that are
used (1 × 106 samples for each variable): the lesser the samples, the largest the dispersion is.
Moreover, the results are strictly correlated to the choice of CV: if CV is large, the dispersion
will be also large. The proximity among the curves indicate that the data tend to be close to the
mean value providing a good calibration.
Finally, Figure 4 shows the chloride ions content by using the iterative numerical analysis
(linear interpolation) by software[8]. The fluctuation of Dcl is calculated for general diffusivity,
which has a non-conventional trend with respect to the trends with Dcl constant. The amplitude
of the Dcl comes from the stochastic analysis. The fluctuations are defined by a function fD(x,t)
that are multiplied for Dcl.
It is possible to see that the trend of the C(t) is consistent to the adopted fluctuation because
it is in function of the time, therefore in x it does not act. This shows a minor accumulation in
the case of general fluctuation in some points, for instance for about t = 2.7 years.
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Figure 4: Fluctuation of the chloride ions for a Dcl constant (left) and Dcl general (right)

5

CONCLUSIONS
The mains conclusions of this paper are:
Fick’s equations, in a traditional form, cannot represent the fluctuation of the
diffusivity that can be correlated to the temperature, aging, humidity and other factors
interconnected with each other.
The probabilistic analysis shows that, with the considered parameters, the expected
value and its standard deviation is for DI ~ N(40.16, 11.37), FORM ~ N(40.16 14.05)
and MCS ~ N(44.68, 13.90). Moreover, this analysis estimates a diffusivity Dcl equal
to 15.56 mm2/year
The probability of failure is calculated in an interval 0 – 100 years, showing a good
calibration among the methods in an interval 40 – 60 years. For instance, by the three
methods in ta = 50 years pf is 0.67.
The chloride ions content varies between 1.1 × 10-6 and 5 × 10-7 kg/cm3. For Dcl
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general, it is possible to see that Dcl is slightly overestimated with some reduction in
an interval between 2-3 years. This shows a minor accumulation that reduce the
probability of the corrosion of the steel reinforcement.
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Summary. In the last decade, Reinforced Concrete (RC) (steel bar + concrete, and/or additives)
in structures has been widely studied. Structures are subjected to internal and external actions
affecting their performance, serviceability and safety. Moreover, RC structures are subjected to
degradations by chemical (e.g. corrosion), physical and/or mechanical processes (e.g. diffusion
of chloride ions). The aim of this study is to investigate the chloride ions diffusion in sound and
cracked concrete under compressive loads in accordance to Eurocode. The governing equations
are modified to account for the non-constant chloride diffusion coefficient. With this condition
it is possible to define several terms in the time-domain to predict the service life of structures.
The considered material is a saturated and hardened cement paste under non-steady-state
conditions. Loads are studied for linear and non-linear states, whereas the model is developed
by analytical and computational analyses. A satisfactory calibration between the observations
and modelling output has been obtained. Results show that the predicted values at the depth of
the steel reinforcement ranges from 0.1% to 0.3% of concrete weight in 7-20 years; the ratio of
the chloride diffusion coefficient under loading and no-loading is about 9, whereas the chloride
diffusivity coefficient in cracks is 0.9-1.3 times the chloride diffusion coefficient under loading.
1 INTRODUCTION
The durability of civil engineering constructions is affected by chloride ingress inducing
corrosion of steel reinforcement. If the corrosion process is well unvalued it can put several
parts of the structural system (e.g. structural and non-structural elements) at risk including
people’s lives.
The durability is a prerequisite for the normal function of a structure and coupled to the study
of the characteristics of the Reinforced Concrete (RC) are of high interest in research[1,14,15,17].
A parameter that significantly influences the chloride ingress into concrete is the diffusion
coefficient, which serves as an input into the developing of the analysis.
The focus of this paper is to predict the evolution of the chloride concentration inside the
sound and damaged RC by the diffusion process. The choice of using diffusion process in sound
RC is justified by the fact that the analysis in this paper is based on the first and second Fick’s
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law. On the other side, the analyse of the chloride diffusion in damaged RC is justified because
the structures in the real situations are not crack-free. In this second case, Fick’s laws are
complemented by semi-empirical equations.
Cracks, which may have different widths and different depths, reduce the cover thickness
and increase the migration of the chloride ions in channels to reach the surface of the steel.
Many micro-cracks can contribute to facilitate the ions penetration; therefore, it is important
to consider such phenomenon and its effects to perform better predictions of the chloride
concentrations in concrete.
The contribute of this paper is to point out possible factors that influence the chloride
concentration inside concrete for more accurate analytical and numerical predictions.
2 CHLORIDE DIFFUSIVITY MODELS
2.1 Sound concrete

The model that describes the flux of chloride ions J in saturated concrete depending on the
total chloride concentration gradient ∇C is defined by the Fick’s first law as follows[5]
=−

(1)

where: D is the diffusivity parameter, which can be assumed constant (traditional condition) or
variable (i.e. when it is defined in a time-depth diffusion model).
In this analysis D is variable and it is considered as the diffusivity in saturated capillary
pores, called D .
Equation (1) can be derived considering the general mass balance principle along the time t
in the all directions (i = x, y, z) under non-steady-state conditions by the Fick’s second law[7],
which calculates the chloride concentration C at a specific position i along time t:
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The solution of Eq. (2) is obtained if several hypotheses are respected: (i) the medium is
semi-infinite and homogeneous; (ii) the superficial chloride concentration, Cs, is uniform and
constant; (iii) the external surface of the concrete is plane; (iv) the diffusion front is a monodimensional model; (v) the chloride ions are transported into a water-saturated concrete only
via diffusion and do not react with the other particles; (vi) the chemical composition of
substances in concrete pore is considered to be in equilibrium throughout the entire diffusion
process.
Under these hypotheses, the analytical solution of the Eq. (2) in x and t is given by
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where: i.c. and b.c. are the initial and boundary conditions, respectively, and C! is the initial
chloride concentration. The term in square brackets describes the evolution of the C in the
direction x at a time t, with erf ∙ that represents the Gaussian error function.
The hypothesis of the water saturated occur in many real-world cases due to the limited
thickness of the concrete cover (typical dimension is ~3-5 cm). The hypothesis of Cs uniform
and constant may be applied when the effects of the environment variations are negligible, e.g.
when there is no frequent washing by rain. Cs also depends on the concrete porosity at the
surface and it is not independent to the C(x,t)[18].
Figure 1 shows the model described by Eq. (3).

Figure 1: Diffusion flux in a semi-infinite concrete medium[8]

The diffusion coefficient D

is expressed by the following multifactor equation[2]
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where: f! is the constant factor, f1 depends on bound chloride concentration Cb, f2 depends on
the temperature T and f3 depends on the age t. More details regarding these factors are provided
in the literature[2,9].
F is the loading effect factor, which is divided in two parts: one depends on the concrete
compressive strain ε and another depends on the damage variable d (i.e. F = F ε + F d =
F ε , d ). When ε = 0 and d = 0, F is expressed by the Taylor expansion as
? @ , A = ? 0,0 +
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Assuming the first, second and third term on the right side of Eq. (5) as 1, B and C,
respectively, under the conditions ε = 0 and d = 0, Eq. (5) can be rewritten as
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? @ , A = 1 + H@ + A

(6)

Introducing the damage influence factor f d consistent to the literature[10], which describes
the concrete local damage with
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it is possible to obtain, from a function with one parameter d, a function with two parameters εc
and d (i.e. f(d) → F(εc, d)). Finally, multiplying 1 + B: ε + C: d in the second term of the Eq.
(7) the final relations is
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where: D! and DQRS are the chloride diffusivity in sound concrete and in completely damaged
concrete, respectively, n and d T are constant values, C: = −B × D! × ε : /DQRS and B: =
B × D! ⁄DQRS .
There are four cases related to the Eq. (8): (1) d = 0, when there is no damage in concrete,
but the chloride diffusivity changes with the elastic load and deformation; (2) ε = 0, when the
concrete is damaged without sustained loads; (3) ε = 0 and d = 0, when there are no loading
effects; (4) ε ≠ 0 and d ≠ 0, when the concrete is damaged with sustained loads.
Figure 2 shows the diffusion coefficient vs. εc used in this analysis for constant and nonconstant value.

Figure 2: Chloride diffusion coefficient (constant and non-constant)

It is possible to see that Dcl under loadings (Dcl|F≠0) increases from 0.47‰ and stabilizes
from 1.89 ‰. This is due to the fact that for small εc the cracks are of the order of the size of
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the voids, therefore there are no variations, whereas for large εc a chloride ion is no longer
affected by the edge of the crack.
2.2 Cracked concrete

In cracked concrete the diffusion coefficient D is replaced by DX because the analytical
solution (Eq. (3)) does not account the crack width, w[4,11,12].
It is assumed that the diffusion process is governed by a crack function f(w) to create a
relationship between chloride diffusion and concrete cracks as:
Y

=' Z

(9)

Figure 3 shows the curves obtained by relationships retrieved from the literature[13,14,15,16]
and their mean curve (dashed black line). f(w) varies between 0.6-1.9 for w between 0.1-0.25
mm.

Figure 3: Crack function by four semi-empirical equations

3

MATERIALS AND METHODS

Here the used data (15 + 9 parameters) and methodology (3 principal steps) are explained.
Table 1 lists the values for the stress-strain analysis to define the F(εc, d) factor[6,10].
Parameter
Characteristic compressive strength, fck
Mean compressive strength, fcm
Elasticity modulus, Ecm
Strain at peak stress, εc1
Ultimate compressive strain, εcu1
Concrete density
Constant value, n
Constant value, dcr
Constant value, C1

Value Unit
35.0
43.0 MPa
34000
2.25
‰
3.5
24.0 kN/m3
5.0
0.40
-0.88
-

Table 1: Input parameters regarding F(εc,d) factor
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Table 2 lists the adopted parameters to predict the chloride ions diffusion. For each parameter
is indicated its dependence (see Eqs. (3)-(4)).
Dependence
C(x,t)
f0
f1(Cb)

f2(T)

f3(t)

Parameter
Value
Unit
Initial chloride concentration, Co
0 and 5.0
kg/m3
Superficial chloride concentration, Cs
7.2
Water/cement ratio for standard composition, w/c
40.0
%
Free chloride concentration, Cf
1.5
kg/m3
Constant value, α
11.8
Constant value, β
4.0
Evaporable water content, ωe
60.0
%
Activation energy, Ea
41.80
kJ/mol
Gas constant, R
8.314
J/(mol × K)
Reference temperature, T0
293.0
K
Current temperature, T
296.0
Reference age, tref
28.0
dd
Time for constant diffusivity, tr
30.0
year
Exposed time (age), t
from 0 to 25
Index value, m
0.20
Table 2: Input parameters[9]

To define C1, the B parameter is obtained by following relation: (Dmax/D0 – 1)/εc1 = 3.11 ×
10 , for Dmax/D0 = 8.
The used algorithm is shown in Figure 4. In the left-hand side there are the design parameters
(factors) and in the middle there are the two types of the chloride diffusion coefficient. In the
right-hand side there are the governing equations and the analytical solution. The algorithm
steps go from left side to right side.
-3

Figure 4: Algorithm to predictive chloride ions diffusion
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4

ANALYSES AND RESULTS

Results are expressed in terms of chloride ions content. It is common to express this content
in kg/m3 or respect to the percentage of the weight of concrete.
Figure 5 shows the chloride content in x direction and t domain, for the following three cases:
Sound concrete without loadings, C (F = 0, w = 0).
Sound concrete with loadings, Cεc (F ≠ 0, w = 0).
Cracked concrete, Cw (w≠0).
Curves are obtained with Cs constant and C0 = 0. For the curves of Cw, the chloride
coefficient Dw = 1.3 × Dcl|F≠0 is used.

Figure 5: Chloride content in x and t

The chloride content under loadings is greater than the chloride content without loadings,
shown the effect of the stress on the diffusion. Moreover, it is possible to see that the chloride
content C, for t = 5 years and x = 6 cm, calculated by traditional relation (without loadings and
cracks) is very underestimated[3].
The bubble chart with 3D effects in Figure 6 shows the mean chloride content and the
comparison of the maximum chloride content for C0 = 0 and C0 = 5 kg/m3.
An allowed chloride content of concrete could be equal to 7.2 kg/m3 (i.e. 0.30% of concrete
weight). The predicted values in this model at the x = 6 cm ranges 0.1–0.3% in 7–20 years.

Figure 6: Mean and maximum chloride content expressed in % by weight of concrete

The chloride content Cεc and Cw are overlapped because Cεc is calculated for εc = 2.25‰,
that is when the strain reaches the peak and the material moves from the elastic state to plastic

7

Enrico Zacchei and Caio G. Nogueira

state.
5 CONCLUSIONS
The mains conclusions of this paper are summarized below.
Real structures are not composed by semi-infinite homogeneous elements, therefore
the adopted assumptions in the Fick’s equations are inadequate for real elements. This
must incentive the research about these issues.
Fick’s equations, with the constant diffusivity coefficient D, leads to an estimation of
the chloride content that cannot depict the time factors dependence and their
interconnection. In this paper, it is possible to see that Dcl strongly depends on the
stress-strain state. In particular, in this analysis Dcl|F=0 ≈ 10% Dcl,max|F≠0.
In real constructions, the service loadings induce cracks, which decrease the durability
of RC structures by creating preferential paths for the chloride ions penetration. To
quantify the chloride diffusion in cracks, it is possible to consider a crack width that is
directly responsible for the diffusion. The results shown that Dw ranges between 0.9 ×
Dcl|F≠0 and 1.3 × Dcl|F≠0.
The difference of the chloride content under loading and no-loading at x equal to 6 cm
for 5 years, 14 years and 25 years is 3.1 kg/m3, 2.2 kg/m3 and 1.7 kg/m3, respectively.
These results show a great increase of chloride content due to loadings. Moreover, the
chloride diffusivity result is very fast in an interval of 0-5 years, for example at x = 2
cm, the chloride content reaches 0.20% of the concrete weight.
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Summary. Understanding the hygro-thermo-mechanical (HTM) behaviour of strengthened
structural components is of relevant importance for evaluating the effectiveness of the
reinforced system under complex environmental conditions. Although the HTM modelling of
multi-layered materials has been the subject of some studies, there is still a lack of unified and
consistent formulation based on input parameters that can be experimentally measured or
analytically obtained. The present work introduces a sensitivity analysis of these parameters
that affect the hygro-thermo-mechanical simulations. Based on an initial HTM model validated
in COMSOL with data taken from the literature, a 2D single material model is developed and
a series of steady-state analyses are performed in order to identify and quantify the influence of
each parameter on the numerical results. It is shown that the variations of density, heat capacity
and thermal conductivity have a negligible impact on the results. On the contrary, changes in
the sorption isotherm relation, moisture diffusion coefficient and water vapour resistivity have
a significant influence on the resulting moisture distribution, with a subsequent effect on the
mechanical stresses. Lastly, the temperature profiles remain mostly linear for all the cases.
1 INTRODUCTION
Externally bonded strengthening techniques are widely used in civil engineering applications
for repair and retrofitting of existing structures. The behaviour of this type of reinforcement
fundamentally depends on an effective bond performance between the strengthening material
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and the substrate 1. Additionally, the performance of the resultant composite structure is affected
by exposure to the environmental conditions, with subsequent degradation and ageing. In
particular, hygrothermal loads have been found to be especially harmful to multi-layered
structures 2,3,4 since they produce deformation mismatches between the constituent materials,
cracking at the interfacial level and eventual debonding. Therefore, the effect of these
degradation mechanisms on the structural behaviour is evident and their study is key to
predicting the service life of strengthened structures.
The effect of hygrothermal loads on the mechanical response of multi-layered structures may
be studied by means of a multiphysics model to describe moisture diffusion and heat transfer
in porous materials. Despite the existence of some research works on the topic 5,6,7, the study of
hygro-thermo-mechanical (HTM) problems in multi-layered materials has not been fully
exploited yet. Nonetheless, several hygrothermal (HT) models for porous solid materials are
available in the literature 8,9,10,11. The main drawback of these approaches is the lack of a unified
and consistent formulation based on material parameters that can be experimentally measured
or analytically obtained. The quantity and complexity of the input parameters needed for the
calculation suppose a further hindrance to the development of valid models.
The present study introduces a sensitivity analysis of the parameters affecting the HTM
simulations, namely the material properties involved in the thermal and hygric responses of the
system. A sensitivity analysis entails an exploratory process for assessing the sensitivity of the
model with respect to a specific variable. Thus, the overall response of the system is studied
with respect to fixed variations in certain parameters included in the model. The final scope is
to identify and characterise the influence of each parameter on the final results. For this work,
different HTM analyses were carried out using a 2D single material model consisting of a
concrete block exposed to varying environmental conditions.
2 HYGRO-THERMO-MECHANICAL ANALYSIS
The numerical approach adopted in this paper is based on the hygrothermal model proposed
by Künzel 12. This model uses temperature, 𝑇 [ºC], and relative humidity, 𝜑 [-], as potentials for
heat and moisture transport, respectively. Using relative humidity as the moisture potential has
the advantage of providing a continuous distribution profile at the interface between materials
with different hygroscopic behaviour.
It must be recalled that the relative humidity is determined by:
𝑅𝐻 =

𝑃
· 100% = 𝜑 · 100%
𝑃 (𝑇)

(1)

where 𝑃 [Pa] represents the partial pressure of water vapour, and 𝑃 [Pa] is the saturation
pressure of water vapour as a function of temperature.
The current approach does not take into consideration additional heat or moisture sources
such as solar radiation or rain. Additionally, the effect of gravity on the fluid flow is not taken
into account and hysteresis of the moisture storage is neglected.
2.1 Heat problem
The model considers conductive heat transfer according to Fourier’s Law, with a moisture
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dependent thermal conductivity:
𝜌𝐶

𝜕𝑇
= ∇ · (𝜆 ∇𝑇)
𝜕𝑡

(2)

where 𝜌 [kg/m3] is the density of the material, 𝐶 [J/(kg K)] is the heat capacity, and 𝜆 [W/(m
K)] is the thermal conductivity.
The formulation proposed by Künzel 12 also takes into account the latent heat associated to
phase changes. However, this term was proven negligible for the studied temperature range 13
and therefore was omitted.
2.2 Moisture problem
The moisture problem encompasses both vapour and liquid transfer and it is described by:
𝜉

𝜕𝜑
𝛿
= ∇ · (𝜉 𝐷 ∇𝜑) + ∇ ·
∇(𝜑 𝑃
𝜕𝑡
𝜇

(3)

)

where 𝜉 = 𝜕𝑤/𝜕𝜑 [kg/m3] is the moisture storage capacity of the material defined in terms of
its sorption isotherm function 𝑤 [kg/m3], 𝐷 [m2/s] is the moisture diffusion coefficient
expressed in terms of relative humidity by using the sorption isotherm relation, 𝛿 [kg/(m s Pa)]
is the water vapour permeability of still air, and 𝜇 [-] is the water vapour resistivity of the
material.
In the previous moisture balance equation, the first term on the right-hand side describes the
liquid transport and the second term represents the vapour diffusion.
2.3 Mechanical problem
The heat and moisture problems may be linked to the structural mechanics field by means
of thermal and moisture-induced strains:
{𝜎} = [𝐾]{𝜀

where {𝜎} = 𝜎 𝜎 𝜎 𝜏

} = [𝐾]{𝜀

−𝜀

−𝜀

}

(4)

is the stress vector, [𝐾] is the stiffness matrix of the material,
{𝜀
} = {𝜀 𝜀 𝜀 𝛾 𝛾
} is the total apparent
is the elastic strain vector, {𝜀
} is the thermal strain.
strain, 𝜀
is the moisture-induced strain, and {𝜀
The thermal-induced strain for an isotropic material is defined as:
𝜏

𝜏
𝛾 }

𝜀

=𝛼 𝑇−𝑇

where 𝛼 [1/K] is the thermal expansion coefficient of the material, and 𝑇
temperature for which the thermal-induced strain is zero.
The moisture-induced strain for an isotropic material is determined by:
𝜀

=𝛽 𝜃−𝜃

(5)

is the reference

(6)

where 𝛽 [-] is the moisture swelling coefficient of the material, 𝜃 [-] is the specific moisture
content, and 𝜃 is the reference moisture content for which the moisture-induced strain is zero.
In the cases where the moisture content is expressed as mass of absorbed water per volume of
dry material, 𝑤 [kg/m3], the moisture swelling coefficient must be defined as 𝛽/𝜌.
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Therefore, the coupling process defined in this way involves a two-step procedure. First, the
temperature and moisture profiles are obtained by means of the HT analysis. Subsequently, the
temperature and moisture results are used as input for the mechanical problem. Consequently,
the problem consists of a one-way simple type of coupling, that is, heat and moisture fields
have an impact on each other and the HT results are linked to the mechanical response, but their
influence on the mechanical properties of the material is not considered and the effect of the
structural response on the HT problem is neglected. Indeed, the development of stresses and
strains within a porous material may lead to different hygric and thermal responses. However,
these induced effects seem to be negligible for the stress values considered 13.
Under the assumption of linear elasticity and the described one-way simple coupled problem,
the thermal and moisture-induced strains and stresses are directly proportional to the results of
the HT problem by means of the thermal expansion and moisture swelling coefficients. For the
purpose of this work, therefore, the sensitivity analysis only deals with the parameters involved
in the hygrothermal response.
3 DESCRIPTION OF THE NUMERICAL MODEL
For the current study, the coupled heat and moisture balance equations, (2) and (3), were
numerically solved using the finite element analysis software COMSOL Multiphysics 14. The
geometrical features, material properties and boundary conditions were introduced as an input
for the definition of the HTM model. As a result, temperature, moisture and stress profiles were
obtained.
3.1 Geometry
A two-dimensional finite element model was defined to carry out the HTM analyses. The
model consisted of a concrete block with dimensions 20 x 100 cm2. The longer edges of the
block were considered to face indoor and outdoor conditions, respectively. Moreover, a depth
of 100 cm was assigned so that the total area for each exposed surface was equal to 1 m2.
3.2 Boundary conditions
Constant boundary conditions of 𝜑 = 50% and 𝜑 = 95% were prescribed for the inner
and outer surfaces, respectively. Moreover, the inner side was assigned a constant temperature
𝑇 = 20°C, while different boundary conditions were considered for the outer surface, 𝑇 =
10, 20, 40 and 60°C. With regard to the mechanical boundary conditions, the vertical
displacement, 𝑢𝑌 , was restrained on all nodes at the base and the uppermost edge. In addition,
the horizontal displacement, 𝑢 , of one node at the base was also constrained to prevent rigid
body motion. Superficial boundary resistances were neglected. It was further prescribed that
the model had uniform initial conditions of 20°C and 50% relative humidity, for which the
structure had a stress-free condition.
3.3 Material properties
The material parameters used to define the HTM model were taken from Khoshbakht and
Lin 13, Khoshbakht et al. 15 and Ramirez et al. 16. The material properties used as a reference in
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the current model are shown in Table 1.
Material parameter

Value or analytical expression

Dry density [kg/m3]

𝜌 = 2200

Young’s modulus [GPa]

𝐸 = 13.8

Poisson’s ratio [-]

𝜈 = 0.18

Thermal expansion coefficient [1/K]

𝛼 = 9 · 10

Moisture swelling coefficient [-]

𝛽 = 0.00762

Vapour resistivity [-]

𝜇 = 35
3

Sorption isotherm relation [kg/m ]

𝑤 = 226.68 𝜑 − 247.75 𝜑 + 123.45 𝜑 + 0.176

Moisture diffusion coefficient [m2/s]

𝐷 = 10

Specific heat capacity [J/(kg K)]

𝐶 = 940

Thermal conductivity [W/(m K)]

𝜆 = 2.74 + 0.0032 𝑤

.

.

Table 1: Material properties of concrete

As it was previously mentioned, the material parameters involved in the HT response were
altered during the sensitivity analysis in order to weight their influence in the results, namely
the temperature and moisture profiles, and consequently the stress values. To that purpose, each
material parameter (or analytical expression) was individuated and shifted to values 50% below
and above the reference one presented in Table 1. In order to illustrate this method, Figure 1
shows the different curves used for the moisture isotherm relation. A similar approach was used
for the analytical formulas describing the thermal conductivity and the moisture diffusion
coefficient. On the other hand, Table 2 shows the rest of the scalar variables treated in this way.
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Figure 1: Sorption isotherm functions used for the sensitivity analysis

5

Rafael Ramirez, Bahman Ghiassi and Paulo B. Lourenço

Material parameter

Lower limit value

Reference value

Upper limit value

Density [kg/m3]

𝜌 = 1100

𝜌 = 2200

𝜌 = 3300

Vapour resistivity [-]

𝜇 = 17.5

𝜇 = 35.0

𝜇 = 52.5

Heat capacity [J/(kg K)]

𝐶 = 470

𝐶 = 940

𝐶 = 1410

Table 2: Material parameters variations used for the sensitivity analysis

4 RESULTS AND DISCUSSION
Considering the boundary conditions previously defined, the HTM analysis for the presented
model corresponds essentially to a 1D problem. Therefore, the temperature, moisture and stress
profiles across the thickness of the block might be evaluated regardless of the height.
After the corresponding analyses, it was concluded that the variations in density, heat
capacity and thermal conductivity had a minimum impact on the results and did not alter the
temperature or moisture profiles. It must be noted that the temperature distribution always
followed a linear trend regardless of the changes during the sensitivity analysis.
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Figure 2: Relative humidity profiles obtained from different water vapour resistivity values:
(a) 𝑇 = 10°C; (a) 𝑇 = 20°C; (c) 𝑇 = 40°C; (d) 𝑇 = 60°C
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On the contrary, changes in water vapour resistivity had a strong influence on the relative
humidity distribution (Figure 2). It is noticeable that the trend changes according to the range
of temperature. For 𝑇 = 10°C and 𝑇 = 20°C, the lower resistivity value provides a lower
moisture profile. Then, for 𝑇 = 40°C, the previous trend shifts at around one-quarter of the
thickness, but nonetheless all the profiles remain close to one another. Finally, for 𝑇 = 60°C,
the lower resistivity value results in a higher moisture profile.
In order to analyse the mechanical response, the induced stresses were studied at the vertical
centreline of the block, i.e. 𝑋 = 10 cm. The fluctuations of the hygrothermal-induced stresses
due to the variations of the vapour resistivity are shown in Figure 3. The whole structure tends
to dilate mostly due to the swelling caused by the increasing moisture content. However, the
imposed boundary conditions at the bottom and the top of the block prevents the free movement
and give rise to compressive stresses in the vertical direction. It is worth noticing that the
difference in the stress levels between 𝑇 = 10°C and 𝑇 = 20°C (isothermal case)
essentially comes from the temperature field.
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Figure 3: Stress levels obtained in the vertical centreline from the sensitivity analysis:
(a) 𝑇 = 10°C; (a) 𝑇 = 20°C; (c) 𝑇 = 40°C; (d) 𝑇 = 60°C

Similarly, changes in the sorption isotherm function resulted in significant changes in the
relative humidity distribution. The resultant profiles are the same as for the previous sensitivity
analysis for the water vapour resistivity (Figure 2), that is, 0.5·𝑤 ≈ 0.5·𝜇, 1.0·𝑤 ≈ 1.0·𝜇, and
1.5·𝑤 ≈ 1.5·𝜇. However, since the moisture content is dependent on the relative humidity by
means of the sorption isotherm function, the corresponding moisture content profiles shifted in
a directly proportional fashion with respect to the multiplier (Figure 4). This change also
entailed a different distribution of stresses, as shown in Figure 3. As it is evidenced by the
diagrams, the variations in the sorption isotherm function have a strong influence on the results.
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Figure 4: Moisture content profiles obtained from different sorption isotherm functions:
(a) 𝑇 = 10°C; (a) 𝑇 = 20°C; (c) 𝑇 = 40°C; (d) 𝑇 = 60°C

Finally, changes in the moisture diffusion coefficient also had a significant impact on the
relative humidity profiles. The resulting behaviour is analogous to the sensitivity analysis for
the water vapour resistivity (Figure 2), which means that 0.5·𝐷 ≈ 0.5·𝜇, 1.0·𝐷 ≈ 1.0·𝜇, and
1.5·𝐷 ≈ 1.5·𝜇. The variation of stresses, as shown in Figure 3, is also equivalent to the values
obtained from the water vapour resistivity analysis.
5 CONCLUSIONS
A 2D model of a concrete block was prepared in COMSOL Multiphysics and a sensitivity
analysis was performed in order to characterise the influence of each material parameter on the
results. The sensitivity analysis consisted of a series of steady-state HTM analyses in which the
corresponding input parameter was shifted to values 50% below and above the reference one.
It was concluded that the variations imposed on the parameters involved in the heat balance
equation did not have a strong impact on the temperature or the moisture profiles. Nevertheless,
the temperature distribution remained mostly linear for all the studied cases.
On the contrary, the shifting of variables in the moisture balance equation had a major
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influence on the relative humidity and moisture content profiles. This supposed a significant
variation in the stress levels as well. In particular, the sorption isotherm function was the
parameter that had a greater impact on the mechanical results. Higher values for the sorption
isotherm relation resulted in higher stress levels, while lower values caused a reduction of
stresses. On the other hand, the behaviour of the water vapour resistivity and the moisture
diffusion coefficient followed a different trend depending on the temperature. For the
isothermal case and lower exterior temperature, higher values produced an increase in stress
levels and vice versa. Then, for exterior temperatures above the interior one, higher values
resulted in lesser stress levels and lower values produced greater compressive stresses.
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Summary. This paper focuses on the analysis by finite element method of the results obtained
on an experimental campaign of externally strengthened reinforced concrete beams with ironbased shape memory alloys (Fe-SMA) strips. The strips were disposed around the beam heated
up to 160 ºC with a heat-gun, and cooled until room temperature. This process introduces the
effect of an active confinement due to the shape memory effect (SME). The research uses a
constitutive law of the Fe-SMA after and before the activation for the model, which has a nonlinear behavior observed since very low stresses were developed. Those laws are used to assess
the experimental campaign with numerical simulations using a finite element analysis in
ATENA software. Furthermore, a Digital Image Correlation (DIC) has been implemented to
complement the measurements taken from the test monitorization and to contrast with the
numerical simulations. It is shown that to adapt the non-linearity of the constitutive law of the
strengthening strips (Fe-SMA) on the numerical model has a great importance in order to
reproduce the experimental behavior of the beams.
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1 INTRODUCTION
Structural rehabilitation is a strategic field of the construction sector due to the aging of existing
infrastructures. Many researches on strengthening systems have been developed during last
decades. Currently, structural projects are focusing on performance-based design processes to
optimize and control the behavior of the failure mechanisms of the structures. This aspect has
led to study the flexural behavior looking for the sectional ductility and focusing on taking the
maximum profit of all the sectional capacity of reinforced concrete. However, the shear failure
is not a ductile mechanism. On the contrary, this failure mode reduces the capacity of sectional
and global ductility, without the possibility of redistribution of efforts before the collapse. For
this reason, shear strengthening is necessary on existing structures, especially when the
structure can be subjected to high intensity seismic actions.
However, most of the strengthening methodologies currently developed are passive methods:
the transfer of internal forces takes place after the increase of the external loads. SMAs are new
materials that may overcome this problem. One of their main characteristic is to be able to
return to a predefined shape after being heated (activation) and cooled afterwards. This
phenomenon is called the shape memory effect (SME). This property makes SMAs convenient
for the application as external shear strengthening of reinforced concrete beams in order to
increase the strength and ductility of existing structures adapting them to new circumstances,
as it is possible to use the SME to generate confining stresses without the need of using ducts
or hydraulic jacks.
The research group ConStruct at the University of the Balearic Islands has been working since
2013 on the application of Ni-Ti, Ni-Ti-Nb and Fe-SMA in different shapes as wires, cables
and strips for internal or external shear strengthening1,2. Others authors have studied the use of
SMAs for flexural strengthening of RC beams3 and for axial strengthening for RC columns4.
The previous results show an important increment of the strength and ductility of the structural
elements.
The material used in the experimental campaign modelled in this paper has been supplied by
re-fer AG Company in the form of strip coils. The strips were placed as external shear
strengthening in small-scale reinforced concrete beams.
This paper includes a numerical model of three differently strengthened beams tested at the
laboratories of the University of the Balearic Island. These three beams were: an unstrengthened reference beam, a strengthened beam with activated Fe-SMA strips and a
strengthened beam with non activated Fe-SMA strips.
2 BEAMS OBJECT OF MODELING
This paper is focused on the modelling of three small-scale reinforced concrete beams subjected
to a three-point bending test (Figure 1a) with a span to depth ratio of a/d = 2.68. All the beams
are rectangular with cross section 80x150 mm and 900 mm long and 760 mm span; with one
standard B500SD corrugated longitudinal reinforcement ø16 mm (fy = 550 MPa, fu = 649 MPa),
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but without shear reinforcements. The internal reinforcement was welded to square steel plates
at its ends to avoid the bond failure. The compressive and tensile strength of concrete were
equal to 30.1 MPa and 2.8 MPa respectively.
The 0.5 mm-thick and 25 mm-wide Fe-SMA strips (Figure 1b) were placed wrapping the beams
without any material on its interface. The strips were anchored by handmade buckles and shot
nails.

a)

b)
Figure 1. Fe-SMA strengthened RC beam tested. a) Specimen ready to be tested. b) Fe-SMA strip

The Fe-SMA strip coil was provided in the austenite phase with no initial pre-straining. The
ultimate strength of the as-provided Fe-SMA strip was approximately equal to 950 MPa, for a
strain around 45 %. Once pre-strained at 4 % and unloaded, the strip is suitable to be placed
around the beam. The strips were pre-strained before placing them around the beams both for
the activated strips and the non activated strips. In the case of activated strips, the recovery
stress of the alloy depends on how much the strips are fitted to the beam to avoid gaps between
the beam surface and the strips. If there is no gap between the strip and the concrete, the
maximum recovery stress can be achieved, around 350 MPa. Thus, the strips were manually
lightly pre-stressed during their installation. Otherwise, the material could present a free
recovery shape without any restraining and the strips could not generate confinement stresses
on the section.
3 MODELING OF RC STRENGHTENED BEAMS
The paper presents a calibrated model for finite element nonlinear analysis of the specimens
considering advanced constitutive models to the complex behavior of concrete and the Fe-SMA
strengthening material. A plane stress simplification has been used. One un-strengthened beam
(reference beam) was considered as a control specimen for the calibration procedures. Different
mesh sizes and plasticity parameters were studied to obtain a reasonable approximation with
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the results obtained on the experimental campaign. Therefore, this calibrated model was used
to analyze the other two specimens checking the parameter values chosen on the model to
predict their response.
ATENA 2D software5 has been employed for modelling the beams. It is a commercial finite
element software for the simulation of the nonlinear behavior of reinforce concrete structures.
This software takes into account different material parameters to model the concrete properties
by a constitutive model for concrete6 assuming small strains, combining compression7 and
tension8 models depending of the progressive damage and the plastic yielding. The fracture is
modelled by smeared cracks by a band of localized strains9. A fixed smeared crack has been
used in this study, where the crack orientation is fixed by the moment it appears. In this way,
shear stress is generated on the crack plane10. A bond-slip curve11 has been used to simulate de
bond between the reinforcement and the concrete. Plane quadrilateral elements CCIsoQuad
have been used for concrete and auxiliary steel plates. For the reinforcement was employed a
bilinear with hardening model and for the auxiliary plates a Von Mises plasticity model.
The Fe-SMA material have an important nonlinear behavior12. Moreover, this behavior depends
on if the alloy has been activated (active) or not (passive). The constitutive law of both
behaviors have been implemented into ATENA by two multilinear curves defined by points,
according to the experimental characterization done after pre-straining without activation
(passive) or after activation of the strips (active). The stress-strain curves are represented in
Figure 2, where the origin of the two curves has been moved to the 0 % strain. The passive
curve starts at 0 MPa, and the active curve starts at 350 MPa (recovery stress generated after
the activation with constrained strain). Both curves have a similar behavior after 1 % strain, but
there is a significant difference for low strains.

Figure 2. Fe- SMA stress-strain curves

Only half beam has been modeled by symmetry and the load is applied by an imposed

4

Joaquín G. Ruiz-Pinilla, Luis A. Montoya, Carlos Ribas and Antoni Cladera.

displacement on the load plate, restraining the vertical displacement on the support plate, but
not the horizontal displacement. The strips have been modeled as external cables fixed at upper
and lower sides of the beam without any friction or cohesion between the strip and the concrete
surface, as it is shown at Figure 3. The recovery stress generated during the activation was
applied in the model as a post-tension force, only in the model with active strengthening,
considering an initial strain value in ATENA corresponding to the recovery stress in the strips.

Figure 3.Model of the strengthened beams

4

RESULTS AND DISCUSSIONS

For each beam type, two experimental tests were performed at the laboratory in two identically
built beams. Figure 4 compares the load-displacement curves obtained from the numerical
models and the experimental results. The shear force represents the support reaction, and the
displacement is taken from the mid-span section of the beam. Some differences may be
appreciated from the curves. The unstrengthened beams have a fragile behaviour, whereas the
strengthened beams not only increased their load capacity, but they changed the failure mode,
from brittle shear to ductile flexure.
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Figure 4. Load-displacement curves. Comparison between numerical and experimental results

The curves obtained from the numerical model have a reasonable approximation with the
experimental curves. There is a small deviation between the maxim shear obtained for each
type of the strengthened beams versus to the average maxim load of the experimental results,
4% and 5% for the passive and active strengthening types, respectively; and 9% for the non
strengthened beams.
A different stiffness is appreciated between the passive and active curves after reaching the
peak of resistance of the reference beams. It can be concluded that the numerical model gets
the influence of the confinement that the active strips generate over the concrete surface. This
difference of stiffness can be observed at the experimental curves in the same way.
The results of the model have also been contrasted with the data obtained from the Digital
Image Correlation system. During the execution of the tests two cameras captured high
resolution images at a fixed interval of time. These images have been post processed to analyze
the displacement of different points, as well as the evolution of the concrete cracks. Figure 5
compares the crack patterns obtained by the DIC analysis and the numerical model developed
of the three specimens.
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a)

b)

c)
Figure 5. Beam crack patterns comparison between the numerical models and the experimental
tests. On the left, the color represents the maxim principal strain. On the right, the color
represents the maxim strain. a) un-strengthened beam (reference beam), b) passive
strengthening, and c) active strengthening

The cracks originated at the experimental test (right side in Figure 5) and the cracks obtained
in the model (left side in Figure 5) can be classified of two types: flexural cracks near the center
of the beams and inclined shear cracks.
It can be appreciated that the reference beam has a critical shear crack and some narrower
flexural cracks. However, when the beams are strengthened with the strips, the crack patterns
change: the number of cracks is greater and more distributed. The strengthened beams, in fact,
failed on bending.
5

CONCLUSIONS

The characterization of the Fe-SMA strips and the measurements obtained by the Digital Image
Correlation technique have been very useful to understand the real behavior of the beams. To
adapt the non-linearity of the constitutive law of the strengthening strips (Fe-SMA) on the
numerical model has had a great importance in order to calibrate the FEM and reproduce the
experimental behavior of the beams. Moreover, the results show that the Fe-SMA strengthening
technique improves the shear behavior of the beams, significantly increasing their resistance
and ductility and changing their failure modes from brittle shear failure to ductile bending
failure.
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Summary. The study of the properties of Recycled Aggregates (RA) and the basic properties of
RA concrete has been on going over the last few decades, leading a number of countries to
establish standards or recommendations supporting their use. In all the cases, the full and partial
replacement of the Natural Aggregates (NA) with recycled alternatives has been proven to be a
feasible option. This study focuses on the effects of small and high replacement ratios of
Recycled coarse and fine Aggregates on shear behavior of reinforced concrete beams. The
originality of this work is the investigations of the effect of the addition of recycled fines on the
structural properties of recycled concretes. Both materials were compared with conventional
concrete as a reference. All the beams are tested statically in four-point loading up to failure. The
failure modes, the cracking behavior and the mechanical performance of all beams were studied.
The experimental results were compared with the shear provisions of selected standards.
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1 INTRODUCTION
The construction industry produces about 900 million tons of waste each year; essentially
consisted of inert materials, which include concrete. Recycling is therefore necessary as a way to
focus, face to landfill, to meet the European target of 70% recycling of inert waste by 2020.
Sorted, crushed and metals removed, recycled concrete is presented in the form of gravels or
fines. Respecting the standards, it provides opportunities for road undercoat replacing Natural
Aggregates (NA). Similarly, the gravel can be reused under construction to be incorporated into
the sand and cement and producing new concrete. The question is to define the acceptable
fraction of Recycled Coarse and Fine Aggregates (RA) for the implementation and the quality of
the final concrete remain unchanged. This is precisely the aim of the project Recybéton in
France.
The study of the properties of RA and the basic properties of RA concrete has been on going
over the last few decades [1–8], leading a number of countries to establish standards or
recommendations supporting their use. In all the cases, the full and partial replacement of the NA
with recycled alternatives has been proven to be a feasible option. However, few investigations
have been carried out in the field of structural behavior (behavior under flexure conditions, shear,
bond, torsion, etc.). Mahdi Arezoumandi et al [9] tested beams with three different longitudinal
reinforcement ratios (1.3, 2.0, and 2.7%) and with RA (coarse aggregates) replacement ratios of
0%, 50%, and 100%. The concrete strength value was 35 MPa. Statistical data analyses indicated
that the RA100 beams have lower shear capacity compared with the NA and RA50 concrete
beams tested in this investigation. No significant difference between the shear capacity of the
RCA50 and NA concrete beams were observed.
Choi et al. [10] evaluated the shear strength of 20 reinforced concrete beams with different
span-depth ratios (1.5, 2.5, and 3.25), longitudinal reinforcement ratios (0.53, 0.83, and 1.61%),
and RA (coarse aggregates) replacement ratios (0, 30, 50, and 100%). Results of their study
showed that the higher RA replacement ratio led to lower shear strength.
Gonzalez-Fonteboa and Martinez-Abella [11] produced control and 50% RA (coarse
aggregates) by volume concrete beams. The beams were failed in shear. Results of their study
showed that in terms of both deflection and ultimate shear strength, no significant difference was
observed between the RA and NA concrete beams.
Schubert et al. [12] studied behavior of fourteen slabs with 100% RA (coarse aggregates) and
reported that RA concrete slabs can be designed using the same design equations as for NA
concrete.
Based on a review of the existing literature, the use of the RA concretes is very recent and few
researchers have studied the subject. There is a lack of full-scale shear testing of RA concrete
specimens, further work is required. The study focuses on the effects of small and high ratio of
replacement. The innovation of the work is the investigations of the effect of the addition of
recycled fines on the shear strength of RA beams. The recycled materials were compared with
NA concrete as a reference. All the beams were tested statically in four-point loading up to
failure.
2 EXPERIMENTAL PROGRAM
2.1 Test geometry
The experimental work consisted of six beams with the same dimensions, longitudinal and
transverse reinforcement. All specimens were designed to experience shear mode failure
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ensuring that the theoretical flexural strength is considerably higher than the expected
experimental shear load. All specimens had 2000 mm long, rectangular (150x280mm) crosssection. Beams were cast and were simply supported with a span length of 1800 mm, as shown
in Figure 1. The beams were tested under a monotonically increasing four points load. The
tension reinforcements consisted of two 20-mm-diameter ribbed bars and the reinforcements in
the compressive zone were two 8-mm-diameter ribbed bars running only along the shear regions.
Depending on the load geometry, the beams had two symmetrical spans that were made using
different amounts of transversal reinforcement, so that failure was only possible in one of them
(the smallest, denominated region B). The beams were designed to study the effect of different
replacement percentage of RA; fine and coarse aggregates. The dimensions, reinforcement
details and loading setup of the beams are shown in Figure 1.
2.2 Instrumentation
In order to control strains of the transverse reinforcement, strain gauges were installed on the
stirrups (two gauges). Strain gauges were also fitted to control tensile strains in the longitudinal
reinforcement. The gauges were placed on the Ø20 mm bars two in the central span of the beam.
In order to measure deflection, one Linear Voltage Differential Transducers (LVDT) was fitted
at mid-span of the beam. The load was applied in load control manner at a rate of 0.3kN/s.
2.3 Material prosperities
2.3.1 Concrete compositions
Six concrete of C25/30 series were made. The formulations include a reference concrete with
NA and five RA concretes. The concrete must be of class S4 (Concrete slump between 160 and
210 mm). The designation of each formulation is as the following, i.e. Beam x-y:
- x is the replacement ratio of recycled fine aggregate;
- y is the replacement ratio of recycled coarse aggregate.
Recycled aggregates were used in a moisture state with a water content corresponding to
absorption plus 1% (absolute). Therefore, water content are 9.9% for the recycled sand 0/4, 6.6%
for recycled gravel 4/10 and 6.8% recycled gravel 10/20.
2.3.2 Concrete properties
All the beams were cast in the laboratory and were compacted using an electrical vibrator.
After casting, the molds were covered with wet burlap and plastic sheets to control the moisture.
The specimens were de-molded after 24 hours but their moist curing continued till the age of 7
days. After that, the moist curing was discontinued and the concrete specimens were stored in
laboratory conditions waiting testing. The properties of the hardened concrete (compressive
strength. tensile strength and instantaneous elastic modulus) were measured at 28 days on the
concrete cylinders. The specimens were removed from their molds 24 hours after casting and
stored for 28 days in laboratory conditions (T = 20oC. RH = 60%).
Concrete

0-0

0-30

30-0

30-30

0-100

100-100

Recycled fine aggregates
Recycled coarse aggregates

0
0

0
30

30
0

30
30

0
100

100
100

Table 1: Composition of natural and recycled aggregate concretes
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600 mm

Region B (test region)

2F8

F6

F6

50 50

138

138

138

138

280

strain gauges
300

250

F6

50 50

LVDT

230

F8

100

600

280

Region A

2 F 20

150

600
1950

All dimensions are in mm
Load cell
Load cell

Figure 1: Beam Details and Setup for tested beams

Concrete

Compressive Strength (MPa)

Tensile Strength (MPa)

Elastic Modulus (GPa)

0-0

24.9

2.6

27.7

0-30

20.9

2.2

19.5

30-0

22

2

19.6

30-30

22.1

2.1

21.1

0-100
100-100

25.7
19.6

1.94
1.4

17.9
14.2

Table 2: Mechanical properties of the concrete for all beams

3 TEST RESULTS
3.1 Load-deflection curves
Typical mid-span deflection versus applied load curves is shown in Figure 2 for the six
beams. First, comparing the behavior of the specimens using the RA with that using NA, no
remarkable difference in term of the flexural stiffness was observed as same as the corresponding
trend of both concrete materials.
For moderate loading value before or after cracking, all beams show a similar behaviour. At
ultimate stage, in addition to the loss in bearing capacity for NA beam, this last has a larger
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deflection at ultimate load compared to the RA beams.The experimental results showed that
using RA decreased the shear capacity compared to the beams constructed with NA. As shown in
Figure 2, the curves start with steep gradient until the onset of the flexural cracking at the
maximum moment region at the mid-span of the beams where the slopes reduce. After this point,
the load deflection relationship is approximately linear till the first yielding of the transverse
reinforcement. For this last stage, NA beam showed slightly better rigidity compared to RA
beams. Then, the relationship follows a curved path till ultimate load.
Beyond the ultimate load, all the specimens showed gradual and smooth decrease of the load
indicating a semi-ductile behavior. The load was stopped for the beam 0-30 before the end
following a problem related to the test machine. No remarkable difference in term of the semiductile behavior was observed between the RA and NA beams, this last has a larger deflection at
ultimate load compared to the RA.
These results are in agreement with the ones found by Etxeberria et al. [13]. Choi et al. [10]
and Arezoumandi et al. [14].
Results of Gonzalez-Fonteboa and Martinez-Abella [11] Belen Gonzalez-Fonteboa and
Fernando Martinez-Abella [15] Fathifazl et al. [16] showed that in terms of ultimate shear
strength, no significant difference was observed between the RA and NA concrete beams.

Beam
Beam 0-0
Beam 0-30
Beam 30-0
Beam 30-30
Beam 0-100
Beam 100-100

Cracking load Ultimate
(kN)
load (kN)
31
35
60
32
75
72

192
162
155
171
172
136

Deflection at
ultimate load
(mm)
10
8
8
9
9
8

Shear strength

Decrease in Shear
strength (%)

96
81
77.5
85.5
86
68

16
19
11
11
29

Table 3: Experimental results

3.2 Failure modes and shear strength
All specimens failed in the classical shear failure mode due to major diagonal shear crack,
crushing of the concrete fibers under the load, and the local bond failure of bottom reinforcement
near the supports except the beam 0-30 whose test was stopped before the end (figure 3). Table 3
shows the experimental results for all beams. In Table 3, the last column reports the decrease in
percentage in ultimate load at failure compared to the beam 0-0 without RA. The experimental
results showed that using RA decreased the shear capacity compared to the beams constructed
with NA with a shear span-to depth ratio equal to 3.
Table 3 and Figure 2 show that the beam 0-0 (with NA) sustains the highest maximum load
followed by the Beams 30-30. 0-100. 0-30 and 30-0 exhibited 11%. 11%. 16% and 19%.
respectively, decrease in shear capacity compared with control beam 0-0. While the beam 100100 exhibited 29% decrease in shear capacity. These results are in agreement with the ones
found by Arezoumandi et al. [9]. Choi et al. [10]. Maruyama et al. [17]. The two beams with the
same level of coarse and fine aggregates 30-30 and 100-100 show a difference of 18% in terms
of ultimate load but the beam with less recycled components sustains the highest maximum load.
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The experimental results showed that using more RA (fine or coarse) decreased the shear
capacity. The results showed that the beam 30-30 (when 30% of fine natural aggregates was
replaced by fine recycled aggregates) exhibited 5%. increase in shear capacity compared to the
beam 0-30 (with 100% fine natural aggregates). The beam 100-100 (when 100% of fine natural
aggregates was replaced by fine recycled aggregates) exhibited 18% decrease in shear capacity
compared to the beam 0-30 (with 100% fine natural aggregates). The last comparison showed
that the addition of recycled fines aggregates reduced the ultimate shear strength of recycled
concretes beams for high replacement level of 100% of fine aggregates.

Figure 2: Load- Mid-span deflection relationship of the tested beams
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A: beams with coarse recycled aggregates B: beams with fine recycled aggregate

Figure 3: Beams after failure

4 PREDICTIONS OF SHEAR STRENGTH
In the following section, the experimental shear strengths of the beams are compared with the
shear provisions of the selected standards of Eurocode EC2 [18] standard. American Concrete
Institute ACI [19] and Japan Society of Civil Engineers JSCE [20]. The predicted capacities of
the beams specimens using the expressions of previous different codes (with or without safety
factors) are presented.
The different codes calculated a first shear capacity obtained by the resistance of the concrete
and the stirrups: Vn = Vc + Vs
All of the safety factors were set equal to 1 or not and all the shear forces were calculated
without load factors.
Table 4 shows that the provisions of the codes predict the shear strength of reinforced NA and
RA concrete beams with similar accuracy. It can be observed that results generated by the codes
studied are all conservative. They are more conservative for ACI and JSCE standards than EC2
with and without safety factors. In the case of RCA beams, the predicted capacities of the beams
using the expressions of different codes are less conservative than that for NA beam. They are in
general less conservative for the beam 100-100 (with the highest replacement ratios) than the
others RC beams.
5 CONCLUSION
To evaluate the shear strength of RA concrete, 6 full-scale beams with shear reinforcement
and different replacement ratio of recycled coarse and fine aggregates were constructed. The RA
beams were compared with NA beam as a reference. Based on the results of this study, the
following conclusions are presented:

F. Al Mahmoud, R. Boissiere, F. Wurtzer, A. Amini, A. Khelil and M. Abdallah








Shear strength of beams with replacement ratio of recycled fine or (and) coarse aggregate
decreased by 11-19% when 30% ratio of coarse recycled and fine aggregates were used.
When the totality of coarse natural aggregates was replaced by coarse recycled
aggregates, shear strength of beams decreased by 11%. This decrease is more important
(30%) when only fine and coarse recycled aggregates were used.
The reinforced concrete beams using recycled aggregates concrete shows similar shear
behaviors as the beam with natural aggregate in terms load-deflection response.
All specimens failed in the classical shear failure mode due to major diagonal shear
crack, crushing of the concrete fibers under the load, and the local bond failure of bottom
reinforcement near the supports. For 100-100 beam it was observed that another mean
diagonal crack formed at the moment of failure
Results generated by the codes studied showed that they are all conservative. The results
are more conservative for ACI and JSCE standards than EC2 with and without safety
factors.
Beam

Exp
Shear
strength
(kN)

0-0

96

66.2 0.69 48.7 0.51 54.9 0.57 46.2 0.48 58.8 0.61 40.8 0.43

0-30

81

63.7 0.79 47.1 0.58 52.4 0.65 44.1 0.54 56.8 0.70 34.6 0.43

30-0

78

64.5 0.83 47.6 0.61 53.1 0.68 44.7 0.57 58.4 0.75 39.8 0.51

30-30

91

64.5 0.71 47.6 0.52 53.1 0.58 44.7 0.49 58.4 0.64 39.8 0.44

0-100

87

66.9 0.77 49.2 0.57 55.6 0.64 46.7 0.54 59.35 0.68 41.1 0.47

100-100

68

62.9 0.93 51.6 0.76 51.6 0.76 43.4 0.64 56.1 0.83 39.2 0.58

Predictions Vc+Vs (kN)
EC2 S=0

EC2 S≠0

ACI S=0

ACI S≠0

JSCE S=0

JSCE S≠0

Table 4: Test shear and predicted shear according to EC2. ACI and JSCE: Vc: the nominal shear strength provided
by concrete Vs: the shear strength provided by stirrups; S=0 without safety factors and S≠0 without safety factors
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Summary. This paper presents an experimental program carried out to study the flexural
performance of reinforced concrete (RC) beams strengthened with Carbon Fiber Reinforced
Polymer rods (CFRP) using the Side Near Surface Mounted (SNSM) technique. The CFRP rods
were inserted laterally adjacent to the longitudinal steel bars inside precut grooves. The length
and position of CFRP bars as well as the filling material type were the main parameters
investigated in this study. The test results showed that using SNSM CFRP rods significantly
improved the load carrying capacity of RC beams, while reduction in their ductility was
observed. The failure mode was influenced by the CFRP rods length (270 or 210 cm) and the
filling material characteristics (resin or mortar), while the effect of the CFRP bars position was
inconsiderable.
1 INTRODUCTION
As a promising alternative to the external bonded (EB) method, Near Surface Mounted
(NSM) technique has become prevailing nowadays to strengthen existing reinforced concrete
structures with Fiber Reinforced Polymer (FRP) [1]. The NSM technique has attracted
worldwide attention due to several advantages, for instance, the NSM FRP system is simple
enough and does not require extensive surface preparation work. In this technique, FRP
composites inserted adjacent to the steel bars and embedded inside precut grooves and bonded to
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the concrete with epoxy-based pastes or modified cement grouts. Furthermore, the strengthened
RC members with the NSM FRP have displayed much more ductile and bonding efficiency as
well as they experienced failure at much higher level than the EB FRP specimens [2, 3, 4].
Although the literature studies have indicated that the NSM FRP reinforcement can
significantly enhance the flexural behavior of RC beams by increasing their ultimate capacity
[e.g. 5, 6, 7, 8]; this system of strengthening has some restrictions in its application. The
implication of the NSM approach might be difficult or impossible for some part of structures,
particularly, over supports. Applying FRP rods anchorage over supports is not easily accessible
and could have influenced other structural components, during preparation and/or installation,
such as columns and joints. In addition, the efficiency of the FRP rods is substantially restricted
by the quality of the concrete cover, eg. in corroded beam; the concrete cover is highly exposed
to damage due to corrosion of the longitudinal steel bars. Therefore, locating FRP rods in such
places may lead to premature failure and thus reduce their promising supplementary resistance.
Hence, in order to overcome the NSM limitations, the Side Near Surface Mounted (SNSM) is
proposed as a new technique to strengthening RC beams using CFRP bars. The purpose of the
present work is to investigate the global behavior of reinforced concrete beams strengthened with
CFRP rods by means of the SNSM technique. This conducted by investigating three key
parameters which might influence the flexural response, namely, strengthening length,
strengthening position and filling material characteristic.
2 METHODOLOGY
2.1 Test beams, materials and instrumentation
Six reinforced concrete (RC) rectangular beams, including one control beam (CB), were tested
up to failure under monotonically increasing four point bending loads. The beams were
reinforced with two 12-mm-diameters deformed steel bars in the tension zone and two 6-mmribbed bars in the compression zone. Closed stirrups, 6-mm- in diameter, were provided in the
maximum shear zones at 150-mm- centers. The concrete cover thickness of all tested beams was
20-mm- at the lateral sides and 30-mm- at the upper and bottom sides. The beam geometry and
the configuration of the steel reinforcement are illustrated in Fig.1. The concrete properties of the
tested RC beams were determined by laboratory testing of three specimens of hardened concrete
cylinders (D = 160mm and H = 320mm). The average compressive and tensile strengths and the
modulus of elasticity of the concrete at 28 days were 37 MPa, 3 MPa and 30.3 GPa respectively.
However, the specified yield strength of the 6-mm- and 12-mm- longitudinal steel bars was
600MPa, and the modulus of elasticity was 210 GPa.
Five beams were initially strengthened with two 6-mm- diameter CFRP rods by means of the
SNSM technique (see Fig.1). The longitudinal side grooves were prepared by using a special
concrete saw; and to ensure proper bonding between the filling material and the concrete
substrate; airbrushing pressure was used to remove debris and fine particles [7]. The grooves
were filled into two stages in order to ensure that the filling material (resin/mortar) fully enfold
the CFRP bars. The mechanical properties of the strengthening material (CFRP) were measured
through axial testing of three specimens by [9]. Accordingly, the ultimate tensile strength and
modulus of elasticity of the CFRP rods used were 1875 MPa and 146 GPa respectively. Two
types of filling material were considered in this research to bond the CFRP rods to the internal
concrete surface; epoxy resin and mortar. The compressive and tensile strengths of the epoxy
resin and mortar at 7 days were 83 MPa,74.5 MPa, 29.5 MPa and 6.0 MPa respectively. One
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vertical linear variable differential transducer (LVDT) was employed for each tested beam to
monitor the vertical mid-span deflection. Fig.2 shows the test set up and instrumentation.
2.2 Beam Strengthening
Each SNSM beam has been given a reference code to define its strengthening scenario; for
example, BC1(270-SR) means that the BC1 beam is strengthened with 270 cm CFRP rods
situated alongside the steel bars (S) and embedded in resin filling material (R). The strengthening
scheme of this research was designed to study efficiency of the SNSM CFRP technique in
upgrading the flexural capacity of RC beams. Therefore, the flexural performance of the series
beams, BC1(270-SR), BC2(210-SR), BC3(270-SM) and BC4(210-SM), was studied in relation
to the CFRP running rod length and filling material type. The CFRP rods used to strengthen the
above four beams were located at the same level of the tensile steel bars. Beams BC1(270-SR)
and BC3(270-SM) were strengthened using 270cm CFRP bars whereas beams BC4(210-SM)
and BC2(210-SR) were strengthened using 210cm CFRP rods. The confined CFRP bars were
embedded in resin for the BC1(270-SR) and BC2(210-SR) beams while they were inserted into
mortar for the BC3(270-SM) and BC4(210-SM) beams. Another RC beam, namely BC5(270UR), was strengthened with two 6-mm-diameter CFRP rods embedded in resin and placed at 20mm upper than the longitudinal steel bars level. The purpose of the this beam was to study the
influence of the CFRP position on the ultimate load capacity and failure mode. Thus, the flexural
response of beam BC5(270-UR) was compared to that of the BC1(270-SR) beam. The test
matrix of this study are summarized in Table 1.
3 RESULTS AND DESCUSSION
3.1 Load-deflection response and failure mode
The total applied force versus the mid-span deflection curves for the tested beams are
presented in Fig.3. In general, the load carrying capacities of the SNSM CFRP beams were
greater than the load carrying capacity of the control beam (CB). The overall load deflection
response (𝑃 − ∆) indicates that the tested specimens went through three distinct stages: precracking stage (OB), concrete cracking stage (AB) and ultimate strength (BC) stage. The first
turning point (A) represents the end of the elastic stage, particularly, when the concrete starts
cracking. As can be seen in this phase, all the beams displayed same linear behavior, and
potential of the CFRP rods to enhance the cracking strength was inconsiderable. In the second
stage, presence of the CFRP bars significantly improved the stiffness and yielding load of the
SNSM beams, while reduction in the mid-span displacements compared to the CB at the same
applied load was observed. The cracking phase ended at the second turning point (B), which
represents the steel yielding load. In the last stage of loading (ultimate strength phase), it is
apparent that all the strengthened curves have higher increasing rates up to failure than the
increasing rate of the CB curve. This implies that the flexural response of the strengthened beams
was mainly controlled by the SNSM CFRP reinforcement. The point (C) represents the end of
this stage, where the applied load reaches the peak load.
Besides to the conventional flexural failure of the reference beam (CB); three different failure
modes were observed for the SNSM CFRP beams as summarized in Table 2. The two beams
BC1(270-SR) and BC5(270-UR) had experienced the same failure mode although they carried
different peak loads. The failure was due to crushing of the compressed concrete in the constant
moment zone, close to one of the two load application points, after yielding of the tensile steel
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reinforcement (see Fig.4). However, at the critical failure sections, conspicuous horizontal cracks
had appeared due to the compressed concrete splitting, and gradually these cracks extended and
widened in the direction of the mid-span.

Beam cross-section before
strengthening. (CB)

Beam cross-section after strengthening with CFRP rods by
using the SNSM technique.(BC1-BC4)

Beam cross-section after strengthening with CFRP rods by using the SNSM technique.(BC5)
Figure 1: Test beams details and reinforcement configuration. (All dimensions in mm)

Beams BC3(270-SM) and BC4(210-SM) were failed by instantaneous debonding between the
internal surface of concrete and the mortar filling material as shown in Fig.5. It was suddenly
occurred, owing to absence of cracks in the filling material during the test loading. This could
have attributed to the mechanical characteristics of the mortar. The failure occurrence of this set
of beams, concrete crushing and/or debonding, was influenced by the CFRP rod length. In fact,
the debonding failure initiated at early stage with respect to beam BC5(210-SM) prior to the
concrete crushing, however, combination of the both failure types (concrete crushing and limited
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debonding failures) were simultaneously observed in the case of beam BC3(270-SM). This
implies that 210-cm CFRP strengthening length embedded in mortar was insufficient to prevent
or to delay failure of the SNSM system.
Beam
CB
BC1(270-SR)
BC2(210-SR)
BC3(270-SM)
BC4(210-SM)
BC5(270-UR)

Number of CFRP
rod
---2∅6
2∅6
2∅6
2∅6
2∅6

Strengthening length
(cm)
---270
210
270
210
270

Filling
Material
---Resin
Resin
Mortar
Mortar
Resin

Strengthening
Position
---Steel level
Steel level
Steel level
Steel level
+20mm upper than SL

Table 1: Details of the test beams.

Figure 2: Test setup and instrumentation. (All dimension in mm)

The failure mode of beam BC2(210-SR) was due to the brittle concrete peeling-off at the
maximum shear zone followed immediately by the beam failure. As can be seen from Fig.6, the
intersection between the shear cracks and the minor horizontal cracks, at the end of the additional
reinforcement, caused a main horizontal crack to developed along the beam length at the same
level of the CFRP rods. This main horizontal crack had enhanced splitting of the concrete cover
over significant length in the beam soffit; from the end of the CFRP bars to the maximum
moment region.
3.2 Enhancement of ultimate capacity
In the subsequent sections, effectiveness of the SNSM technique to improve flexural capacity
of RC beams strengthened with SNSM CFRP rods is studied according to strengthening length,
strengthening position and filling material type. The yielding load 𝑃𝑦 , the failure load 𝑃𝑢 , and the
mid-span deflections ( ∆𝑦 and ∆𝑢 ) are summarized in Table 2.
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3.2.1 Influence of the CFRP strengthening length
Beam BC1(270-SR) failed due to crushing of the brittle compressed concrete at loading of
116 kN with an increase of about 59.3% in the failure load compared to the control beam,
whereas beam BC2(210-SR) failed as a result of concrete peeling-off at loading of 106.4kN with
an increase of 46.2% in the failure load. Regarding beams BC3(270-SM) and BC4(210-SM), the
load at failure was 106 kN for beam BC3(270-SM), and at 94.1kN for beam BC4(210-SM).
These failure loads represent an increase of 45.6% and 29.3% with respect to CB. As stated the
previous section, the debonding failure, between the filling material and concrete, occurred at an
earlier stage in beam BC4(210-SM) than in beam BC3(270-SM).
In conclusion, increasing length of the CFRP bars led to increase the ultimate load capacity of
the beam. It was noted that 60 cm of supplementary length of the CFRP rods helped to avoid
non-conventional failure mode (peeling-off) or delayed the debonding failure.
140
C

120

BC2(210-SR)
BC1(270-SR)

Total applied load(kN)

C
C

100

B

C

BC5(270-UR)
BC4(210-SM)

80

BC3(270-SM)

60

CB

40

20

A

0
0

10

20

30

40

50

60

70

Mid-span deflection (mm)
Figure 3: Load vs. mid-span deflection curves

3.2.2 Influence of the filling material
The influence of the filling material on the beam response is mainly studied on beams
BC1(270-SR) and BC3(270-SM); the only difference between the two strengthened beams was
the filling material type. As discussed in the failure mode section; the two tested beams
experienced different failures. The failure mode of the BC3(270-SM) beam was characterized by
debonding between mortar and concrete substrate together with concrete crushing, whereas no
signs on debonding failure were observed in the BC1(270-SR) beam. This result agrees with
previous study which indicated that using resin as a filling material forms better bonding with
concrete than using mortar [7]. However, the mortar filling material caused to change the failure
mode from peeling off in beam BC2(210-SR) to early debonding failure in beam BC4(210-SM).
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3.2.3 Influence of the strengthening position
In case of beam BC5(270-UR), the CFRP rods level was selected to be 20-mm above than
level of the main reinforcement steel bars. The beam BC5(270-UR) failed due to concrete
crushing, which is similar to the failure mode of BC1(270-SR), at 102.7kN. Although, this value
is about 41.1% higher than that of the control beam; it is also about 11.5% lower than the failure
load of beam BC1(270-SR). The slight drop in the ultimate load carrying capacity of beam
BC5(270-UR) compared with beam BC1(270-SR) was due to the fact that the strengthened rods
in beam BC5(270-UR) caused an additional tensile stress above the steel bars level; and this led
to decrease the effective moment arm of the tensile reinforcement within the beam cross section.
3.3 Ductility
Design standards require adequate ductility in order to prevent brittle failure of RC members.
In this study, the ductility index (μ) is calculated according to the deflection computation as
given in Equation 1 [10]:
𝜇 = ∆𝑢 /∆𝑦

(1)

Where ∆𝒚 and ∆𝒖 are the mid-span deflection at the yielding and ultimate load respectively.
The ductility index for the strengthened beams along with the reference beam are summarized in
Table2.

(a)

(b)

Figure 4: Failure mode of beams: (a) BC1(270-SR) and (b) BC5(270-UR)

(a)

(b)

Figure 5: Failure mode of beams: BC3(270-SM) and BC4(210-SM)
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End of the CFRP

Figure 6: Failure mode of beam: BC2(210-SR)

Generally, all the strengthened beams displayed less (𝝁 − 𝒊𝒏𝒅𝒆𝒙) compared to the control
beam as a result of increasing the tensile reinforcement amount. The ductility findings
demonstrate the influence of the non-ductile performance of the CFRP rods on the entire
ductility of the RC beams. Only BC1(270-SR) beam had shown nearly similar deflection
ductility at failure as that of the corresponding unstrengthen beam. Fig.7 demonstrates influences
of the studied parameters on the displacement ductility of the SNSM strengthened specimens,
and owing to the failure modes of beams BC2(210-SR) and BC4(210-SM); the CFRP bar length
was found, within the experimental frame of this study, the most prominent parameter that
significantly affect the SNSM beam ductility.

Yielding load
Beam

Failure Mode

CB

Flexural failure.

BC1(270-SR)
BC2(210-SR)
BC3(270-SM)

BC4(210-SM)
BC5(270-UR)

Crushing of the compressed concrete
nearby the load application.
Concrete peeling-off at the end of
CFRP rod.
Debonding at the mortar–concrete
interface together with compressed
concrete crushing.
Debonding at the mortar–concrete
interface followed by compressed
concrete crushing.
Crushing of the compressed concrete
near to the load application

Failure load

𝝁

Py (kN)

∆y (mm)

Pu (kN)

∆u (mm)

67.2

16.0

72.8

59.3

3.7

86.1

14.5

116.0

50.4

3.5

94.6

15.5

106.4

22.9

1.5

81.6

15.7

106.0

38.2

2.4

90.5

15.1

94.1

16.2

1.1

82.5

13.6

102.7

40.4

3.0

Table 2: Experimental results of the test beams.
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4

Ductility index (µ)

Control Beam

-5.4%

3.5

SNSM Beams

-18.9%

3

-35.1%

2.5
2

-59.5%

1.5

-70.3%

1
0.5
0
CB

BC1
(270-SR)

BC2
(210-SR)

BC3
BC4
BC5
(270-SM) (210-SM) (270-UR)

Specimens
Figure 7: Ductility index of the test beams

4 CONCLUSION
In this study, flexural response, failure mode and ductility of RC beams strengthening in
flexural with CFRP rods by using the Side Near Surface Mounted (SNSM) technique were
analyzed. Based on the experimental results; the SNSM technique could improve the global
flexural performance of the RC beams whatever the strengthening scenario used. All the
strengthened beams displayed higher bearing capacity than the un-strengthened control beam.
According to the obtained failure loads; the CFRP rods placed adjacent to the steel bars and
embedded in resin formed better resisting action to the flexural bending than those embedded in
mortar or placed above the main longitudinal steel bars. In beam BC1(270-SR), the flexural
strength increased over 59% compared to the control beam without significant reduction in
ductility. On the other hand, the length of CFRP rods was found to have a considerable influence
on the failure mode. Two strengthened beams, i.e. BC2(210-SR) and BC4(210-SM), out of five
beams showed premature failure due to the insufficient strengthening length (210 cm). However,
using mortar caused the failure mode to change from peeling-off failure in BC2(210-SR) to early
debonding failure in BC4(210-SM). The CFRP bars position did not show considerable impact
on the beam failure mode. Beams BC1(270-SR) and BC5(270-UR) were both failed due to
concrete crushing, while the failure mode of beam BC3(270-SM) was debonding failure at the
interface concrete–mortar because of the mortar filling material.
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Summary. The damage assessment in structures that have suffered one or more earthquakes
is of paramount importance to predict its post-earthquake behaviour. The actual version of the
European seismic design code (EC8) does not give practical indications about the estimation
of damage in connections and members, proposing only a general methodology based on
direct in-situ visual inspections.
The paper proposes a seismic design strategy to appraise the structure residual life, by
combining the well-known non-linear time-history (NLTH) analyses with the low-cyclic
fatigue design approach (LFC). Applications are proposed for a planar steel moment-resisting
(MR) frame in high ductility class. The discussed research outcomes show how the damage,
which is currently neglected during the design phase, is a very useful parameter able to allow
for an appraisal of the effective frame performance after one or more earthquakes as well as
for the identifications of components needing urgent repairs.
1 INTRODUCTION
Steel structures represent an optimal seismic solution because of the ductile properties of
the basic material combined with the presence of suitable components generally designed to
dissipate earthquake energy1. The traditional design approaches, based on linear seismic
analysis2 (i.e. the equivalent force method and the response spectrum analysis method), plus
member verification checks3, cannot give any information about the damage evolution. In
particular, these methods are not able to account for the deterioration mechanisms that could
occur during the earthquake in the dissipative zones. Their effective behavior is remarkably
influenced by pinching and stiffness/strength drops and can be directly captured only by nonlinear time-history (NLTH) analysis methods.
In the actual version of the European seismic design code of steel frames4, identified in the
following as EC8, fatigue checks are not required for appraising the residual life and
engineer’s attention has to be addressed only on the ductility and resistance of the
components. In fact, it is only prescribed to perform visual in-situ inspection directly on the
deformed structure. Unfortunally, from the practical point of view, inspections are often
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difficult because of the presence of non-structural elements that hamper the identification of
damaged structural elements, like members or beam-to-column connections.
Only few researches investigated the topic of the evaluation of the damage appraisal. In
particular, Ballio et al.5 investigated the reliability of Moment Resisting (MR) steel frame
components after the earthquake by suitably extending high-cycle fatigue approach. In this
paper, a more refined approach, which has been initially proposed for steel storage racks6, i.e.
frames with components belonging to class 47, has been suitably extended to traditional
carpentry frames. Key results of the procedure applied to a practical case composed by a MR
steel frame has been discussed, focusing attention on both the post-earthquake residual load
carrying capacity and on the damage level reached, after one or more earthquakes.
2 THE PROPOSED NLTH-LCF PROCEDURE
The proposed procedure is based on the non-linear time-history (NLTH) analysis, suitably
improved, to account for low-cycle fatigue (LCF) effects and for the reduction of structural
performance. In particular, reference is made to the Bernuzzi et al.8 proposal for LCF analysis
of semi-rigid steel joint, where the transition between the safe and unsafe zones (Figure 1) can
be expressed as:
𝑁(∆Φ)3 = 𝐾

(1)

where N is the number of cycles to reach failure at the constant rotation  range8,
distinguishing safe and unsafe regions, in a log-log scale. K is a constant, depending on both
joint details and material properties.

Figure 1: Fatigue resistance line in log(S)-log(N) domain

This criterion allows only for the evaluation of the fatigue failure of the component of
interest when it is subjected to constant amplitude loading history. In the case of variable
amplitude loads, instead of  an equivalent rotation range value, eq, has to be adopted,
which is related to the constant loading history characterized by the same number of cycles
(n) leading to the same damage. The term  eq is defined as:
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1

∆Φ𝑒𝑞 =

1

3
[𝑁 ∑ ∆Φ𝑖3 ]

(2)

where i is the total rotation range of each cycle of the variable amplitude loading
history.
As to the cycle counting methods, i.e. the approaches to evaluate eq, reference can be
made to the rainflow procedure, which is recommended by the European fatigue design code9.
Furthermore, it should be of great interest for design purposes to measure the damage
associated with a set of subsequent seismic events. The well-known Miner’s rule10 could be
conveniently applied also to frame components, making reference to the damage index D,
which ranges from 0 (no damage) to 1 (failure for LCF), expressed as:
𝐷=

𝑁 ∙ ∆Φ3𝑒𝑞
𝐾

(3)

After the steel frame is modelled, for each seismic accelerogram, the proposed procedure is
comprised of the following steps:
I.
definition of the initial maximum monotonic load carrying capacity (Wini), obtained by
a Non-Linear Static Analysis (NLSA) under incremental vertical load;
II.
NLTH analyses in which the vertical loads are defined according to EC8 seismic
loading condition (Wseis), taking into account both geometrical and mechanical nonlinearities;
III.
basing on the output data, evaluation of the damage index (D) for each joints and
components via the LCF theory. Evaluation of the maximum transient (θt,max) and of
the residual (θr) interstorey drift;
IV.
evaluation of the residual load carrying capacity (Wres) via a NLSA on the damaged
structure, i.e. by considering the effective performance of the structural components
accounting for the reductions due to one or more earthquakes;
V. definition of the most appropriate retrofitting strategy on the base of the interstorey
drift and the Wres/Wini ratio.
3 THE CASE STUDY
The proposed approach, based on NLTH analysis combined with the LFC theory, is
applied to the frame depicted in Figure 2, whose beam-to-column joints and members have
been tested in the past, under cyclic loads11. To reduce the number of variables a perfectly
rigid connection is supposed at the base. Seismic mass is approximately 32 tons at each floor.
For the NLTH analysis two earthquakes have been considered: El Centro 1979, and
Landers 1992 having a magnitude of 6.5 and 7.3, respectively. The finite element model
(FEM) is developed in OpenSees12 including both geometrical and mechanical non-linearities.
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Figure 2: The considered MR steel frame

The initial joint stiffness has been assumed equal to 17625 kNm/rad for TSC and 27050
kNm/rad, obtained as a mean value of the initial stiffnesses experimentally observed11. It is
worth noting that the bilinear Krawinkler model13 has been assumed for the members while
the cyclic joint behavior has been predicted by using the Pinching4 model14. It is well-known
that there is a relevant dependence of the response obtained in non-linear analysis from the
hysteretic law adopted in the dissipative zones and for this reason, both models have been
suitably calibrated by using experimental results11. In Figure 3 the comparisons between
experimental and numerical hysteretic laws are reported. In all the test maximum error
between numerical and experimental dissipated energy is located at the first cycles of the test.
The lowest error in energy dissipation is provided for HEA220 profile equal to 7%, while the
highest errors are provided in joint with maximum up to 30%.

Figure 3: Calibration of the joint behavior by using experimental results11
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The proposed procedure allows for the appraisal of the damage cumulation process in all
the joints and the members of the frame, during the earthquake. As an example, Figure 4 can
be considered where the damage cumulation is plotted for the base column section C.2.0 and
the beam-to-column joints (J.1.1, J.1.2 and J.1.3 in Figure 2), after a single El Centro or
Landers earthquake.

Figure 4: Damage cumulation (%) during the considered earthquakes

For both cases the highest damage index value is always located at second floor (J.1.2),
while the lowest is at the top floor (J.1.3) or at the column base section (C.2.0). The
uppermost deformations are provided in joints and the nethermost at the column bases
because of the cyclic excursions in plastic range are more limited. Furthermore, it is worth
noting that despite El Centro response is characterized by quite low rotation amplitude, the
obtained damage level is not negligible (up to 20%). In fact, with El Centro earthquake the
total number of cycles experienced from the dissipative zones is three times greater than the
one associated with Landers ground motion.
To have a general overview of the earthquake effects, Figure 5 can be considered,
presenting the damage indices of both joints and column ends, expressed in percentage and
located on the proper frame position. Moreover, a refined representation of joints fatigue is
also proposed in the log-log Whöler’s plane. In this case, tha fatigue damage of each joint is
represented by a point whose coordinates are the number of cycles and the equivalent rotation
(ΔΦeq), that have been evaluated in the re-analysis of the NLTH MR frame data. It can be
noted that:
• damage at columns are quite small, like the ones associated with joints at the top level;
• damage index in the joints is maximum at the second floor and minimum at the top
and this is due to the shape of the first and second vibration modes;
• external joints are more highly damaged than the internal ones.
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Figure 5: Damage values (%) and raperesentation in the Whöler domain

Another very important aspect for a safe use of the frame after the earthquake is the
accurate appraisal of the residual load carrying capacity. The post-earthquake load carrying
capacity of a structure is significantly influenced by the value of the interstorey drift |θ|, that
can be intended as the maximum value of the residual drift (θr) and/or as the maximum
transient drift (θt,max) reached during the earthquake. The interstorey drifts are directly
dependent on the plastic deformation of the dissipative zones. When relevant transient drifts
are measured, the dynamic stability of the frame is compromised.
In Figure 6 the absolute value of residual and transient instersory drift |θ| is reported over
the height.
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Figure 6: Residual and maximum transient drift distribution

The proposed procedure to assess post-earthquake frame behaviour can be applied also in
case of additional earthquakes as briefly shown in the following, herein refering, for the sake
of simplicity, to sequence of events, having the samer magnitude to the original one. From the
numerical point of view, earthquake sequence has been obtained as a repetition of the same
main shock signal, by inserting an interval with zero acceleration between each of the three
repetitions that have been herein considered. Due to relevant reduction in load carrying
capacity, structural failure due to Dynamic Instability (DI) is expected. Moreover, a direct
correlation between the drift accumulation process under sequential earthquake and the
residual properties of the structure against vertical load condition is expected.
Two different responses characterize the structural behaviour under sequential shocks
(Figure 7), that can be classified as:
i)
frame vibration around a deformed configuration obtained after the first
earthquake. This can be defined as a “structural adaptation” of the frame to the
earthquake and can be appreciated during the El centro earthquake;
ii)
progressive increment of residual and trasient drift after each shock, with the
extreme case on wich transient displacements are so high that the structure reach
DI during the sesimic event (as in case of Landers repetitions).

Figure 7: Top drift response under sequential shocks
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In Figure 8, residual load carrying capacity of each sequence is presented in term of the
ratio between residual (Wres) and intial load carrying capacity (Wini).

Figure 8: Residual load carrying capacity after sequential shocks

It can be noted that El Centro earthquake leads to the same reduction (that is of about 30%)
considering one or more seismic sequences. On the contrary, if Landers sequences are
considered, the reduction increases from 42%, in case of one earthquake, to 56% in case of
two earthquakes; when three Landers earthquakes occur, the frame collapses, i.e. DI is
reached. As an example of the joints damage cumulation process, Figure 9 can be considered,
which is related to the relevant damage value in the Whöler domain. It can be highlighted
that, even if in some case structural stabilization occurs (as happen in the case of El Centro
earthquake), fatigue life of each dissipative zones is progressively reduced after each
earthquake, with the increase of local damage indices. It can be remarked that if El Centro is
considered, damage cumulation is not properly linear due to an additional vertical translation
of the most damaged points during the second and the third earthquake.

Figure 9: Joint damage in sequential earthquake
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Finally, it can be concluded that enough post-earthquake performance can be appreciated,
only in case El Centro earthquake. Even if local damage linearly increases after each
earthquake, a stable trend is detected in the residual properties of the structure, leading
sustainable further repair actions. On the contrary, the other case experiences relevant
reduction of safety under further shocks, leading repair not sustainable. This aspect is
highlighted also by the fact that, under the third Landers shock, DI is experienced.
4 CONCLUDING REMARKS
A numerical procedure combining NLTH analysis with LCF theory has been presented and
applied for the evaluation of the residual performance of a MR steel frames damaged by one
or more earthquakes. Results related to the considered frames shown that, in general:
• the post-earthquake load carrying capacity is greatly influenced by the residual drifts,
that are strongly dependent from the hysteretic law and the deterioration mechanism of
the dissipative zones, i.e. joints and members;
• the maximum damage values are always located at the external joints on the second
floor levels, while the minimum ones are at the top floor or on the columns;
• after more earthquakes the damage cumulation process is characterized by a quite
linear trend, depending mainly on how the frame modify its modal behavior.
Moreover, for both the selected earthquakes, after two sequential shocks, no failure occurs
despite the observed high values of damage in joints, reflecting direcly in a non-negligible
reduction of the load carrying capacity; structural collapse has been observed after three
repetition of the Landers earthquake. This behaviour is attributable to dynamic instability
problems and not to the exhaustion of the fatigue life of the steel components.
Furthermore, it can be stated that the proposed numerical procedure provides results useful
in the definition of the intervention strategy on a damaged structure. Due to sensitivity of the
procedure to the hysteretic law representing cyclic behavior of the MR frame key
components, an accurate calibration of the numerical model is always required. The results
obtained from the proposed procedure, should be validated with those detectable during a
preliminary inspection phase (i.e. in-situ evaluation of the damage index and residual
interstorey drifts).
Finally it is worth noting that, due to limited number of data provided in literature on LCF
of steel components, extensive experimental campaigns are required for extending the
application of the proposed procedure to a wider case of connections and steel members.
REFERENCES
[1] V. Gioncu and F.M. Mazzolani. Seismic Design of Steel Structures, CRC Press (2014).
[2] C. Bernuzzi, C. Chesi, D. Rodigari and R. De Col., “Remarks on the approaches for
seismic design of Moment Resisting Steel Frames”. Ingegneria Sismica - International
Journal of Earthquake Engineering 35(2):37-47, (2018).
[3] C. Bernuzzi, B. Cordova and M. Simoncelli, “Unbraced steel frame design according to
EC3 and AISC provisions”. Journal of Constructional Steel Research, 114, 157-177,
(2015).

9

C. Bernuzzi, D. Rodigari and M. Simoncelli

[4] CEN, EN 1998-1. Eurocode 8: Design of structures for earthquake resistance – Part 1:
General rules, seismic actions and rules for buildings, European Committee for
Standardization, Brussels, (2004).
[5] G. Ballio, L. Calado and C.A. Castiglioni, “Low Cycle Fatigue behaviour of structural
steel members and connections”, Fatigue and Fracture of Engineering Materials and
Structures, Vol. 20, No. 8, p.p. 1129-1146, (1997).
[6] C. Bernuzzi and M. Simoncelli, “An advanced design procedure for the safe use of steel
storage pallet racks in seismic zones”. Thin-Walled Structures 109, 73-87, (2016).
[7] CEN, EN 1993-1-1, Eurocode 3: Design of steel structures – Part 1-1: General rules and
rules for buildings, European Committee for Standardization, Brussels (2005).
[8] C. Bernuzzi, L. Calado and C.A. Castiglioni, “Ductility and load carrying capacity
prediction of steel beam-to-column connection under cyclic reversal loading”, Journal of
Earthquake Engineering, 1:2, 401-432, (1997).
[9] CEN, EN 1993-1-9. Eurocode 3: Design of steel structures – Part 1.9: Fatigue, EU
Committe for standardization, (2009).
[10] M.A. Miner, "Cumulative damage in fatigue”. Journal of Applied Mechanics, Vol.12
N.3, p.A159-A156, (1945).
[11] C. Bernuzzi, R. Zandonini and P. Zanon, “Experimental Analysis and Modelling of
Semi-rigid Steel Joints under Cyclic Reversal Loading”, Journal of Constructional Steel
Research, vol. 38-2, 95-123, (1996).
[12] F. McKenna, “OpenSees: A Framework for Earthquake Engineering Simulation”,
Computing in Science and Engineering 13, 58 -66, (2011).
[13] L.N. Lowes, N. Mitra and A. Altoontash, “A Beam-Column Joint Model for
Simulating the Earthquake Response of Reinforced Concrete Frames”, PEER Report
2003/10, Pacific Earthquake Research Center, College of Engineering, University of
California, Berkley, (2004).
[14] L. F. Ibarra, R.A. Medina and H. Krawinkler, “Hysteretic models that incorporate
strength and stiffness deterioration”, Earthquake Engineering and Structural Dynamics,
34:1489-151, (2005).

10

3rd International Conference on International Conference on Recent Advances in Nonlinear Design,
Resilience and Rehabilitation of
Structures, CoRASS 2019
H. Barros, C. Ferreira, José M. Adam and Norb Delatte (Eds)

DISCRETE MODELS FOR THE FORM FINDING OF CONTINUA
SHELLS
TATIANA SÁ MARQUES*, VÍTOR DIAS DA SILVA† AND EDUARDO N.B.S.
JÚLIO*
*

CERIS, Department of Civil Engineering, Architecture and Georesources (DECivil) of
Instituto Superior Técnico, University of Lisbon
Rua Av. Rovisco Pais, 1, 1049-001 Lisboa, Portugal
E-mail: tatianasamarques@tecnico.ulisboa.pt; eduardo.julio@tecnico.ulisboa.pt ;webpage:
http://www.ceris.pt
†

INESC-C, Department of Civil Engineering
Faculty of Sciences and Technology University of Coimbra
Rua Luís Reis Santos - Pólo II da Universidade, 3030-788 Coimbra, Portugal
E-mail: vdsilva@dec.uc.pt; webpage: http://www.dec.uc.pt

Key words: form-finding; lattice spring model; spring cell; stiffness model; flexibility model;
non-linear analysis
Summary. The use of spring cells as an alternative to finite element method (FEM) analysis of
deformable continua has numerous advantages, such as its discrete representation and
unidimensional stress states.
This paper presents an innovative alternative approach to the continua FEM analysis, based on
a new discrete model algorithm of bar elements framing a triangulated grid - lattice spring
model. A non-uniform optimized thickness distribution, in both continua and discrete models,
was implemented. This novel feature is a vital aspect to the optimization of the final shape.
Two discrete models were developed, the classic/stiffness model and the innovative/flexibility
model, that differ by the calculatory cross-section areas assigned to the bars of the cell. Results
demonstrate that the latter performs better, not only for the independency of the mesh quality,
but also for the approximation of the results (when compared to the continua model).
This new discrete approach led to a structural model that is easier and faster to program than
FE method. It is also very accurate, since the final shapes obtained by the continuum method
and the discrete methods are practically coincident.
1 INTRODUCTION
One of the most efficient form-finding procedures of double curvature shells is the
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membrane method. It is based on the assumption that a flexible membrane is deformed
according to the anti-funicular shape of the forces applied, as a consequence of its negligible
bending stiffness.
Shells and membranes are unanimously considered as highly effective lightweight structures
of special interest in applications such as wide-span roofs. The load bearing capacity of these
types of structures is mainly provided by their shape. Since they are subjected to membrane
forces rather than bending, material use within the structure is optimized [1],[2]. This feature is
even more prominent in double curvature shapes since, with an appropriate shape or form, they
balance a wider range of load distributions much more efficiently than arches and single
curvature shells.
These structural shapes may be generated according to three different methods: freeform;
equilibrium-form, and structural optimized-form. The freeform group is defined by geometries
that can be described by analytical functions [3]. Until the 1960s, this type of method was used
to design the thin-shells developed by some of the most renowned architects, such as Pauli
Nervi, Felix Candela or Eero Saarinen. After the 60s, the equilibrium-form methods took over
as the main methods to determine structural shapes from an inverse formulation of equilibrium.
To this aim, two main experimental methods, usually referred to in the literature as form-finding
methods [1],[3] were used: i) the hanging model and ii) the pre-stressed soap-film analogy. The
hanging model was intensively used by H. Isler to define shell shapes [4],[5], and consists in
suspending a flexible object (cable-net, fabric membrane) with a given boundary, with no
bending or compressive stiffness, so that once it is loaded, a purely tensile stress state is
established. When the desired shape is reached, the inverted model corresponds to the final
shape with a compressive stress-state. The soap-film analogy has the same physical principle
of the hanging model, but it is used to generate the shape of pre-stressed membranes which are
structures under pure tensile stress [6],[7]. This method relates to minimal surfaces, where the
normal vector to the surface is nearly vertical[8]. Nowadays, the equilibrium-form methods are
numerically simulated by finite element methods concerning elastic and non-linear analysis and
considering large displacements and large strains. For instance, in [38], based on standard finite
element discretization, an updated reference strategy was implemented for numerical form
finding of pre-stressed membranes and homotopy mapping was used for the regularization of
the singularities of the inverse problem. As in [39], non-uniform rational B-splines were applied
for optimizing the form of anisotropic shells.
The structural optimized-form methods correspond to a structural optimization approach and
combine several criteria to define the optimal shape, wherein a modular toolbox with a
combination of computer aided geometrical design, computational mechanics and
mathematical programming is used as a general optimization problem [2],[9]. A combination of
the form-finding and optimized-form methods is possible, as reported in [10]. Although the
structural optimization approach is more general and it may take into account other structural
(stability, modal properties, etc.) and non-structural (e.g. costs) variables, numerical
simulations of form-finding methods, based on physical models, are comparatively more robust
and more suited for complex shapes [2]. In the context of shape determination, which is the aim
of the present study, the latter is also physically more intuitive and easier to program. It is worth
mentioning that form-finding methods themselves contain the concept of optimization: the
final/optimal shape is associated to a minimum potential energy of the associated mechanical
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system.
The earlier computational methods for form finding were mainly used for discrete cable-net
structures and later extended to surface elements for membrane structures such as triangular
elements [11]. As referred to in [11], these are usually characterized by: i) stiffness matrix
methods, which consider standard elastic and geometric stiffness matrices; ii) geometric
stiffness methods that only consider the geometric stiffness (material independency), based on
the force density method; iii) dynamic equilibrium methods, where the dynamic equilibrium is
solved with a steady-state solution or, in other words, when a static solution of static equilibrium
is found. In this context, the literature has not always been coherent with naming these methods,
especially concerning stiffness matrix methods. For instance, based on the publications of Haug
et al. [12] and Argyris, Angelopoulos et al. [13], the same methods have also been called nonlinear network computation [14], computer erecting [15], Newton-Raphson iteration [16], nonlinear displacement analysis [17] and transient stiffness [18].
Although elastic continua are nowadays widely computed with finite element models, back
in the 60s, computational tools were mainly used to analyze tridimensional reticulated
structures. Therefore, for very wide-spanned structures, a huge amount of nodes and bars was
required for computational analysis, thus numerical treatment was very limited. Since
reticulated shells show a similar structural behavior to the same type of continua shells as long
as they form a triangulated grid, a continuum analogy became logical. The continua approach
requires an establishment of equivalence between space frame and continuum shell, e.g., given
the space frame design, the elastic properties and effective thickness of the continuum
counterpart are determined in a similar way [23]. In [19] a methodology for this purpose is
presented, where a single layer of reticulated shells forming a triangular mesh of bar members
is studied. Bar forces are related to membrane forces, as the elastic constants and effective
thickness of the continuum shell are determined. Thereby, stability analysis allowed the
conclusion that the continuum analogy of the discrete bar skeleton should be a shell, with a
greater thickness and lower elastic properties, to be reached. The same approach is applied in
[20]
to a continuum analysis of a double layer of space frame shells with a tetrahedral assemblage
of elastic bars.
Some advantages of discrete methods over continuum methods, such as simplified discrete
representation, microstructural modeling, uniaxial material laws and the resolution of
progressing damage and failure analysis, justify the recent interest [21],[24],[25],[29] in the subject
of solid continua modeling with spring cells instead of finite elements. Since the finite element
method is based on the approximation of the unknown fields by piecewise shape functions with
unknown scaling constants; discontinuities in the model can only be represented by adding
shape functions, making it possible to describe these discontinuities. This fact naturally
increases the model’s complexity [29]. In order to surpass this disadvantage, some new discrete
modeling approaches in mechanics have been developed, leading to the development of the
discrete element method [35] and lattice spring methods [22]. The latter method represents
continua using a lattice of interconnected springs and beams. The first spring lattices were used
by Kirsch [36] to represent the properties of elastic continua. Further developments to this model
were made by Hrennikoff [22], who refined it by using several cells that were able to represent
elastic continua. Cells with equilateral triangle and rectangular shapes using normal springs for
two-dimensional continua, and cells using beams for plate modeling, with a square shape, are
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both included in his work. In [37], for origami structures, since repeated unit cells are present, a
geometric-graph-theoretic method was implemented for the representation of the corresponding
truss frameworks. Also within the context of repetition and optimization, in [40] a computational
method was developed for automated cyclic symmetries detection of engineering structures.
The structural symmetry concept had been applied for the simplification of the form finding
process of tensegrity structures [41].
There are many ways for continua modeling using lattice spring models adopting onedimensional elements. The beam lattice model is very well suited to represent continuum shells,
since it allows the bending behavior to be modeled while the stress state remains simple (it is
one-dimensional), as shear stresses in the shells may be neglected [30]. As long as the external
forces are well balanced without bending forces, as is the case of triangulated lattices, beam
lattice models have the ability to model continuum shells with low curvatures: the tangent
stiffness matrix avoids becoming singular while the stress distribution at the cross-section of
the bars is almost homogenous. Another type of lattice spring model is the pin-joined bar model,
where normal springs are applied to model two and three-dimensional continua. The
determination of the stiffness of the truss is made by the comparison of the strain energy of the
lattice and the continuum. According to [30], only in the particular case of equilateral triangles
and rectangles do both energies match. Since in most cases distorted cells are used, lattice
stiffness is approximated through two conditions: consideration of a constant strain state in
which the strain energy of the lattice equals the strain energy of the continuum; in the case of
an isotropic material, stiffness is homogeneously distributed over the lattice. This approach
leads to an optimized stiffness model, whereby lattice and continuum discretization error is
minimized (shells included). Compared to the first method presented, the latter is easier to
implement when large displacements are considered, since no rotational degrees of freedom are
accounted for. Another important advantage of the pin-joined bar model over the beam model
depends on the yielding and damage behavior, as it is easier to define the former than the latter.
Finally, another type of spring lattice model is the condensed continuum model [24], [25], [29],
wherein the properties of the constant strain elements of the elastic continuum are condensed
in longitudinal and angular springs. This approach allows the substitution of constant strain
triangles by triangular cells of arbitrary shape whose nodes are connected by three normal and
three angular springs to represent the linear elastic behavior of an arbitrary material for twodimensional mechanical systems [29]. The main advantage of this model over the models in [27]
and [28], wherein one cell of a fixed shape is repeated over the entire model, is the elimination
of the mesh-introduced anisotropy during model failure.
In [26] and [31], a spring cell substitution is deduced from the natural continuum element, as
an attempt to reproduce certain properties of the continuum. The transition in elasticity from
the triangular continuum plane element, as strain and stress are homogeneously defined along
its sides (Argyris’ triangular element) to equivalent spring cells, is made with flexibility and
stiffness element approximations. As a result of the calculatory cross-section areas assigned to
bar members by the two approaches referred to above, the cell properties differ, excepting for
the ideal case of the complete equivalence to the simplex finite element, which is the regular
triangle and Poisson coefficient of 1/3. In this particular case, both the flexibility matrix and the
stiffness matrix lead to structural behavior similar to the continuum model.
A lattice bar model with cells containing parallel directions to the equivalent continuum
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triangle sides is developed in this paper: the continuum triangular element is represented by
three truss bars. The bar properties defining its stiffness, in either small or large strain models,
are the material constitutive law and geometry, which is defined by the bar length and the crosssection area. The key strategy to obtain an equivalence between membrane and lattice spring
model results is the correct definition of the bar elements’ cross-section areas. This process
implies approximations in most cases, arising from the fact that the transition from the
triangular continuum element to an equivalent triangular bar cell is not exact. Regarding the
material rheology, a linear-elastic behavior is admitted. The bar length depends on the
respective triangular cell dimension, which in turn is a mesh function. The cross-section area is
determined by two distinct approaches: one is the so-called classic model (or stiffness model),
using the diagonal elements of the stiffness matrix of the continuum’s element; and the
innovative model, also named as flexibility model, in which the diagonal elements of the
flexibility matrix are used.
A comparison of results obtained from the traditional FEM continuum membrane model,
developed by Silva [32] using [33], and the newly proposed algorithm of lattice spring model is
presented. Both continuum and discrete models are applied to determine the optimal final shape
of a roof shell structure considering: variable thickness, structured and unstructured meshes and
linear-elastic material, both with and without compressive stiffness. The objective of the latter
is to find a shell shape that is able to balance the loads without tensile stresses. Other variations
of the fictitious constitutive law of the membrane material have not been considered, since there
is no correlation between it and the rheological behavior of the shell material.
2 FROM THE CONTINUA MODEL TO THE LATTICE SPRING
MODELSPECIFICATIONS
Representing the continuum linear-elastic behavior of a plane triangle by a spring discrete
representation requires the determination of the equivalent bar stiffness of the bars forming the
triangular cell. The main objective is to reach a triangular cell with the closest behavior as
possible to the correspondent continuum element.
In the continuum element of Fig. 1, the relations between the forces 𝑁𝑎 , 𝑁𝑏 and 𝑁𝑐 , and
elongations, ∆𝑎, ∆𝑏 and ∆𝑐, along the directions a, b and c, respectively, are given by Eq. (1).
𝑘𝑎𝑎
𝑁𝑎
{𝑁𝑏 } = [𝑘𝑏𝑎
𝑁𝑐
𝑘𝑐𝑎

𝑘𝑎𝑏
𝑘𝑏𝑏
𝑘𝑐𝑏

𝑓𝑎𝑎
𝑘𝑎𝑐 ∆𝑎
∆𝑎
𝑘𝑏𝑐 ] {∆𝑏 } ⇔ {∆𝑏} = [𝑓𝑏𝑎
𝑘𝑐𝑐 ∆𝑐
𝑓𝑐𝑎
∆𝑐

𝑓𝑎𝑏
𝑓𝑏𝑏
𝑓𝑐𝑏

𝑓𝑎𝑐 𝑁𝑎
𝑓𝑏𝑐 ] {𝑁𝑏 }
𝑓𝑐𝑐 𝑁𝑐

Each bar’s stiffness directly depends on its cross-section area, Ω𝑎 , Ω𝑏 and Ω𝑐 .

Fig. 1. Plane continuum element (left side.) and its equivalent bar cell (right side).
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Generically, the stiffness and flexibility matrices, [𝐾] and [𝐹], are non-diagonal. In the bar
lattice model represented in the same figure, forces in the same directions a, b and c can be
related to the bar elongations by the following equations. A, B and C are the lengths of the
element contour segments along directions 𝑎, 𝑏, 𝑐, respectively, and E is the elasticity modulus.
𝑁𝑎
{𝑁𝑏 } =
𝑁𝑐

𝐸Ω𝑎
𝐴
0
[ 0

0
𝐸Ω𝑏
𝐵
0

0
0
𝐸Ω𝑐
𝐶 ]

∆𝑎
∆𝑎
{∆𝑏 } ⇔ {∆𝑏 } =
∆𝑐
∆𝑐

𝐴
𝐸Ω𝑎

[

0

0

0

𝐵
𝐸Ω𝑏

0

0

0

𝐶
𝐸Ω𝑐 ]

𝑁𝑎
{𝑁𝑏 }
𝑁𝑐

(2)

It becomes clear that complete equivalence cannot be reached generically, since in the bar
lattice model the non-diagonal elements of the stiffness matrix and flexibility matrix are always
null. However, two methods may be applied to obtain an approximation: the classic method and
the flexibility method, that differ in the determination of the cross-section area of the bar. While
the classic method is based on a stiffness model, e.g., the equivalence of the respective
continuum model is sought in the diagonal elements of the stiffness matrix [𝐾]; in the flexibility
method the continuum equivalence is sought based on the determination of the diagonal
elements of the flexibility matrix.
2.1 Classic/Stiffness Model
To compute a diagonal element of the stiffness matrix, the triangular element represented in
Fig. 2, wherein a generic deformation state is installed, shall be considered.

Fig. 2. Plane element under axial force.

The strains 𝜀𝑎 , 𝜀𝑏 , 𝜀𝑐 , respective to directions 𝑎, 𝑏 and 𝑐, can be determined from the strain
tensor components 𝜀𝑥 , 𝜀𝑦 , 𝛾𝑥𝑦 , in the axes system 𝑥𝑦, as follows:
𝜀𝑐 = 𝜀𝑥
2
2
{𝜀𝑏 = 𝜀𝑥 𝑐𝑜𝑠 𝛽 + 𝜀𝑦 𝑠𝑖𝑛 𝛽 + 𝛾𝑥𝑦 𝑠𝑖𝑛𝛽 𝑐𝑜𝑠𝛽
𝜀𝑎 = 𝜀𝑥 𝑐𝑜𝑠 2 𝛾 + 𝜀𝑦 𝑠𝑖𝑛2 𝛾 + 𝛾𝑥𝑦 𝑠𝑖𝑛𝛾 𝑐𝑜𝑠𝛾

(3)

In the triangle of Fig. 2, both angles 𝛽 and 𝛼, are calculated from the lengths A, B and C:
𝛽 = 𝑎𝑐𝑜𝑠

𝐵2 + 𝐶 2 − 𝐴2
𝐴2 + 𝐶 2 − 𝐵2
; 𝛼 = 𝑎𝑐𝑜𝑠
𝑤𝑖𝑡ℎ 0 ≤ 𝛽, 𝛼 ≤ 𝜋
2𝐵𝐶
2𝐴𝐶
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As seen in Eq. (2), the stiffness matrix of the discrete model is diagonal and, as an example
of the calculation procedure for a diagonal element, the 𝑘𝑐𝑐 coefficient computation will be
explained. Assigning ∆𝐶 as a length variation of C and maintaining A and B as constant lengths,
it becomes
𝜀𝑐 = 𝜀𝑥 =

∆𝐶
; 𝜀𝑏 = 0 ; 𝜀𝑎 = 0
𝐶

(5)

Considering Eq. (5) and 𝛾 = 𝜋 − 𝛼, Eq. (3) can be re-written as:
{

𝜀𝑦 𝑠𝑖𝑛2 𝛽 + 𝛾𝑥𝑦 𝑠𝑖𝑛𝛽 𝑐𝑜𝑠𝛽 = −𝜀𝑐 𝑐𝑜𝑠 2 𝛽
𝜀𝑦 𝑠𝑖𝑛2 𝛼 − 𝛾𝑥𝑦 𝑠𝑖𝑛𝛼 𝑐𝑜𝑠𝛼 = −𝜀𝑐 𝑐𝑜𝑠 2 𝛼

(6)

Solving the previous system (Eq. (6)) leads to the determination of the remaining strain
tensor components:
𝑐𝑜𝑠 2 𝛼 𝑐𝑜𝑠 2 𝛽
−
𝑠𝑖𝑛2 𝛼 𝑠𝑖𝑛2 𝛽
𝛾𝑥𝑦 = Φ 𝜀𝑐 𝑤𝑖𝑡ℎ Φ =
𝑐𝑜𝑠𝛼 𝑐𝑜𝑠𝛽
−
𝑠𝑖𝑛𝛼 𝑠𝑖𝑛𝛽
𝑐𝑜𝑠 2 𝛼 𝑐𝑜𝑠𝛽 𝑐𝑜𝑠𝛼 𝑐𝑜𝑠 2 𝛽
−
𝑠𝑖𝑛𝛼
𝑠𝑖𝑛𝛽
𝜀𝑦 = −Θ 𝜀𝑐 𝑤𝑖𝑡ℎ Θ =
{
𝑠𝑖𝑛𝛼 𝑐𝑜𝑠𝛽 + 𝑐𝑜𝑠𝛼 𝑠𝑖𝑛𝛽

(7)

Once the deformation state is known, the associated stress state is computed according to
the generalized Hooke’s law, as expressed in the following equations:
(1 − 𝜈 Θ)
𝐸
(𝜀 + 𝜈 𝜀𝑦 ) = 𝐸 𝜒 𝜀𝑐 𝑤𝑖𝑡ℎ 𝜒 =
1 − 𝜈2 𝑥
1 − 𝜈2
(𝜈 − Θ)
𝐸
𝜎𝑦 =
(𝜈 𝜀𝑥 + 𝜀𝑦 ) = 𝐸 𝜓 𝜀𝑐 𝑤𝑖𝑡ℎ 𝜓 =
1 − 𝜈2
1 − 𝜈2
𝐸
Φ
𝜏 =
𝛾 = 𝐸 𝜍 𝜀𝑐 𝑤𝑖𝑡ℎ 𝜍 =
{ 𝑥𝑦 2(1 + 𝜈) 𝑥𝑦
2(1 + 𝜈)
𝜎𝑥 =

(8)

The internal deformation energy, 𝑊𝑖𝑛𝑡 , of the element of t thickness represented in Fig. 2
and under the traction axial force Nc, is given by:
𝑊𝑖𝑛𝑡 =

11
∆𝐶 2 1 1
∆𝐶 2
𝐶 𝐵 𝑠𝑖𝑛𝛽 𝑡 𝐸 (𝜒 − 𝜓Θ + 𝜍Φ ) 2 = ( 𝐵 𝑠𝑖𝑛𝛽 𝑡 𝐸 𝐹
)
⏟
2⏟
2
𝐶
2 2
𝐶
𝑇𝑟𝑖𝑎𝑛𝑔𝑙𝑒 𝐴𝑟𝑒𝑎

𝜎𝑥 𝜀𝑥 +𝜎𝑦 𝜀𝑦 +𝜏𝑥𝑦 𝛾𝑥𝑦

(9)

𝑤𝑖𝑡ℎ 𝐹 = 𝐹(𝛼, 𝛽, 𝜈) = 𝜒 − 𝜓 Θ + 𝜍Φ

Since forces 𝑁𝑎 e 𝑁𝑏 do not generate work, as ∆𝐴 = ∆𝐵 = 0, the work produced by the
external forces, 𝑊𝑒𝑥𝑡 , is then calculated as:
𝑊𝑒𝑥𝑡 =

1
𝑁 ∆𝐶
2 𝑐

(10)

Taking Eq. (9) as equal to Eq. (10), then
𝑊𝑒𝑥𝑡 = 𝑊𝑖𝑛𝑡 ⇒ 𝑁𝑐 =

1
∆𝐶
𝐵 𝑠𝑖𝑛𝛽 𝑡 𝐸 𝐹
2
𝐶

(11)

The elementary stiffness, 𝑘𝑐𝑐 , representative of the bar with direction 𝑐, is calculated by:
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𝑘𝑐𝑐 =

𝑁𝑐 1
𝑡𝐸𝐹
= 𝐵 𝑠𝑖𝑛𝛽
∆𝐶 2
𝐶

(12)

From equalizing Eq. (12) to the correspondent lattice bar model value (Eq. (2)), the
equivalent area, given by the classic model, of the bar with direction 𝑐, Ω𝑐_𝑒𝑞,𝑐𝑙𝑎𝑠 , is obtained:
𝑘𝑐𝑐 =

𝐸Ω𝑐_𝑒𝑞,𝑐𝑙𝑎𝑠
1
𝑡𝐸𝐹
1
= 𝐵 𝑠𝑖𝑛𝛽
⇒ Ω𝑐_𝑒𝑞,𝑐𝑙𝑎𝑠 = ℎ 𝑡 𝐹
𝐶
2
𝐶
2

(13)

2.2 Innovative/Flexibility model
As suggested by the name, this model is based on the determination of the diagonal elements
of the flexibility matrix of a continuum triangular element (the inverse of the stiffness matrix
Eq. (1)).
A column of the flexibility matrix can be determined by considering one of the forces 𝑁
(Fig. 1) as non-zero, and the remaining two as zero. In these conditions, a unidimensional stress
state is reached, i.e., the stress tensor components 𝜎𝑦 e 𝜏𝑥𝑦 are null. Since a linear-elastic
behavior material is considered, the non-zero component of the stress tensor and the
corresponding strain are:
𝜎𝑐 = 𝜎𝑥 = 𝐸 𝜀𝑐 ; 𝜀𝑐 = 𝜀𝑥 =

∆𝐶
𝐶

(14)

In these conditions, the internal deformation energy, 𝑊𝑖𝑛𝑡 , of the element with thickness 𝑡,
under tension axial force 𝑁, and the work produced on the bar with the correspondent 𝑐
direction are given by the following expressions:
𝑊𝑖𝑛𝑡 =

11
∆𝐶 2 1 𝐵 𝑠𝑖𝑛𝛽 𝑡 𝐸 ∆𝐶 2
𝐶 𝐵 𝑠𝑖𝑛𝛽 𝑡 𝐸 2 =
⏟𝐶
2⏟
2
2
2𝐶
𝑇𝑟𝑖𝑎𝑛𝑔𝑙𝑒 𝐴𝑟𝑒𝑎

(15)

𝜎𝑥 𝜀𝑥

𝑊𝑒𝑥𝑡 =

1
𝑁 ∆𝐶
2 𝑐

(16)

As Eq. (15) is equal to Eq. (16), then:
𝑊𝑖𝑛𝑡 = 𝑊𝑒𝑥𝑡 ⇒ 𝑁𝑐 =

𝐵 𝑠𝑖𝑛𝛽 𝑡 𝐸∆𝐶
2𝐶

(17)

The elementary flexibility 𝑓𝑐𝑐 (Eq. (1)) is then given by:
𝑓𝑐𝑐 =

∆𝐶
2𝐶
2𝐶
=
∆𝐶 =
𝑁𝑐 𝐵 𝑠𝑖𝑛𝛽 𝑡 𝐸∆𝐶
ℎ𝑡𝐸

(18)

In the flexibility model, the diagonal elements of the flexibility matrix (Eq. (1)) are used to
find the cross-section areas of bars in the lattice model. Thus, from Eq. (1), (2) and (18), it
becomes:
𝑓𝑐𝑐 =

𝐶
2𝐶
𝐶
ℎ𝑡
⟺
=
⇒ Ω𝑐_𝑒𝑞,𝑓𝑙𝑒𝑥 =
𝐸Ω𝑐
ℎ 𝑡 𝐸 𝐸Ω𝑐
2

(19)

In the flexibility model, as referred to above, only the diagonal elements of the continuum's
flexibility matrix are used to compute the cross-sections of the bars in the lattice model. The

8

Tatiana Sá Marques, Vítor Dias da Silva and Eduardo N.B.S. Júlio.

non-diagonal elements are disregarded, both in the stiffness and in the flexibility model.
In the case of the flexibility model, it is possible to find an equivalent physical continuum
model, i.e., a continuum material with a diagonal flexibility matrix. This model is depicted in
Fig. 3: three layers of fibers, each parallel to one of the sides of the triangle, are kept together
by a matrix with negligible longitudinal and shear stiffness. In this material, a force applied in
the direction of one of the sides (e.g. Nc) does not cause elongation in the direction of any of
the other sides (a and b), which means that the flexibility matrix is diagonal. Furthermore, the
development described by Eq. (15) to (19) remains valid in this case, provided that E represents
the Young modulus of a fiber layer (c, in this case).
Thus, disregarding the contribution of the non-diagonal elements of the flexibility matrix of
the isotropic continuum, is equivalent to considering the non-isotropic continuum fiber model
depicted in Fig. 3 instead. In this model, the continuum constitutive law is changed in such a
way, that a one-dimensional stress in direction c does not cause strain in directions a and b. In
fact, as a consequence of the lack of matrix shear stiffness, the fiber stress can only balance
external forces that act in the fiber direction. Thus, although fibers a and b rotate, their strain
remains zero, when Nc is applied, exactly in the same way as the bars do in the lattice model.

Fig. 3. Physical model for the flexibility approach: composite material with a soft matrix.

It should be stressed that the final result (Eq. (19)) obtained in the present study is coincident
with the result presented in [31], even though the Argyris' natural formulation was not required
for the former as it was for the latter, for both stiffness and flexibility approaches.
3

VARIABLE THICKNESS COMPUTATION

Shape determination of the shell depends on the approximation of the forces such as selfweight. Considering a constant thickness across the entire shell is less realistic than a variable
thickness distribution since larger internal forces require a thicker concrete cross-section,
namely the sections near the supports of the structure.
Considering a point P within the shell domain, with generic coordinates (𝑥, 𝑦), the global
angle 𝛼𝑜 and the sectorial angle 𝛼𝑠 can be defined as a function of the domain center distance 𝑟𝑜
(see Fig. 3).
𝑃 = 𝑓(𝑟𝑜 , 𝛼𝑜 , 𝛼𝑠 )

(20)

The thickness value of any point 𝑃 must be within the pre-established limit values 𝑒𝑚𝑖𝑛 and
𝑒𝑚𝑎𝑥 , defined as entry values of the computational code. The minimum thickness value is
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assigned at the center, 𝑂, and at all the middle points located on the generic segment 𝐴𝐵, these
are represented in Fig. 4 by point 𝐶, with a distance from the center 𝑂 given by
𝑟 = 𝑟𝑜 𝑐𝑜𝑠 (

𝛼𝑠
− 𝛼)
2

(21)

As a coordinate 𝑠 is defined in a segment with length 𝑠𝑚 (Fig. 4), the second order equation
which gives the thickness 𝑒(𝑠) at the coordinate 𝑠, when 𝑒(𝑠 = 0) = 𝑒𝑚𝑖𝑛 and 𝑒(𝑠 = 𝑠𝑚 ) =
𝑒𝑚𝑎𝑥 , is then stated as follows:
𝑒(𝑠) =

𝑒𝑚á𝑥 − 𝑒𝑚𝑖𝑛 2
𝑠 + 𝑒𝑚𝑖𝑛
2
𝑠𝑚

(22)

If 𝑠 is the coordinate on the 𝑂𝐷 rib, whose length is 𝑑𝑟𝑚 , since 𝑠𝑚 is substituted in Eq. (22)
by 𝑑𝑟𝑚 and 𝑠 is substituted by its value, the thickness 𝑒1 of the generic point 𝐵 (on the rib) is:
2

𝑒𝑚a𝑥 − 𝑒𝑚𝑖𝑛
𝑟
𝑒1 =
[
𝛼 ] + 𝑒𝑚𝑖𝑛
2
𝑑𝑟𝑚
𝑐𝑜𝑠 𝑠
2

(23)

Fig. 4. Thickness variation scheme.

The thickness e of the point P is therefore obtained by applying the following sequence of
calculations:
 calculation of 𝑒1 by Eq. (23) and 𝑟 by Eq. (21);
̅̅̅̅ distance, given by:
 𝐴𝐵
𝛼

𝑠𝑚 = 𝑟 𝑡𝑎𝑛 ( 𝑠);

(24)

𝑠 = √𝑟02 − 𝑟 2 ;

(25)

2



𝑠 coordinate:
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finally, the thickness is then computed by
𝑒 = (𝑒1 − 𝑒𝑚𝑖𝑛 )

𝑠2
𝑠𝑚 2

(26)

To demonstrate the effects of considering a more realistic thickness distribution, such as a
parabolic distribution, two shapes were defined using the FE method: one was computed
considering a constant thickness of 8 cm and the other was determined considering the parabolic
thickness distribution referred to above, where 𝑒𝑚𝑖𝑛 and 𝑒𝑚𝑎𝑥 are 8 cm and 30 cm, respectively.
In both cases FEPS [33] was used. The results of the shapes obtained are depicted in Fig. 5,
as a vertical cut (see Fig. 12), being meters the length unit. Differences can be observed in the
final shape obtained, justifying the consideration of a more realistic thickness distribution in
the determination of the shape.
FE METHOD
VARIABLE THICKNESS VS. CONSTANT THICKNESS

Vertical Axis y

10
9
8
7
6
5
4
3
2
1
0

-10

-5

0
VT-FEPS

5

10

CT-FEPS

Fig. 5. Middle surface cut, considering a variable and a constant thickness distribution.

As previously mentioned, the lattice spring models differ by the calculatory cross-section
areas assigned to the bar members of the cell. The following figures show the differences in the
distribution of areas (m2) obtained with the stiffness method and the flexibility method,
considering a structured mesh (Fig. 6 and Fig. 7, respectively) and an unstructured mesh (Fig.
8 and Fig. 9, respectively). It is clearly visible that the stiffness method leads to a stiffer structure
(larger cross-section bar areas) than the flexibility method.
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Fig. 6. Cross-section area distribution of the bars
with the stiffness method (structured mesh).

Fig. 8. Cross-section area distribution of the bars
with the stiffness method (unstructured mesh).

4

Fig. 7. Cross-section area distribution of the bars
with the flexibility method (structured mesh).

Fig. 9. Cross-section area distribution of the bars
with the flexibility method (unstructured mesh).

RESULTS FOR A FREEFORM SHELL STUDY CASE

The shape generation of a shell with a boundary of pentagonal geometry in plan and
supported at the five vertices is determined to show the accuracy of the lattice spring models
developed for the form-finding of continua shells, with both classic and flexibility approaches.
The results are compared using the three methods: the FE method, the lattice spring model with
the classic method and the lattice spring model with the flexibility method. In Fig. 10 both plans
under analysis are represented, regarding the two types of meshes considered: a structured mesh
and unstructured mesh.
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Fig. 10. Pentagonal shell plans: structured mesh (left side) and unstructured (right side).

The maximum radial dimension on the horizontal plane (xz plane) is 9,63 m. The thickness
variation of the shell under analysis is presented in Fig. 11, in both perspective and plan views.

Fig. 11. Thickness distribution: perspective view (left side) and plan view (right side).

The shell self-weight was considered regarding the thickness distribution and by adjusting
the fictitious elasticity modulus in order to reach a maximum vertical displacement of 6 m at
the central point of the shell to determine the shape. The constitutive-law was defined in terms
of Green strain and Piola-Kirchhoff stress. The continuum model was applied using FEPS [33],
while the discrete models were programmed from the ground up in MATLAB [34] environment.
This was possible in short time, since the developed algorithm resulted in a much shorter and
simpler computational code than FEM programs. The computation time optimization was not
the focus of the present work, being the simplification of the code the main objective.
Nevertheless, the computation time obtained for both programs was similar (about three
minutes for the structured mesh). For each of the three models, and for each mesh type
(structured and unstructured), the middle surface of the freeform shell was determined, under
the self-weight loading, considering two linear constitutive laws, the first valid under tension
and compression (Hooke’s law) and the latter with tensile stiffness only. Table 1 lists all the
analyses performed and the corresponding designations attributed.
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Grid Type

Constitutive
Law
Tension and
Comp.

Structured
Tension
Tension and
Comp.
Unstructured
Tension

Analysis Method

Label

FEM
Lattice Classic Model
Lattice Flexibility Model
FEM
Lattice Classic Model
Lattice Flexibility Model
FEM
Lattice Classic Model
Lattice Flexibility Model
FEM
Lattice Classic Model
Lattice Flexibility Model

STR-FEPS
STR-GRID-CM
STR-GRID-FM
STR-FEPS-T
STR-GRID-CM T
STR- GRID-FM-T
NSTR-FEPS
NSTR- GRID-CM
NSTR-GRID-FM
NSTR-FEPS-T
NSTR- GRID-CM-T
NSTR-GRID-FM-T

Table 1. Form-finding analysis with designations named.

The comparative results of the vertical displacements (y coordinate) obtained and presented
are referred to in the vertical cut plane in Fig. 12 and in terms of meters.

.
Fig. 12. Perspective view of the vertical cut line (plane xy).

Fig. 13, Fig. 14 and Fig. 15 below depict the results of the shapes for the shell analyzed,
represented by the vertical cut shown in the previous figure (Fig. 12), and obtained by the FE
method, the lattice spring classic model and the lattice spring flexibility model, respectively.
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FE METHOD
STRUCTURED GRID VS. NON-STRUCTURED GRID
10
9
8

Vertical Axis y
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10
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Fig. 13. Middle surface cut, obtained by the FE method.

CLASSIC MODEL
STRUCTURED GRID VS. NON-STRUCTURED GRID

Verical Axis y
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Fig. 14. Middle surface cut, obtained by the lattice spring classic model.
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FLEXIBILITY MODEL
STRUCTURED GRID VS. NON-STRUCTURED GRID

Vertical Axis y
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5

10
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Fig. 15. Middle surface cut, obtained by the lattice spring flexibility model.

The comparison of the middle surface vertical cuts from the FE method and the lattice spring
classic model and from the FE method and the lattice spring flexibility model, are shown in
Fig. 16 and Fig. 17, respectively.
FE METHOD VS. CLASSIC MODEL
10
9
8

Vertical Axis y

7
6
5
4
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-10
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0
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5
STR-GRID-CM

10
NSTR-GRID-CM

Fig. 16. Middle surface cut, obtained by the FE method and by the lattice spring classic model.

16

Tatiana Sá Marques, Vítor Dias da Silva and Eduardo N.B.S. Júlio.

FE METHOD VS. FLEXIBILITY MODEL
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Fig. 17. Middle surface cut, obtained by the FE method and by the lattice spring flexibility model.

In the following figures, from Fig. 18 to Fig. 21, are presented the bar stresses [kPa], obtained
from the lattice stiffness and flexibility methods, considering both structured and unstructured
meshes and Hook’s law. The thicker trace represents bars under compressive stress. In order to
facilitate the comparisons, the same stress limits have been used in the four figures.

Fig. 18. Bar stresses from the flexibility method structured mesh.

Fig. 19. Bar stresses from the stiffness method structured mesh.
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Fig. 20. Bar stresses from the flexibility method unstructured mesh.

Fig. 21. Bar stresses from the stiffness method unstructured mesh.

The results obtained from all the methods, and taking into consideration a linear constitutive
law with tensile and compressive stiffness and a linear constitutive law with only tensile
stiffness, are displayed in Fig. 22.
TENSION-COMPRESSION VS. TENSION
10
9
8

Vertical Axis y

7
6
5
4
3
2
1
0

-10

-5
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STR-GRID-FM-T
STR-GRID-CM-T

0

5
STR-FEPS
STR-GRID-FM
STR-GRID-CM

10

Fig. 22. Middle surface cut, obtained with and without compressive stiffness.

In order to show the global difference of the final shape coordinates obtained from the FE
method with the ones that resulted from the lattice stiffness and lattice flexibility methods,
considering both compressive and tensile stiffness, a global mean error, δ, is presented. The
⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗
latter is calculated by the sum of each point vector’s modulus, ‖𝑃
𝐹𝐸𝑃𝑆 𝑃𝐺𝑅𝐼𝐷 ‖, of the membrane,
that is, the difference (absolute values) between the final coordinates of each point obtained
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from the FE method, and the final coordinates obtained from each one of the lattice methods,
divided by the total degrees of freedom of the global structure, according to Eq. (27).
𝛿=

⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗⃗
∑‖𝑃
𝐹𝐸𝑃𝑆 𝑃𝐺𝑅𝐼𝐷 ‖
∑ 𝑑𝑜𝑓

(27)

The global mean error values are presented in Table 2.
δSTR-GRID_CM
[m/dof]
0.01196

δSTR-GRID_FM
[m/dof]
0.01453

δNSTR-GRID_CM
[m/dof]
0.02549

δNSTR-GRID_FM
[m/dof]
0.01700

Table 2. Global mean error for one step shape determination.

The influence of the constitutive law on the spatial distribution of the error between the FE
method and the flexibility method (structured mesh), can be observed in Fig. 19 and Fig. 20,
where the vector’s modulus of each point of the membrane, is displayed.

Fig. 23. Spatial distribution of the error for the lattice
flexibility method, obtained considering tensioncompression.

5

Fig. 24. Spatial distribution of the error for the lattice
flexibility method, obtained considering only tension.

CONCLUSIONS

A new discrete method for the form finding of continua shells is introduced in this paper. A
lattice spring model, with classic and innovative approaches, was developed as a substitute to
FE modeling of the membrane method, to find the optimal shape of freeform shells. A nonuniform thickness distribution, much more realistic, was also first addressed in this paper within
the context of form finding.
The results presented demonstrate that the shapes obtained with the FE method and the
lattice spring models are very similar, although the latter model is easier to compute than the
former method, due to a simpler algorithm was developed for this purpose. Among the lattice
spring models, the flexibility method leads to a closer to the continuum model than the classic
method. It is also possible to conclude that the bar stresses within the membrane follow the
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same pattern for both lattice models, being the higher values close to the supports due to stress
concentration. As expected, in the stress concentration areas the stress values strongly depend
on the considered mesh.
This study also shows that while the type of grid/mesh has a negligible influence on the
results of the membrane method, in the case of the lattice spring models, the classic method
leads to a larger dependency on the grid/mesh type than the flexibility method, when compared
to the FE method (larger global mean error).
Regarding the material constitutive law, the absence of bar compressive stiffness does not
have noticeable consequences on the final shape obtained with the FE method. As for the lattice
spring models, a small difference is observed when only tensile stiffness is considered (tensile
linear constitutive law), being more significant in the freeboard. This feature is well-notice
comparing both Fig. 23 and Fig. 24.
It is concluded that, although the form-finding problem is, to a great extent, geometrically
non-linear, the final shapes obtained exhibit a close match with those found using the finite
element method, showing that the newly developed method is a very effective tool for the form
finding. By adding the influence of the thickness variation on the form finding procedure also
a more realistic tool is therefore obtained.
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Summary. This paper compares numerical techniques to model the flexural behaviour of
concrete, including different constitutive material models to simulate the reinforced concrete
behaviour. Several models to characterize the stress-strain and failure behaviour of concrete
materials have been developed for other authors. However, one of the major issues of numerical
analysis of reinforced concrete structures is the use of inadequate material model to simulate
the structural behaviour of the component, mainly under bending efforts. Using FEM
methodology, the material is assumed to be continuous and homogeneous. Reinforced concrete
response can be characterized using a load-displacement graph. This relationship is divided in
three different zones: the uncracked elastic zone, the crack propagation zone and the plastic
behaviour zone. Due to this structural behaviour, nonlinear effects must be considered to
simulate the concrete response under bending efforts.
In this work, four different models are presented to understand main differences between
them as well as to compare results achieved. Numerical models compared are the following: an
elasto-plastic model using SOLID elements; a Mohr-Coulomb material model; a DruckerPrager concrete model; and a numerical model including cracking and crushing capabilities to
simulate concrete behaviour.
Results obtained in this work are compared among them, and the main differences are
explained and highlighted. The conclusions obtained are a relevant contribution for future
studies. The selection of the right material model to simulate the flexural behaviour of concrete
is very important to ensure results in good agreement with the actual performance.
1 INTRODUCTION
The flexural behaviour of a concrete beam has been studied for many authors. The inclusion
of fibres in the concrete mix, the improvement of the concrete properties, the new techniques
to manufacture concrete, such as additive manufacturing, make the numerical simulation an
useful and efficient tool to analyse the structural behaviour of concrete under bending.
Numerous researchers have studied the stress–strain relation of cementitious materials. Usually,
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an initial elastic behaviour followed by a peak stress that ends after the concrete crashes.
Barros and Fortes 1 have studied flexural behaviour of concrete beams reinforced with CFRP
using both experimental and numerical techniques. The numerical model considers the
constitutive laws of the materials and, the kinematic and the equilibrium conditions. They
estimate the failure of the beam in bending from the moment-curvature relation diagram M–χ.
They present a numerical model where the concrete has a linear behaviour up to concrete tensile
strength is achieved. Then, they introduce softening effect and simulate the nonlinear behaviour
of concrete using a trilinear diagram.
Nicolaides and Markou 2 developed a numerical simulation by FEM of the Ultra High
Performance Fibre Reinforced Cementitious Composites (UHPFRCCs). They included a
constitutive material model to simulate compressive and tensile behaviour of the composite
material studied. The addition of fibres affects the flexural behaviour of the beam. In this work,
the authors included elastic and softening properties to simulate the performance of this
advanced materials.
The flexural tensile strength of a concrete beam depends on the axial tensile strength and the
depth of the cross-section. For a given beam, we can compare different methodologies to
simulate flexural behaviour of a concrete beam considering the material model used.
There are many studies focused on the developed of a suitable and accurate constitutive
material model by FE due to the advances of numerical models respect to the experimental
tests. Numerical techniques are an excellent alternative to experimental tests, which increase
the time, cost and material consume to obtain the concrete behaviour 3,4. In ANSYS software,
an specific element type, SOLID65, was created to simulate concrete behaviour 5. This element
can study the nonlinear behaviour of concrete, including rebar reinforcement. It has been used
to reproduce crushing and cracking capabilities in the numerical simulation of concrete
elements 6,7. Although the capabilities of the numerical software have a wide range of
applications, the use of an adequate material model is essential to simulate the right behaviour
for each application. The selection of the suitable constitutive equations to define the basic
properties of the material model is the key of these kind of numerical problems. A variety of
material models is included in software to define stress-strain curves and failure behaviour of
concrete material under multidimensional stress state 8. Advantages and disadvantages of these
material models mainly depends on the application.
In the present work, a very simple case is analysed using different numerical models. A 3D
numerical model of a four point bending test in a concrete beam was modelled by FEM using
the software ANSYS 5. In order to compare the numerical models, the following common
characteristics are the same for all models developed:
- Symmetry is applied so only the half beam is modelled
- The span of the beam is 100 mm and its cross section is 50 mm x50 mm
- A displacement of 0.03 mm is applied on the cylinder above the concrete beam to apply
the load
- A fixed support is defined on the cylinder below the concrete beam to support the load

2

First A. Author, Second B. Author and Third C. Coauthor.

-

Elastic properties of the concrete material model are the following:
Density (kg/m3)
Modulus of
elasticity (MPa)
Poisson
Coefficient

2300
3100
0
0.2

Table 1:Elastic properties of the concrete
Four numerical models of the same concrete beam are studied and discussed:
- Elasto-plastic model with multilinear isotropic hardening using SOLID186
- Mohr-Coulomb material model using SOLID186
- Drucker-Prager material model using SOLID186
- William-Warnke material model with multilinear isotropic hardening using concrete
element SOLID65
1

NUMERICAL MODELS

1.1 Elasto-plastic model
Eurocode 2, EN 1992-1-1:2004, specifies how to calculate the reinforcement of a concrete
member. For beams with no differences on the plane before and after loading 9. The resistance
of a reinforce concrete in the Ultimate Limit State (ULS) is obtained considering the following
assumptions:
- plane section remains plane
- the strain in bonded reinforcement is the same as the surrounding concrete
- the stress in the concrete under compression is obtained from the stress/strain
relationship
- the stress in the reinforcement is obtained from the stress/strain curve of the steel taking
into account plasticity behaviour.
- the tensile strength of the concrete is ignored
The standard assumes that tensile effort in a reinforced concrete beam is supported by the
reinforcing steel tension. This methodology idealizes both the geometry and the behaviour of
the beam. The idealisation considered is important to obtain a suitable response. Common
simplifications on the material behaviour are the following:
- linear elastic behaviour, which can be applied for serviceability limit state (SLS) and
ULS. It considers an uncracked beam cross section; a linear stress-strain relationship;
and a mean value of the modulus of elasticity.
- nonlinear behaviour, which are only valid for the check at ULS. It considers a
simplification based on the beam rotation capacity. The plastic rotation of a reinforced
concrete has to be less than the allowable plastic rotation which is obtained with the basic
value of allowable rotation affected by a correction factor.
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The first model studied in this work considers the concrete nonlinear behaviour due to the
elastoplastic material model.
The multilinear hardening used to simulate the plasticity of the concrete is shown in Figure
1. This numerical model considers the concrete as a homogeneous material. Element type used
to solve this problem was SOLID186, 5.

Figure 1: Multilinear hardening used to simulate plasticity.

1.2 Mohr-Coulomb material model
The nonlinear behaviour of concrete is due to the internal composition of the material, which
includes mortar, aggregates and cavities. Considering the heterogeneity of the material changes
in void content, which provide volumetric plasticity, as well as the cohesive forces between
aggregates and mortar, should be included in the material model. Material models which
include these effects are in the geomechanics material models 5,8.
The Mohr-Coulomb material model is used to represent aggregate materials where the
plastic deformation begins when the shear stress exceeds the internal friction between the
material particles. To use Mohr-Coulomb material model in the numerical simulation of
concrete the following points must be considered:
- the cutting-plane algorithm to solve the nonlinear equations must be used. The
convergence in this case may be more difficult and the increment of the maximum
number of equilibrium iteration may be needed.
- usually, the use of displacement to applied the same force boundary conditions reduces
difficulties to solve the problem.
The Mohr-Coulomb model uses an elastic perfectly plastic material formulation under
compression. And, the constitutive model is completed using a tension-cutoff criterion to
consider craking in the tension zone. The Mohr-Coulomb includes the friction angle and
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cohesion. It also has two optional variables that can be defined in the Mohr-Coulomb model:
the initial tensile strength and the residual strength. Element type used to solve this problem
was SOLID186. The values used to define the Mohr-Coulomb model in this work are included
in table 2:
Friction angle (Φ)
Cohesion (c)
Dilatancy angle (ψ)
Residual friction angle (Φ’)
Residual cohesion (c’)
Initial tensile strength (σt)
Residual tensile strength (σt’)

30º
8700000 MPa
15º
20º
0.8·c
4 MPa
3.2 MPa

Table 2:Parameters used to define the Mohr-Coulomb model.

1.3 Drucker-Prager material model
The well-known Von Mises yield criterion was extended by Drucker and Prager in 1052 in
order to consider the effect of hydrostatic pressure in the shearing resistance of the material.
The Drucker-Prager model can be considered an application of the Mohr-Coulomb model with
a smooth surface in stress space. Ducker-Prager model adds an increment of volume to the
plastic deformation, which is known as dilatancy. Drucker-Prager model can be considered as
an approximation of the failure criterion of the Mohr-Coulomb criterion using a simple smooth
function. Constants used to define the Drucker-Prager model can be related to constants of the
Mohr-Coulomb 8.
When dilatancy parameters are included in the Drucker-Prager concrete models, hardening
softening must be also included. Linear HSD model or exponential HSD model are available in
numerical models of the materials 5.
Element type used to solve this problem was SOLID186. The parameters used to define the
Drucker-Prager model are shown in Table 3.
Uniaxial compressive
strength (Rc)
Uniaxial tensile strength (Rt)
Biaxial compressive strength
(Rb)
Tensile dilatancy (δt)
Tensile dilatancy (δc)
Plastic stain at uniaxial
compressive strength (Κcm)
Ultimate plastic strain in
compression (Κcr)

5

25 MPa
4 MPa
1.2· Rc MPa
0.25
1
0.002
0.0025

First A. Author, Second B. Author and Third C. Coauthor.

Relative stress at the
beginning of nonlinear
hardening (Ωci)
Residual compressive
relative stress (Ωcr)
Plastic strain limit in tension
(Κtr)
Residual tensile relative
stress (Ωtr)

0.33

0.1
0.0005
0.2

Table 3:Parameters used to define the Drucker-Prager model.

1.4 The concrete element: solid65
The element SOLID65 is a specific element type to simulate nonlinear concrete behaviour.
This element adds special properties of cracking in tension and crushing in compression.
Nonlinear material properties can be included in the model. Furthermore, reinforcement
properties and orientation can be defined in the model. SOLID65 is able to include cracking,
crushing, plastic deformation and creep. The rebar is only able to simulate tension and
compression, but not shear 5.
The material model used by SOLID65 includes a criterion for failure of concrete due to a
multiaxial stress state based on William and Warnke research works 8.
Constants used to define the concrete material using SOLID65 are the following:
Shear transfer coefficients
for an open crack (C1)
Shear transfer coefficients
for a closed crack (C2)
Uniaxial tensile cracking
stress (ft)

0.3
0.7
4 (MPa)

Table 4:Parameters used to define the material model using SOLID65.
It was considered that the material cracks whenever the principal stress component exceeds
the uniaxial tensile strength (ft). This numerical model also includes plasticity effect including
the multilinear isotropic hardening shown in figure 1.
2

RESULTS AND COMPARISON

Results obtained in all the numerical models included above for a displacement around 0.03
mm are shown in the following figures:

6
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Figure 2: Normal stress results for Multilinear Hardening
material model using SOLID186 element.

Figure 3: Normal stress results for Mohr-Coulomb model
using SOLID186 element.

Displacement: 0.028 mm

Displacement: 0.0294 mm

Figure 4: Normal stress results for Drucker-Prager model
using SOLID186 element.

Figure 5: Normal stress results for a multilinear isotropic
hardening material using SOLID85 element.
Displacement: 0.02717 mm

Displacement: 0.0244 mm

The numerical results are compared in figure 6 where force reaction in the cylinder support
is shown as a function of the vertical displacement. Results of all models are in good agreement
with some differences at the begging of the load application.
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Figure 56: Normal stress results for a multilinear isotropic hardening material using SOLID85 element.

3

CONCLUSION

The main conclusions of this work are listed below:
- Results obtained in all numerical models studied are in good agreement. All of them
simulate the concrete behaviour of a concrete beam considering it nonlinear behaviour. The
selection of the numerical model used basically depends on the application and the experience
of the researcher.
- Two different response are obtained depending on the model used. On the one hand, the
Mohr-Coulomb material model and the Drucker-Prager material model provides a more
realistic behaviour from the beginning of the analysis, see figure 6. On the other hand, models
with multilinear isotropic hardening using both SOLID186 and SOLID65 are affected by the
contact where the load is applied.
- Small differences are obtained between the use of SOLID186 and SOLID65 in terms of
force reaction and displacement. However, the use of SOLID65 is needed to consider cracking
and crushing capabilities of concrete material.
- The use of the concrete element SOLID65 increase the computational time. Convergence
is more difficult using this specific element, so load must be applied using small steps.
- Convergence problems in all the models are reduced using displacement as load in the
boundary conditions instead of force.
- Effect of cavities and heterogeneities of the material affects the structural response of the
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material, so the use of specific material models to include these effects areis highly
recommended.
- Eurocode 2 allow the designers to calculate concrete structures without consider
heterogeneities of the material. It was probed that this consideration cannot be used in numerical
models using FEM.
- Differences between these models may be useful to determine the more suitable numerical
model in future applications.
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Summary. Cross-laminated timber (CLT) is an engineered timber product manufactured
with an odd number of timber layers placed crosswise to each other. These structural elements
are widely used in the construction field. Although the behaviour of CLT under fire conditions
is known, there are challenges of knowledge that require more in-depth research, such as flame
spread, thermal degradation, self-extinction, and delamination during heating. This work
focuses its research on the simulation of delamination during heating. Numerical simulation
using finite element methods (FEM) is widely used to predict and simulate the thermal
behaviour of CLT elements under heating conditions. The objective of this study is to develop
a numerical model using FEM to simulate the delamination of CLT under fire conditions using
existing data from the literature. Delamination occurs when one layer falls off the main mass
of timber. Under fire conditions this is due to an alteration of the cohesive properties of the
adhesive between the layers. In order to simulate delamination, the Birth and Death element
can be used to deactivate contact elements between layers in a thermal analysis, reducing the
section and modifying the properties of the interface layer. The thermal properties of timber,
such as thermal conductivity, density and specific heat are a function of temperature. The results
of this work show that the developed model can predict temperature profiles and char formation,
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as well as delamination during the heating process. This work combines advanced numerical
techniques to simulate delamination of CLT under fire conditions. As a future work, the FE
model should be calibrated and validated by comparing the results with experimentally
measured data.
1

INTRODUCTION

Cross-laminated timber (CLT) elements are becoming progressively more popular in the
construction field in Europe. CLT elements are usually manufactured from sawn coniferous
wood such as spruce, pine and silver fir. They consist of an odd number of layers (lamellae),
depending on the purpose and requirement. Each layer is glued crosswise to the next by means
of an adhesive [1]-[2].
Under fire conditions, the fire-exposed surface of CLT starts to change its properties due to
the charring and pyrolysis process. Furthermore, depending on the thickness, these processes
can affect the behaviour of CLT under fire conditions, reducing the risk of delamination and
decreasing the effective charring rate [2].
Delamination (fall off, or debonding) is a phenomenon in which the layer exposed to fire is
separated from the main mass of timber due to the loss of bonding adhesive properties at high
temperature. This could happen locally at specific points, or to entire layers, when the
temperature of the adhesive reaches 300°C [3]. After a layer has fallen off, there is an increase
in the temperature of next layer. The insulation of the other layers and the potential for autoextinction is reduced and the fire is prolonged [4].
In recent years, some authors have studied the influence of types of adhesive and their
sensitivity to temperature, to understand the delamination phenomena on CLT. The work done
by Andrea Frangi [1], presents an experimental analysis of CLT under fire conditions. The
results showed that delamination of CLT panels is strongly influenced by the properties of
adhesives at high temperatures. Thus, the fire behaviour is also influenced. The research done
by Daniel Brandon [5] assesses the ability of different adhesives to avoid the delamination of
CLT under fire conditions. The results show that delamination is influenced by the type of
adhesive.
The Finite Element Method (FEM) is an effective method to research the thermal and
structural behaviour of CLT systems under fire conditions without expensive fire testing. Most
of the studies carried out in the numerical field simulate the fire resistance of CLT by applying
standard fire curve. Furthermore, all the models predict the thermal degradation of these
elements. In the last years, the amount of FE research has increased, studying processes such
as charring and pyrolysis. However, there are no FE delamination studies available in the
literature. Thus, it is interesting to develop numerical models and calibrate them with
experimental results to understand more about the delamination process under fire conditions.
The objective of this work is to develop a preliminary FE model to analyse the delamination
process. The numerical model uses the thermal properties of timber and the Birth and Death
element to simulate the de-bonding of the contact layer when it reaches 300°C. It provides an
acceptable estimation of delamination. Furthermore, particular attention is paid to the
distribution of temperature when a layer falls off due to delamination.
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2

NUMERICAL SIMULATION

To analyse delamination, an advanced calculation was performed using FE modelling. A 2D
FE thermal model of a CLT beam was developed in ANSYS® 18.1. The specific CLT beam
was defined as spruce timber. Furthermore, 1800 seconds were defined as the time for
simulation. This criterion is selected for two reasons: (1) it is the moment when the temperature
in the contact between layer 1 (L1) and layer 2 (L2) exceeds 300 °C, and (2) to reduce the
computational cost.
2.1

Setup of heat transfer

The definition of the numerical model in layers followed the real properties of a CLT beam.
Therefore, a five-layer model was defined. The five-ply beam was 500 mm long and 100 mm
thick. Each ply was 20 mm thick (Figure 1). Each layer is defined with an orientation: layers
L1, L3 and L5 are oriented longitudinally, and layers L2 and L4 are oriented perpendicularly.

Figure 1.

Dimensions of five-layer model.

The thermal properties of timber, density, specific heat and thermal conductivity, change
with the temperature. The thermal properties of spruce timber can be found in the literature [6][7]. Eurocode 5 [8] gives the same value for longitudinal and perpendicular directions.
However, some authors [9] consider that in the longitudinal direction (parallel to fibre) the
values of Eurocode 5 [8] should be increased.
Density and specific heat were defined as isotropic properties, whereas thermal conductivity
was defined as an orthotropic property. Therefore, density and specific heat values follow
Eurocode 5 [8]. Thermal conductivity in the perpendicular direction is also associated with the
values of Annex B of Eurocode 5 [8] whereas, according to [9], in the longitudinal direction
the values of Eurocode 5 [8] must be multiplied by two.
Usually, the study of any structure under fire conditions includes radiation and convection
phenomena in the exposed surface. However, in this work, in order to simplify the problem and
reduce the time of the calculation, variable temperature is applied.
Therefore, in this numerical model, to study the temperature distribution and delamination,
a one-dimensional (1D) transient thermal analysis is developed. Thus, the thermal boundary
condition represents the standard time-temperature curve ISO 834. This curve is applied in
several steps that are chosen manually. Each step has different temperature conditions
according to the ISO 834 curve. The ISO 834 curve is a logarithmic function with an initially
steep slope (see equation (1)).
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1

(1)

where T is the temperature in °C and t is the time in minutes.
Finally, a convection coefficient of 9 W/m2 K and an initial ambient temperature of 12ºC
were applied to the non-exposed surface. The value of the convection coefficient is proposed
in [10]. The boundary conditions applied in the FE model are shown in Figure 2.

Figure 2.
2.2

Boundary conditions applied

Birth and Death Element

The Birth and Death element [11] allows the model to activate or deactivate a specific
selection of elements. This advanced element is very useful in this problem because those
elements which reach a certain temperature can be deactivated.
The element used to mesh the model was PLANE77 [12]. It has 8 nodes with only one degree
of freedom (temperature) at each node. It can be used in both stationary and transient thermal
analysis. The contacts between all layers is a linear contact type bonded, assuming perfect glue
contact between them.

Figure 3.
3

Contact elements

NUMERICAL MODEL RESULTS

To study temperature distribution, nine local coordinate systems were created, as shown in
Figure 4. In order to compare and validate the results, a preliminary model was developed to
check the temperature distribution without using the Birth and Death element. This model
shows the variation of temperature over time within the CLT beam.
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Figure 4.

Coordinate systems used. (Distance of thermocouples from the exposed
surface in mm).

Figure 5.

CLT temperature distribution in the preliminary model.

To compare the two numerical models, the temperature distribution is displayed. A contour
region of 300 ºC is selected as it is the temperature at which delamination begins. Figure 6 and
Figure 7 show temperature distribution at different times of exposure.

(a)

Figure 6.

(b)

Temperature distribution in the preliminary model at: (a) 420 seconds,
and (b) 1800 seconds.
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(a)

Figure 7.

(b)

Temperature distribution in the Birth and Death model at: (a) 420
seconds, and (b) 1800 seconds.

Figure 8 and Figure 9 show the temperature development over time in the first layer (L1)
and in the contact zone between L1 and L2. The results of the preliminary model show a
constant increase in temperature within the beam according to the thermal properties. The
temperature results of the Birth and Death model follow the same trend as the preliminary
model until the temperature in the contact layer reaches delamination temperature. At this
moment, there is an increase of the temperature values in L1 and in the contact zone between
L1 and L2.
In spite of starting delamination temperature is 300°C, this phenomenon does not appear
until the last part of the numerical simulation (Figure 9) and, consequently, of the steps chosen.

Figure 8.

Temperature in Layer 1 (L1)
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Figure 9.
4

Temperature in the contact zone between L1 and L2.

CONCLUSIONS

The aim of this work is to simulate delamination of CLT structures using ANSYS Parametric
Design Language (APDL) to design an advanced numerical model. The use of the Birth and
Death element is an advanced technique which requires APDL commands to be calculated.
The most important conclusions of this work are the following:
 For the development of the FE model, it is important to know the critical bond line
temperature that leads to delamination in order to identify the temperature at which the
elements of the contact layer will be deactivated.
 Using the Birth and Death element with the delamination numerical model is a novel
technique to simulate delamination. Elements does not remove from the model, rather
they are deactivated by multiplying their stiffness by a severe reduction factor. Thus, it
is important to adjust the value of the reduction factor to avoid convergence issues.
 Load steps should be carefully chosen, to set the right moment of delamination.
Future work includes research and experimental tests in order to validate and adjust the
results of the FEM delamination model.
5
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Summary. This paper presents a numerical study on the structural behaviour of concrete
masonry at elevated temperatures. Based on an experimental research previously performed on
half-scale walls in fire situations, numerical models were developed and validated. The heat
transfer models led to thermal fields with good agreement with the temperatures measured by
thermocouples installed in the wall, a bigger scatter of temperatures was found in the
experimental research. The mechanical analysis led to vertical and out-of-plane displacements
in good agreement with the displacements measured by LVDTs. The numerical model was
validated and will be used in future researches to perform parametric studies.

1 INTRODUCTION
Concrete masonry has been used worldwide all over centuries in loadbearing and partition
walls. In Europe, the Standard EN 1996-1-2 (2005)1 states that masonry walls must meet one
or more requirements when exposed to fire. These requirements are I for temperature insulation,
E for integrity to avoid the flow of smoke and hot gases through the wall, R for load-bearing
capacity and M for mechanical impact.
In fire situations masonry walls are usually subjected to heating on one face, which leads to
a thermal gradient through the thickness of the wall. In unrestrained walls, differential thermal
expansion results in thermal bowing towards the fire, a complex phenomenon that depends on
the wall’s material’s properties which are temperature dependent2. The material properties
degradation caused by high temperatures associated with the thermal displacements may leads
to structural collapse of the wall3. In some cases, the structural stability (R) of masonry walls is
required during the fire to prevent the global structural collapse, prevent fire spread, mitigate
local structure collapse and guarantee the safe evacuation of building occupants4.
Beside of the importance of concrete masonries for civil construction, there is a lack of
knowledge on the behaviour of such structures in fire situation. Meagher and Bennetts (1991)5
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used a theoretical computer-based method for analysing concrete walls in fire situation. The
model allowed material and geometrical non-linearity, using a method based on force
equilibrium and strain compatibility. The authors evaluated the influence of effective height
and effective restraint on walls resistance.
Dhanasekar (1994)2 developed a method for thermo-structural coupled finite element
analysis based on layered thin shell elements. The results of the structural analysis predicting
thermal bowing of masonry walls were presented. The model was validated using the
experimental results reported by Shield et al. (1988)6.
Nadjai et al. (2003a)3 developed a thermo-structural finite element model (MasSET) to
represent the behaviour of masonry walls under fire conditions. The model was designed to
simulate masonry walls in fire situation. MasSET was validated based on experimental
researches and proved to be a reliable tool. However, it can only be used for masonry units with
no cavities. Nadjai et al. (2003b)4 used the finite element model MasSET to conduct a
parametric study on the effects of slenderness ratio, load eccentricity and boundary conditions
of compartment masonry walls in fire situation.
Nguyen and Meftah (2012b)7 used the experimental results reported by Nguyen and Meftah
(2012a)8 to calibrate a numerical model and investigate numerically the behaviour and
performance of fired-clay masonry.
Kumar and Kodur (2017)9 proposed a model to predict the fire response of load bearing
walls. The numerical results were compared to experimental test results in structural and
thermal domains in order to validate the model. The authors concluded that the model was
capable of predict the response of walls from initial loading to collapse stage under combined
effects of mechanical and temperatures loads.
In the sequence of the previous research works, this paper presents a research on the
structural behaviour of concrete masonry walls subjected to fire. Based on an experimental
research previously performed on half-scale walls in fire situations, numerical models were
developed and validated. Masonry walls were constituted by concrete blocks with calcareous
aggregates and mortar M10. Numerical models were calibrated based on experimental studies
performed by Haach (2009)10 and Lopes (2017)11 at ambient and high temperatures,
respectively. The heat transfers and the mechanical analysis led to good agreement with the
experimental values. The numerical models were validated and will be used in future researches
to perform parametric studies.

2 EXPERIMENTAL RESEARCH
The experimental results presented by Lopes (2017)11 were used for the validation and
calibration of the numerical models used in this study. The experimental program comprised
six load-bearing masonry walls built according to EN 1365-1 (2012)12 and EN 1363-1 (1999)13.
The specimens were composed by seven units in length and ten courses in height with 7 mm of
horizontal mortar joint. The total size of specimens was 1.40 x 1.0 m².

2

Oliveira, R.; Rodrigues, J.; Pereira, J. and Lourenço, P.

2.1 Experimental setup
The experimental setup used by Lopes (2017)11 is presented in Figure 1. It was composed
by a reaction frame built of HEB 300 steel profiles within a hydraulic jack of 933 kN capacity.
The hydraulic jack was controlled by a Walter + Bai NSPA 700 / DIG 2000 servo-controlled
central unit. The test data was recorded by a TML TDS-350 data logger.
The temperature was applied by a modular electrical furnace, monitored and controlled to
follow the standard fire curve ISO 834-1:199914. The specimens were built in a steel frame and
bolted to the reaction slab. To distribute the in-plane load one RHS 350x150 and one HEB 240
steel profiles, bolted to each other, were used on the top of the wall, as shown in Figure 1 (b).

Figure 1 - Experimental setup: (a) Front view; (b) Longitudinal cut view (Lopes, 2017)11

2.2 Specimens
The walls were made of three-cell masonry units, like the ones used by Haach (2009)10 on
his research at ambient temperature. The masonry units had a scale of 1:2 due to limitations of
the load application system of the laboratory for applying loads at levels of real scale walls. The
dimensions of the concrete units presented in Figure 2 are given in Table 1. According to the
classification proposed in EN 1996-1.1 (2005)15 these concrete units belong to group 2, due to
the percentage of voids, size and orientation of holes. The mortar used on the horizontal joints
was the commercial M10 mortar, manufactured according to EN 998-2 (2010)16.
The vertical and out-of-plane displacements and the temperatures were measured according
to EN 1365-1 (2012)12 using linear variable displacement transducers (LVDT), as shown in
Figure 3.
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Figure 2 - Masonry Units: a) Reduced scale blocks; b) Block; c) Half block (Haach, 2009) 10
Table 1 – Dimensions of units (Haach, 2009) 10

Block
Half-Block

X
Y
Z
a
b
(mm) (mm) (mm) (mm) (mm)
201 100 93
16
14
101 100 93
16
-

Net area
of blocks (cm2)
110.14
57.20

Area of
Voids (cm2)
93.92
46.10

Percentage
of Voids (%)
46
45

Figure 3 - Specimen dimensions and positioning of thermocouples and lateral displacement transducers (Lopes,
2017) 11

2.3 Test procedure
The experimental campaign conducted by Lopes (2017)11 comprised three different loading
procedures. Specimens 1 and 2 were subjected to a 208 kN load, which represents 30% of the
fak⊥ (characteristic value of the compressive strength normal to bed joints at ambient
temperature) as proposed by Haach (2009)10 for this type of masonry walls. The load was
applied at the rate of 0.5 kN/s and then exposed to a fire load according to ISO 834-114 fire
curve until collapse. The in-plane load was kept constant during the fire load exposure.
Specimens 3 and 4 were subjected to the same experimental procedure, but subjected to a
319kN load, which represents of 46% of the fak⊥.
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Specimens 5 and 6 were subjected to 208 kN load, (30% of the fak⊥) then exposed to a fire
load according to ISO 834-114 fire curve. After 90 minutes of fire exposure, the vertical load
was increased at a constant rate of 0.05 kN/s until the collapse of the wall.

3

NUMERICAL MODEL

To better understand the behaviour of concrete masonry walls they were simulated
numerically using the finite element software Abaqus17. This software can predict the behaviour
of structures at high temperatures, under diversified boundary conditions and load cases.
3.1 Analysis procedure
The sequential non-couple analysis was performed in four steps. First a buckling analysis is
done to generate the deformed shape of the initial imperfections. Then, a heat transfer analysis
is performed to determine the temperature fields along the test. Then a static mechanical
analysis is performed, in this step the geometrical initial imperfections are inputted and the
mechanical load is applied. Finally, the temperatures fields are applied to the model.
3.2 Material properties
The temperature dependent parabolic stress-strain relation presented on EN 1992-1-2
(2004)18 was used with linear strain-softening branch. The behaviour of concrete under biaxial
stresses was represented by a well-established biaxial failure, as shown in Figure 4 (a).
The brittle tensile nature of masonry units and mortar was accounted in the model using a
Concrete Damaged Plasticity Model, which can be used as general capability for the analysis
of concrete structures under different load conditions. The material cracking model adopted
with crack closing and reopening features is presented in Figure 4 (b).

(a)

(b)

Figure 4 - (a) Biaxial failure surface for plane stress concrete material; (b) The material cracking model adopted
with crack closing and reopening features (Nadjai et al., 2003)
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The compressive stress-strain curves for the masonry are presented in Figure 5 for different
temperature levels. The dilation angle in the p-q plane was taken as 30º. The flow potential
eccentricity was taken as 0.10, the ratio of initial equi-biaxial compressive yield stress to initial
uniaxial compressive yield stress was taken as 1.16. The ratio of the second stress invariant on
the tensile meridian to that on the compressive meridian was taken as 2/3.
The simulation of masonry walls in fire situation has a well-recognized geometric nonlinearity. Changes in geometry due heating and mechanical loads significantly influence the
structure thermomechanical behaviour. The global non-linear effects are included in the model.
According to EN 1996-1-1 (2015)15 an initial eccentricity, einit, shall be considered to take
in account constructions imperfections. The initial eccentricity, einit, was assumed to be hef/450,
where hef is the effective height of the wall.

Figure 5 - Compressive stress-strain curves for different temperatures

3.3 Effects of temperature in material properties
The effects of elevated temperatures in the material properties were included in the model.
The temperature distributions over the thickness of masonry walls are generally curvilinear,
giving rise to a non-linear application of thermal strains3. The degradation of materials’
properties due increase in temperature was incorporated in the model. The variation of
mechanical properties was defined based on EN 1996-1-2:20051 and EN 1992-1-2:200418, as
presented in Figure 6.
4

VALIDATION OF THE NUMERICAL MODEL

The developed finite element models were validated against the experimental results. In this
section, the numerical predictions of sample #1 are compared with the experimental results in
thermal and structural domains.
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(a)

(b)

(c)
(d)
Figure 6 - Thermal properties: (a) Conductivity; (b) Density; (c) Specific Heat; and (d) Thermal elongation

4.1 Heat transfer analysis
To validate thermal response of the developed finite element model, a temperature history
predicted by the model was compared with the experimental results, as presented in Figure 7.

(a)

(b)

Figure 7 - Test#1: (a) numerical vs experimental temperatures (b) temperature fields at 130 min
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The temperature started to increase in an approximately constant rate up to the 90~100ºC
interval was reached. In this stage the free water in the constitutive materials started to evaporate
and a plateau could be seen in the temperature-time curve.
The highest temperature measurement thermocouples (a1 and a2) showed clearly the
plateaus lasting for almost 30 minutes. The lowest temperature measurement points (d1 and d2)
showed a plateau that lasted for 10 minutes. This is a result of a steam flow through the vertical
holes of the blocks and steam accumulated at the top of the specimen, cooling the top of the
specimen. This effect was not represented at the numerical model.
Based on the comparison of the numerical and experimental temperatures some aspects can
be highlighted:
a) the dispersion of temperatures is smaller in the numerical than in the experimental results.
The numerical model could not represent the steam flow through the internal holes of the blocks
as well as the steam accumulation at the top of the specimen;
b) the numerical models presented good agreement with the experimental results, the
predicted temperatures in the range defined by the average temperature given by the
thermocouples (m1 to m5, presented in Figure 3);
c) even for thermal characterization, masonry is a very heterogeneous material. The
temperature ranges for each specimen had specific and different results.

4.2 Mechanical analysis
The mechanical analysis was validated based on the vertical and horizontal displacements
of the wall. The comparison of the numerical and experimental results are presented in Figure
8 and Figure 9 for the vertical and out-of-plane displacements, respectively.

(a)

(b)

Figure 8 - Test#1: (a) numerical vs experimental vertical displacements (b) vertical displacement fields at 130
min
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The vertical displacements started to grow from the beginning of the test due to the thermal
elongation of the wall. During test #1, the effects of thermal expansion were more important
than the reduction of the stiffness of the wall, positive displacements were found during the
whole test. The numerical results were in good agreement with the experimental ones.

(a)

(b)

Figure 9 - Test#1: (a) Numerical vs experimental out-of-plane displacements (b) Out-of-plane displacement
fields at 130 min

The out-of-plane displacement started to grow from the beginning of the fire on the
numerical model due to the thermal bowing of the wall. However, at test #1, the thermal bowing
effect is only measured after 30 minutes of thermal elongation.
5

Conclusions

This paper presented a research on the structural behaviour of concrete masonry walls
subjected to fire. Based on an experimental research previously performed on half-scale walls
in fire situation, numerical models were developed and validated. The heat transfer models led
to thermal fields that showed good agreement with the experimental temperatures measured in
the walls. A significant scatter of temperatures was found in the experimental but not in the
numerical results. The mechanical analysis led to vertical and out-of-plane displacements in
good agreement with the displacements measured in the experimental tests. The numerical
model was validated and will be used in future researches to perform parametric studies.
6
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Summary. This paper presents the development of a finite element model for predicting the
flexural behaviour of cold-formed steel beams subjected to fire and with restrained thermal
elongation (different grades of axial and rotational restraint). The numerical simulations were
carried out with the finite element software Abaqus/CAE. The numerical model was compared
with experimental results in order to validate it for further parametric studies. This paper
provides details of the simulation methodology for achieving numerical stability and faithful
representation of detailed structural behaviour. To verify the accuracy of the Abaqus model the
numerical and experimental results were compared in terms of axial restraining forces, vertical
mid-span deflections, critical temperatures and failure modes of the beams.

1

INTRODUCTION

The use of cold-formed steel (CFS) members has increased significantly in the past few years
due to the large number of advantages that this type of profiles when compared to others
construction solutions. The great variety of profiles available allows the building of different
member cross-sections and their high strength to weight ratio provides an easier production,
assembly and transportation making this material even more popular in construction.
Nevertheless, as cold-formed steel members have high slenderness (width-to-thickness ratio)
and low torsional stiffness, those members are very susceptible to instability phenomena and
can fail in a variety of buckling modes including local, distortional and global and their
interactions1, resulting in complex methods to calculate the strength of CFS members. These
buckling modes are mainly responsible for the ultimate strength of the compression members,
once they may precede the cross-section yield.
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So far, despite the growing popularity of these steel structures, the research on cold-formed
steel structural elements under fire conditions is still scarce. Consequently, specific standards
for fire design of CFS structures have not yet been established resulting in inadequate fire
design guidelines for this type of members 2-5. Therefore, it is extremely important to investigate
and assess the structural performance of CFS flexural members under fire conditions.
In this context, the numerical modelling becomes hugely important, since a numerical model
fulfil adequately the features of interest concerning the behaviour of cold-formed steel members
at elevated temperatures6-7, and it is possible to prove that the calibrated model can be used to
accurately conduct future numerical parametric studies to provide valuable data to help
developing detailed understanding of flexural behaviour of CFS beams subjected to fire.
In this sense, the purpose of this paper is describing the development of a finite element
model suitable for predicting the flexural behaviour of CFS S-shaped beams under fire
conditions, as well as to investigate the influence of the axial and rotational restraining on the
fire behaviour of these beams. The numerical simulations were carried out with the finite
element program Abaqus/CAE8 and the numerical model was compared with some
experimental results9, in order to validate the developed the numerical model and consequently
obtain reliable numerical results. The assessment of the accuracy of the developed numerical
models was conducted by comparing the axial restraining forces, vertical displacements, critical
temperatures and failure modes obtained from finite element simulations with the
corresponding experimental test.
2

FINITE ELEMENT MODELING

2.1 Experimental tests
In order to simulate the structural behaviour of cold-formed steel beams under combined
flexural loading and fire conditions, numerical models were developed using the finite element
software Abaqus8 - a powerful computational tool for modelling structures with material and
geometric nonlinear behaviour. The models were constructed based on the test set-up of Laím
et al.9 and the calibration was done by comparing the numerical with the experimental results
obtained by that authors, in order to validate the developed numerical model and consequently
obtain reliable numerical results. In this section, a brief description of the experimental test setup and procedure is presented followed by a detailed description of the modelling approach and
its validation with the experimental results.
The study performed by Laím et al.9 consisted on eighteen experimental tests on CFS sigmashaped beams (Figure 1a), composed of one or two (sigma beams and 2-sigma beams) sigmashaped profiles with nominal thickness of 2.5 mm and connected by self-drilling carbon steel
screws. Six of which were just simply supported beams, six others were the same beams but
with restrained thermal elongation, and the others were beams with axial and rotational
restraint. The experimental program carried out, is defined in Table 1, where 2S_ra+rr_1 refers
the first test (1) of the 2S (2-sigma beam) with axial (ra) and rotational (rr) restraint.
The span of the studied beams was 3000 mm and they were supported by a roller and pinned
support. Four restraining steel beams were provided at each end of the beam to simulate the
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axial restraint to the thermal elongation of the beam and the rotational stiffness of their supports,
as schematically shown in Figure 1b. These experimental tests were performed in two stages:
loading and heating stage. First, the beams were loaded at two points 1000 mm (one-third of
the beam span) from the supports of the beam (four-point bending tests) until achieved 50 % of
the design value of the buckling load of the beams at ambient temperature (P0) and calculated
according with the methods proposed in Eurocode 310-12. Finally, after the desired load level
was achieved the specimens were heated up with an electrical furnace programmed to reproduce
the standard fire curve ISO 83413. During the heating period the load was kept constant until
the specimen buckled. A detailed information regarding the experimental research can be found
in the study of Laím et al.9.
Next, it is described in detail the parameters, considerations and assumptions took into
account in the developed nonlinear finite element model to predict the fire performance of such
beams.
Test reference
S_i
2S_i
S_ra_i
2S_ra_i
S_ra+rr_i
2S_ra+rr_i

P0 (kN)
11,24
34,15
11,24
34,15
11,24
34,15

ra (kN/mm) rr (kN.m/rad)
0
0
0
0
15
0
15
0
15
150
15
150

Table 1: Test Plan (i = 1, 2 or 3)

Figure 1: (a) Studied beams cross-sections; (b) Axial and rotational restraining system: 1: tested beam; 2: roller
support; 3: pinned support; 4 and 5: axial restraining; 6 and 7 : rotational restraining; 8, 9 and 10- load cell: 11 concrete slab10

2.2 Numerical modeling
2.2.1. Geometrical parameters
For the purpose of reproducing the behaviour of the tested beams with great accuracy, a
three-dimensional numerical model was created for replicating as close as possible the
experimental test set-up9 (Figure 1b). The CFS beams were created by defining the crosssectional profile using center line dimensions and extruding the cross-section in the longitudinal
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direction to the required length. Additionally, four rigid plates were initially generated
separately and subsequently were attached to the beams to simulate the four-point bending test.
Two of them were used to represent the beam supports and the other two were used to obtain a
uniform distribution of the load across the surface of the beam. The 2-sigma section was backto-back connected by screws which were created and assembled by translating and rotating
them to the required location. The 3D model is shown in Figure 2.
2.2.2. Loading, contact and boundary conditions
The applied load was simulated with concentrated nodal forces (– Y-direction) acting
vertically at the middle of rigid plates connected to the upper flange surface of the beams. The
application points of the load were located at a distance of one-third of the beam span (L/3).
To simulate the required simply supported boundary conditions, a reference node in the
middle of the rigid plate was selected to control the motion of that surface. The reference node
used to represent the pinned support was constrained against all degrees of freedom excluding
the rotational about X-axis. On the other hand, to simulate the roller support the displacement
along horizontal axis (Z-direction) was not restrained too. In addition, to avoid the lateral
deformation of the beams, all nodes located at the edges of the supports were restrained against
lateral translation (X- direction). Finally, the end sections of the finite element models were
coupled to two concentric reference points, where a linear spring model was associated in order
to achieve the same axial and rotational restraint conditions used in the experimental tests. The
values of the stiffness of these axial spring were the same considered in the experimental tests.

Figure 2: FE model developed for 2 sigma beans under fire conditions with axial and rotational restraint

Concerning the built-up sigma cross-section, following the methodology adopted in similar
studies on CFS bolted profiles7, 14, 15, the contact interactions between the web surfaces of the

4

Isabela B. Santiago, João Paulo C. Rodrigues, Francisco C. Rodrigues and Rafael Luiz G. de Oliveira.

profiles (Figure 3b) were defined by using the “surface-to-surface” contact discretization
method with a finite-sliding tracking formulation, which is suitable for models with large plastic
deformation. As contact interaction property it was adopted a tangential friction coefficient of
0.2 for the behaviour in tangential direction, “hard contact” properties were enforced for the
normal direction behaviour to minimize penetration of slave surfaces into master surfaces which
might occur if plates bend significantly and the penalty method was defined as the constraint
enforcement between the steel profile surfaces. A linear damping coefficient was also adopted.
Additionally, to model the contact between the two CFS profiles and the self-drilling screws
(Figure 3c) a rough and hard contact were assumed, preventing the sliding between surfaces
and allowing the transmission of compressive forces, respectively.
The temperature during the experimental tests were measured at different points of the crosssection of the specimen. So, in order to reproduce the non-uniform temperature distribution
observed in the experimental tests, influence areas were defined depending on the position of
specific thermocouple. To simulate the heating of the beams, it was assumed that the
temperatures in these areas were uniform and equal to the respective thermocouples and each
measured temperature was inputted along that area as a function of time. It is important to
mention that the temperature was considered uniform in the longitudinal direction of the beam
and that the temperature was considered uniform and equal to 20oC at beam supports (Figure
3a).

Figure 3: (a) Temperature non-uniform distribution introduced in FE model at 483 seconds of the analysis; and
detail of the contact between (b) profiles and (c) self-drilling screws and the CFS profile.

2.2.3. Finite elements and meshing
The cold-formed steel beams were modelled by using the general-purpose element S4R (4node doubly curved general-purpose shell, reduced integration with hourglass control), which
has been extensively and successfully utilized to model thin-walled structural elements under
fire conditions2,6,7. This element type takes transverse shear deformation into account as well
as the thick shell elements. Regarding the self-drilling screws used in built-up 2-sigma beams,
the finite element chosen was the C3D8R (8-node hexahedral element, continuum, linear
reduced integration with hourglass control).
Simulations have been conducted with the aim of defining an appropriate and accurate finite
element model with a reduced computational time. By performing mesh sensitivity analyses, a
mesh size of 10 mm x 30 mm for the flat plate sections was found to be optimal, so that an
additional refinement did not provide a remarkable improvement in accuracy. However, to
achieve better results, smaller elements were used to model the rounded corner regions (Figure
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4(a) e (b)). With regard to the screws, a mesh size of approximately 2 mm was assumed7 (Figure
4(c)).

Figure 4: Finite element mesh of the sigma beams (a); 2-sigma beams (b) and the screw (c)

2.2.4. Material modelling
For elastic analysis the sigma beam was assumed to have linear elastic material with Young’s
modulus of 210 GPa and Poisson’s ratio of 0.3. On the other hand, for non-linear analysis, the
material of the beam was modelled with von Mises criteria and strain hardening. The stressstrain curves of CFS material were obtained from the model proposed by Laím et al5 and based
on the real curves taken from tensile coupon tests14. This model is comprised of a gradual
yielding behaviour followed by a considerable period of strain hardening, with a nominal yield
strength of 320 MPa, a tensile strength of 390 MPa and a Young’s modulus of 210 GPa. For
the steel screws it was adopted an elastic-perfectly plastic behaviour7. Note that the residual
stresses were not considered in this study as suggested by other researchers 7,15, 16.

Figure 5: Mechanical and thermal properties: (a) Stress-strain curves; (b) Relative thermal elongation in function
of temperature

Since the analysis of post-buckling may involve large inelastic strains, the nominal
(engineering) static stress-strain curve was converted to a true stress and logarithmic plastic
strain curve. Figure 5a shows the stress-strain curves for different temperatures used as input in
the numerical simulations. The thermal elongation (Figure 5b) was taken from the predictions
proposed by Chen and Young17, because the one established in Eurocode was found to be overconservative14,17. Though, the reduction factors for the modulus of elasticity and yield strength
of steel at elevated temperatures were obtained from the annex E of EN 1993-1-2:200418.
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2.2.5. Analysis Method
Finite elements (FE) three-dimensional models were created for all tested cross-sections
under fire conditions with different restraining conditions, including (i) no thermal restraint; (ii)
partial axial restraint; and (iii) partial rotational restraint at the beam supports. It has been
conducted two different types of numerical analyses, namely linear eigenvalue buckling
analysis and nonlinear buckling analysis. Firstly, a linear perturbation analysis was performed
in order to establish the buckling modes and eigenvalues of an ideal linear elastic beam. Several
possible buckling modes were obtained from the perturbation by using eigen-modes prediction.
From this step, it was chosen buckling modes shapes to introduce as initial geometric
imperfections into the finite element model in the nonlinear analysis. Trying to entirely
reproduce the final deformed shape observed in the experimental tests9 an interaction between
different buckling modes were considered and the maximum values assumed for the magnitude
of imperfections were: L/500 for global imperfections, 2t for distorcional imperfections and
h/100 for local imperfections.
Upon incorporation of the geometric imperfections into the developed numerical models,
nonlinear buckling analysis, accounting for both material and geometric nonlinearities, was
carried out to replicate the full range of the fire-resistant tests for all the conditions tested in the
experimental analysis. As in the experimental tests, this analysis occurs in two steps: first the
serviceability load (P0) was gradually applied on the beams and then it was conduced the
heating phase where the load was kept constant until the structure becomes unstable, where the
beam deformation was large enough, L2/(400h) = 88 mm (failure criteria in terms of
deformation for flexural elements13), which roughly corresponds to the time (critical time) when
the beams lose their load-bearing capacity to resist against the axial restraining forces (failure
criteria in terms of strength), in other words, when the axial restraining forces return to their
initial value. As a consequence, for this study it was assumed that the critical temperature
corresponded exactly to the one measured at the critical time. A “static general” option featuring
a full Newton-Raphson solution technique was used for the static nonlinear analysis of the
beams due to this method having provision for numerical stabilization which were required
during the analysis.
3

VALIDATION OF NUMERICAL MODELS

The assessment of the accuracy of the developed numerical models (Abaqus) was conducted
by comparing the displacement-temperature curves of the simply supported beams (Figure 6
(a1,a2)), axial restraining force-temperature curves of the axially and rotationally restrained
beams (Figure 6 (b1,b2,c1,c2)), critical temperatures (Table 2) and failure modes (Figure 7)
obtained from finite element simulations with the corresponding experimental test results.
As observed in Figure 6, the result of Abaqus simulation was relatively close to the
experimental results, since all developed FEM predicted curves were comparable to the
experimental ones, especially in which concerns the maximum axial restraining force supported
by the beams and the critical temperatures. As specified in Table 2, the mean differences
between the critical temperatures obtained from the tests and FEA are less than 7 %, indicating
that the estimated results were in good agreement with the experimental ones. So, it is possible
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to state that the finite element developed can accurately reproduce the behaviour of flexural
CFS beams under fire conditions with axial and rotational restraint.

(a1)

(a2)

(b1)

(b2)

(c1)

(c2)

Figure 6: Evolution of the vertical displacemet as a function of the mean temperature of the beams (a1, a2) and the
evolution of the axial restraining forces as a function of the average temperatura of the beams (b1, b2, c1, c2)

Figure 7: Comparison of experimental with numerical failure modes for axial restraint beams (a) single
sigma and (b) 2-sigma beams
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Table 2: Critical temperature comparison between experimental and Abaqus results

On the other hand, Figure 7 presents the experimental deformed configuration of the tested
beam (Figure 7 (a1, b1)) and the corresponding deformation pattern predicted by the numerical
analysis (Figure 7 (a2, b2) after the end of the test and analysis respectively, indicating an
excellent agreement. Overall, the FE models developed were capable of accurately replicating
the experimental response of CFS beams under fire conditions, ensuring a strong validity of the
developed FE models. As observed in the experimental tests and validated by the numerical
analysis, the lateral-torsional buckling was the main failure mode responsible for the collapse
of the beams. Besides the lateral-torsional buckling, failure modes of these beams also involved
distortional and local buckling, although the magnitudes of local deformations were observed
to be small and less visible due to the extensive lateral rotation of the beam.
4

CONCLUSIONS

The finite element analysis intended to reproduce the effect of temperature increase on the
structural behaviour of beam under different restraints conditions, aiming to obtain models
capable to reproduce the experimental results. The FE models developed were presented and
validated in terms of the maximum axial restraint forces, vertical displacements, critical
temperatures and times and failure modes.
The good agreement between the experimental and numerical results confirms that the finite
element models developed with the Abaqus solver are suitable to predict the structural behavior
of cold-formed steel beams under fire conditions. Thus, it can be stated that the developed finite
element models can be used to accurately perform future numerical parametric studies, in order
to model the fire resistance and behaviour of these beams outside the bounds of the original
experimental tests9. As a consequence, providing valuable data to help developing detailed
understanding of flexural behaviour of CFS beams subjected to fire.
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Summary: The structural fire design is essential for user safety and building preservation. The
steel structures are more vulnerable to high temperatures, requiring fire protection and specific
design criteria that may lead to additional costs. The composite steel and concrete structures is
a possibility for an enhanced behavior of the steel use in structures for fire resistance. Among
these structures are the composite slabs with profiled steel sheeting. In the recent past,
experimental and numerical researches have observed a new phenomenon that increased the
performance of these slabs in fire, that it is known as membrane action. The design of composite
steel decking slabs that taken into account this phenomenon can lead to some cost reduction on
steel structure construction. This paper presents a comparison between the design
methodologies proposed by NBR 14323 and EN 1994-1-2, that are appropriate for single slabs;
with the advanced design methodology MACS+ software, appropriate for a global analysis of
the structure and thus considering the tensile membrane action based on the Bailey method. It
was concluded that membrane action increases the fire resistance of these slabs and enhances
their behavior in fire.

1 INTRODUCTION
In the design of composite concrete and steel structures, the use of steel decking slabs (or
composite slabs with profiled steel sheeting) leads to a reduction in steel consumption due to
the developed composite effect, that increases the loadbearing capacity of the steel beams, for
example. However, the resistance degradation suffered by the slabs at high temperatures, such
as in fire scenario, may compromise the carrying capacity of adjacent beams and columns. The
corresponding fire design methods should take this into account.
The profiled steel sheeting of these slabs acts as steel decking and as positive reinforcement,
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avoiding the use of extra rebars, for example. However, these slabs may easily collapse due to
the excessive fire exposure. It is proposed that a slab in these conditions may work as a nonreinforced concrete element, due to steel sensibility to fire. Anyway, the use of reinforcing bars
can mitigate this effect12. These assumptions are supported in design calculation procedures of
EN 1994-1.26 and NBR 143231 which rely on the equilibrium between the ultimate strengths
of the cross-section section constituent’s materials. These simplified fire design neglect the
complex interactions between members in real structures13.
The advanced calculation methods available and the large-scale fire tests have shown that
composite slabs usually present higher fire performance than the one expected4, which can be
well above that predicted by conventional yield line theory14. The double curvature and the
displacements developed in real situations can develop membrane behavior of composite slab.
The experimental test results lead to discussions about the standard3 procedures, because the
phenomenon that has been observed – which is hard to predict in the design phase – has
demonstrated that the structures have an inherent fire resistance not yet identified8.
The phenomenon was initially investigated in the Building Research Establishment, in the
1990s, in Cardington, England, resulting from findings of fires in tall buildings, like the One
Meridian Plaza, in US (1991), the Broad Gate, in England (1990). The interaction between slab
and beams promotes a stress redistribution that can lead to an increasing of the fire resistance
of the slabs. These facts were surprisingly identified in the Cardington tests conducted by
Kirby7, who carried out several researches on the topic.
Among the researches is the one of Bailey in 2004 that studied the membrane action
mechanism through the plastic hinge theory. The so-called “simplified method” proposed by
Bailey predicts the fire resistance of the slab by the tensile membrane action based on a strength
increase factor relative to the slab pane and the strength derived from the secondary beams to
the loading capacity of the structural system2.
The application of this theory in the structural design lead to an optimization and
consequently to a reduction on the construction costs. Clifton et al.5 using the tensile membrane
action theory in a real structure and obtain a reduction of around 80% on the passive fire
protection and with this a reduction on the construction cost of the Britomart East Complext
building, for example.

2 FIRE DESIGN METHODS IN ANALYSIS
This section discusses the simplified calculation methods of EN 1994-1.26 and NBR 143231
and the Bailey’s membrane action method2.
2.1 The EN 1994-1.2 and NBR 14323 methods
The design positive bending moment resistance in fire, 𝑀 , , must be coherent with the
effective width adopted for the uniform distributed load of calculation 𝑞 , and correspond to
the plastification moment of the cross-section slab, with the steel contributing only to the tensile
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stresses and concrete to the compressive stresses. NBR 143231 presents the following procedure
in its annex C which is very similar to the one of EN 1994-1.26. In a fire scenario, the resistant
efforts from the steel decking may be optionally ignored. If the steel sheet is considered in the
calculation, it is necessary to obtain the temperature 𝜃 on the required fire-resistance time
(TRRF) of the bottom flange, web and top flange.
The steel sheet temperature 𝜃 is obtained by Equation 1, where ∅ is the configuration factor
given by Equation 2; the values of 𝑏 , 𝑏 , 𝑏 and ℎ are geometric measures of the steel decking;
𝑔 , 𝑔 , 𝑔 , 𝑔 and 𝑔 given by the standard (based on the TRRF and the steel decking); and
is the relation between the cross-sectional area of the concrete inside the rib and the surface of
the rib, given by Equation 3.
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The inclusion of rebars for increasing the resistance capacity to positive moments during a
fire is carried out by an analogous procedure. The effort provided by the positive reinforcement
is equal to the product of its area by the yield strength of steel at temperature 𝜃 as given by
Equation 4, which is valid for temperatures inside the slab rib.
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Where: 𝑧 is a coefficient that indicates the position of the rebar and 𝑢 , 𝑢 and 𝑢 are the
shortest distances, in millimeters, from the axis of the rebar to the steel decking and
𝑐 , 𝑐 , 𝑐 , 𝑐 , 𝑐 and 𝑐 are coefficients given by NBR 142321 in function of the TRRF.
Therefore, based on the temperatures of the rebars, steel sheet and concrete, and according
to the procedure above explained, the resistant moment in fire situation is thus determined.

2.2 The simplified procedure of Bailey
The method assumes that the deformed configuration of the slab at ultimate limit state shall
follow the pattern of the plastic hinges and that failure shall occur in the rebars of the slab in
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the tensile stress zones or when the concrete crushed in the compressive ring. The method
proposes that the strength of the slab is increased by a general factor 𝑒, expressed by Equation
5, which is a function of the weighted of the enhancement coefficients obtained for each slab
pane given by 𝑒 and 𝑒 , given by Equations 6 and 7, respective to elements 1 and 2, as depicted
in Figure 1. The weighted coefficients consider the strength achieved by the membrane and
flexural stresses2,9.
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The enhancement due to membrane effect is given by the coefficients 𝑒 and 𝑒 according
to Equations 8 and 10, and by the flexural stresses given by the coefficients 𝑒 and 𝑒
according to Equations 9 and 11 2,9.
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The values of 𝑏 and 𝑘 define the magnitude of the membrane tensile efforts given by
Equations 11 and 12. The parameter 𝑏 is derived from the failure of the rebars along the shorter
span of the slab. The parameter 𝑘 arises from the equilibrium of efforts 𝑇 , 𝑇 and 𝐶 acting on
the slab pane2,9.
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The parameter 𝑛 defines the intersection of the failure lines of the plastic hinges. The final
strength of the slab pane is given by Equation 17, that considers the efforts resisted by the slab
𝑞 , ,
, increased by a membrane action coefficient 𝑒, along with the efforts resisted by the
secondary beams 𝑞 , , .
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Figure 1 – Distribution of stresses in the slab pane
Source: Adapted from Bailey2.
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2.3 Numerical analysis
MACS+ (Membrane Action of Composite Slabs) that was developed for fire design of
composite slabs with profiled steel sheeting takes into account the increasing in load carrying
capacity of the slabs due to the tensile membrane action. The software was developed by Oliver
Vasart and Bin Zhao10 on the framework of the research project “Fire Resistance Assessment
of Partially Protected Composite Floors”. It was based on Bailey methodology for determining
the load bearing capacity of a slab pane from a specified fire exposure in accordance to the
standard ISO 8349 curve.
The software is limited to the same acting zone covered by the simplified method of Bailey2.
The design stages are based on the calculation zone definition; profiled steel sheet; composite
slab; primary and secondary beams; load conditions and combinations; fire exposure
parameters and analysis of results9. The MACS+ software presents great coherence with the
simplified method of Bailey as observed in the studies of other authors10,11.
2.4 Slab elements analysed
The study included two slab panes. Pane A that had dimensions of 6000x3360 mm with 110
mm of thickness, and pane B, with 10800x5040 mm and 200 mm thickness. These slabs were
analyzed for TRRF of 60, 90 and 120 minutes with an ultimate limit state loading of 9.40 kN/m²
in pane A and 12.25 kN/m² in pane B. In each methodology it was assessed the loadbearing
capacity of the element at high temperatures, being considered the reinforcement by rebars on
the bottom surface for resisting the positive bending moment according to EN 1994-1-26 and
NBR 143231 criteria, and steel meshes (constructive reinforcement) for analyzing the
loadbearing capacity per square meter, based on the tensile membrane action, by the MACS+
software9.

Figure 2 – Shape of panes A (left) and B (right)
Source: authors.
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Figure 3 – Cross-sections
Source: authors

It was considered 12 analyses, 6 for each pane. They were made of fck 40 MPa concrete, fyk
500 MPa steel bars, fyk 600 MPa steel meshes, fyk 280 MPa profiled sheet (thickness 0.80mm)
and fyk 345 MPa steel beams. In Figure 2 it is shown the shape of the panes with the elements
that are part of them, while in Figure 3 it is shown the characteristics of the cross-sections
adopted for each design method. In Table 1 are presented the cases studied with the
nomenclature adopted for each prototype, summarizing the supplementary reinforcement used
and the type of analysis performed.
Prototype
L12.5
L16
L20
Q196
Q283
Q335

Supplementary
reinforcement
Ø12.5 mm
Ø16 mm
Ø20 mm
Ø5 mm (10x10)
Ø6 mm (10x10)
Ø8 mm (15x15)

Design method
NBR 14323/ EN 1994-1.2
NBR 14323/ EN 1994-1.2
NBR 14323/ EN 1994-1.2
MACS+
MACS+
MACS+

Table 1 – Cases studied and methods of analysis

3 RESULTS
The results of each design methodology are compared in graphs in terms of loadbearing
capacity, steel amount and reinforcement ratio. The amount of steel of the profiled sheeting
used was not compared since it was the same in the different scenarios.
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In Figure 4 is presented the loadbearing capacity of each pane with respect to the TRRF. The
black horizontal line delimits the acting loading in each situation, being the prototypes below
this line disqualified because they are inadequate in terms of structural stability.

Pane A

Pane B

Figure 4 – Loadbearing capacity of panes A and B

In all situations the steel consumption and consequently the reinforcement ratio were higher
in the traditional design methodologies. In Figure 5, it is observed the need of steel
reinforcement in the top surface in face of the required normative shrinkage stresses, with steel
area of 0.1% of the cross section of the slab, fact that increases the consumption of steel of the
elements designed by NBR 143231 and EN 1994-1-26 and has no effect on the prototypes
designed by MACS+9.

Pane A

Pane B

Figure 5 – Ratio and consumption of steel of panes A and B

The utilization factor is the quotient between the acting and the resistant load. Table 2 covers
all prototypes analyzed. The elements in red represent the prototypes that did not meet the
structural stability requirements, while the yellow ones represent the elements that achieved the
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requirements with optimal coefficient of up to 1.15.

TRRF

Utilization factor in Pane A

Utilization factor in Pane B

MACS+

MACS+

NBR 14323

NBR 14323

Q196 Q283 Q335 L12.5 L16 L20 Q196 Q283 Q335 L12.5 L16 L20
60

1.67

2.11

2.36

1.34

2.03 2.86 0.98

1.14

1.24

0.67

1.05 1.58

90

1.12

1.39

1.55

0.66

1.09 1.70 0.84

1.00

1.10

0.32

0.55 0.89

120

0.79

0.96

1.07

0.34

0.56 0.91 0.74

0.91

1.01

0.17

0.27 0.46

Table 2 – Utilization factor for panes A and B

In both design situations the results obtained with MACS+9 were better than those proposed
by NBR 143231 and EN 1994-1.26. The results presented in Figures 4 and 5 and in Table 2
evidence the optimization that results by considering the tensile membrane action in the design
of slabs subjected to fire situations for all TRRF of design.
Taking the mean steel consumption for prototypes L12.5, L16 and L20, designed by the
methodology of NBR 143131 and EN1991-1.26, and comparing it to the mean of prototypes
Q196, Q283 and Q335, designed with MACS+, considering all elements in study, they are
obtained the values of 11.61 cm²/m² and 5.42 cm²/m² for pane A and 14.06 cm²/m² and 5.42
cm²/m² for pane B, respectively. These results show that the consumption of steel when
considering the tensile membrane action by MACS+9 is 2.14 and 2.59 times smaller for panes
A and B, respectively, compared to the values obtained with NBR 143131 and EN1994-1.26.

4 CONCLUSIONS
This study presented a comparison between the simplified fire design methods proposed by
NBR 143231 and EN1994-1.26, and the Bailey method by MACS+9 software, which considers
the strength mechanism of the composite steel decking slabs deriving from the membrane action
effects. Based on this scenario, it was noted that taking into account the membrane lead to the
improving of the fire design of steel and composite steel and concrete structures, because leads
to a reduction on the use of steel reinforcement and the passive fire protection at least in the
secondary beams.
The use of this method needs a correct structural conception in the design stage, so that the
resisting efforts arising from membrane action can develop, due to the particularities of adding
supplementary reinforcements to slabs or to when deciding to which part of the structural
elements should be fire protected, being also important the geometric ratios imposed to slabs
for the formation of structural panes. Based on the premises imposed in the design stage, it is
possible, with the membrane action methodology, to achieve significant economic gains in
projects of steel and composite steel and concrete structures in fire, specifically in the composite
slabs with profiled steel sheeting.
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Summary. In this work, the experimental tests that lead to the values of effective thermal
properties for timber shown in Eurocode 5, annex B, have been simulated using Ansys. The
simulation was made following two different procedures. In procedure A, convection and
radiation fluxes were applied on the exposed surfaces of the structural elements, and the
environmental temperature was set according ISO 834-1 curve. In procedure B, a simplified
method was used, in which the temperature from ISO 834-1 curve was applied directly on the
exposed surfaces of the structural element. The results were compared with each other, with
the experimental results, and also with the results from previous researchers. It was concluded
that this simplified method can be potentially used when high-end computers are not available
and a difference of 8 % in results is acceptable.
1 INTRODUCTION
Global warming is a current concern facing all of humanity. Greenhouse gases (GHG) are
in a big part responsible of this warming. Buildings and construction account for more than
35% of global final energy use and nearly 40% of energy-related CO2 emissions [1] Buildings
constructed with timber structures will most likely generate lower greenhouse gases emissions
and use less energy during construction than its cast-in-place reinforced concrete counterpart
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[2]. Cross laminated timber structure gives the lowest lifecycle primary energy balance [3].
However, in some countries, timber has not been widely used for the last years as structural
material because many reasons. One of these reasons is the common belief that timber
buildings have worse behaviour under a fire event than buildings made off other materials
such as concrete or steel.
In Spain the use of timber as structural material was not regulated until 2006, when
Technical Building Code (CTE) was published [3]. This regulation is based mainly in the
Eurocodes (EC) [4].
Both CTE and EC establish the prescriptions that timber structures must fulfil in order to
accomplish with fire safety regulations. EC purposes simplified and advanced methods to
calculate the load-bearing resistance of a timber structural element during a fire event [5].
Advanced methods should be based on fundamental physical behaviour in such a way as to
lead to a reliable approximation of the expected behaviour of the relevant structural
component under fire conditions.
These advanced methods are described in annex b of [5]. According to it, they should be
based on the theory of heat transfer and the structural response model should take into account
the effects of non-linear material properties.
The thermal actions that a structural timber element suffers when it is under a fire event are
described in Eurocode 1 [7]. This document states that thermal actions are defined by the net
heat flux ℎ̇𝑛𝑒𝑡 (W/m2) on the surface of the element exposed to fire. The net heat flux should
be calculated by taking into account the heat transfer caused by mechanisms of convection
and radiation (see eq. 1)
ℎ̇𝑛𝑒𝑡 = ℎ̇𝑛𝑒𝑡,𝑐 + ℎ̇𝑛𝑒𝑡,𝑟

(1)

where:
ḣ net = net heat flux (W/m2)
ḣ net,c = net convection heat flux, calculated using equation (2) (W/m2)
ḣ net,r = net radiation heat flux, calculated using equation (3) (W/m2)
The convection component of the thermal flux can be calculated using eq. (11)
ḣ net,c =αc ·(Θg - Θm ) (W/m2)

(2)

where:
αc = coefficient of convection heat transfer, also called film coefficient (W / m2 · K)
Θg = gas temperature in the proximity of the element exposed to fire (°C)
Θm = element surface temperature (°C)
The coefficient of convection heat transfer can be considered equal to 25 W / m2 ·K for
elements exposed to the standard fire described in ISO 834-1:1999 [8]
The radiation component of the thermal flux can be calculated using eq. (3)
ḣ net,r =Φ·εm ·εf ·σ·[(Θr +273)4 -(Θm +273)4 ] (W/m2)

Where:
Φ = view factor
εm = effective emissivity of the element surface
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εf = effective emissivity of fire
σ = Stefan-Boltzmann constant (5,67·10 -8 W/m2·K4)
Θr = effective temperature of fire radiation
Θm = effective temperature of the element
According to some authors [9] as well as Eurocode 1 [7], these values can be adopted:
Φ = 1.0
εm = 0.8
εf = 1.0
Θr = Θg gas temperature in the proximity of the element exposed to fire
In order to apply the theory of heat transfer with these thermal actions to timber structural
elements, commercial finite element packages such as ANSYS [9,10] have been used
successfully in the literature. However, the heat transfer from convection and radiation fluxes
across timber members is high computationally demanding because the non-linear
temperature-dependant properties of timber and its intrinsic orthotropic properties.
In this work, a less computationally method to simulate these thermal actions is proposed.
This method consists in applying the temperatures achieved during a standard fire event, as
described in [8], on the exposed to fire sides of the structural members.
2 METHODS
Using ANSYS, a 2D transient thermal simulation of the thermal degradation of the section
of a beam was made.
2.1 Material properties
The thermal properties of the timber beam were obtained from Annex B of Eurocode 5,
and are shown in Fig. 1

Figure 1: Material thermal properties

These properties are valid for European softwood species, and they were obtained from
several experimental tests and subsequent numerical modelling performed by König and
Walleij [9]. In this particular model, the selected specie was spruce (Picea abies) with a bulk
density of 480 Kg/m3 for a moisture content of 12%.
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2.2 Geometry
The charring experimental tests of König and and Walleij consisted on a 45 mm x 95 mm
strip of solid spruce timber that was exposed to the standard ISO 834 fire curve for 90
minutes. Temperature measurements were taken during the fire test from thermocouples
inserted inside the timber at various depths (6, 18, 30, 42, 54 mm away from the fire-exposed
surface) (Figure 2)

Figure 2: Setup of the experimental test conducted by König and Walleij and modelled in this work

The geometry was designed with the Design Modeller package included in Ansys
Workbench.
2.3. Mesh
The model was meshed using PLANE77, which is a 8-node thermal element with one
degree of freedom, temperature, at each node. The mesh is 1 mm sized and consisted on
13106 nodes and 4275 elements.
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Figure 3: Model mesh

Five thermal probes were placed at the exact same places that the thermocouples from the
experimental tests. By doing so, the evolution of temperature at these spots between FEM and
experimental tests can be compared later.
2.4. Analysis settings and boundary conditions.
The model consisted of a transient thermal analysis. The initial temperature was set to 20
ºC. The analysis was divided in 1800 steps with a duration of 1 second each one. The whole
analysis had a duration of 1800 seconds (30 minutes). Although the experimental tests from
König and Walleij lasted for 90 minutes, it was considered that 30 minutes is a duration long
enough to accomplish the fire resistance requirements of R30 for light framed ceilings.
At this moment, two different models A and B were made.
In model A, a thermal convection flux and a radiation were applied on the bottom edge of
the model according to equations 2 and 3.
In model B, a temperature boundary condition of temperature equal to the one described in
ISO 384 [8] was applied on the bottom edge of the model.
2.5. Cases.
The model A and model B were run in 3 different personal computers, so a total of 6 cases
were simulated. They are described in the results section, table 1.
The computation time for each case was noted, and compared between A and B models.
The evolution of the temperature at the five thermal probes was noted and compared.
The final temperature after 1800 seconds at each one of the 13106 nodes was noted, and
compared between A and B models.
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3

RESULTS
Table 1 summarizes the main results for the 6 cases simulated:
Case
1A
1B
2A
2B
3A
3B

Boundary
conditions
Thermal flux
Temperature
Thermal flux
Temperature
Thermal flux
Temperature

Ansys
release
19.0
19.0
14.0
14.0
19.1
19.1

Cores
used
4
4
2
2
6
6

Processor
i7-5700HQ
i7-5700HQ
Core i7-2600K
Core i7-2600K
Core i5-8400B
Core i5-8400B

CPU time
(s)
4110.141
3427.719
11194.641
6008.234
1640.703
1055.156

Elapsed time (s)
3220.000
2511.000
6911.000
4173.000
2926.000
1784.000

Table 1: Cases simulated

When a temperature condition is applied instead of a thermal flux, the computational time
is reduced. In figure 4, the evolution of the temperatures in the thermocouples located at
depths of 6 mm, 30 mm and 54 mm are compared with the results from König and Walleij.
Cases 1A, 2A and 3A are the same simulation but run in different PCs, and the same applies
to cases 1B, 2B and 3B. So, the results obtained for cases 1A, 2A and 3A where almost
identical between them (differences lower than 0.1%), and the results obtained for cases 1B,
2B and 3B where also equal between them (and the differences were also lower than 0.1%).
800
700

temperature (ºC)

600
500
400
300
200
100
0
0

200

400

600

800

1000

1200

1400

1600

1800

time (s)
6mmKonig

30mmKonig

54mmKonig

6mmMODEL-A

30mmMODEL-A

54mmMODEL-A

6mmMODEL-B

30mmMODEL-B

54mmMODEL-B

Figure 4: Evolution of temperature at thermocouples placed at depths of 6 mm, 30 mm and 54 mm
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The temperature of every node of models A and B where obtained, and compared between
them. The average value of this difference was obtained, and it is shown in table 2. The
computational time between models A and B was also compared and shown in table 2.
Models
compared
1A to 1B
2A to 2B
3A to 3B

Reduction in computational time
running model B (temperature
condition) compared to model A
(flux)
16.60 %
46.33 %
35.69 %

Average difference in temperature
(ºC) at 1800 seconds for every node
between model A and B
8.12 %
8.11 %
8.10 %

Table 2: Reduction in time and average difference in temperatures obtained

4

CONCLUSIONS
-

-

ANSYS is a valid tool to apply the advanced methods of fire safety calculation
described in annex B of Eurocode 5.
It is possible to reduce the computational time if a temperature condition is applied
instead of applying flux on the sides of the structural member under a fire event; and
if a slight loss in the precision of the temperatures resulted is acceptable.
The reduction in computational time is bigger (from 17% to 46%) than the loss in
precision of the results obtained (8%)
The reduction in time is bigger for slower computers, but more cases should be run in
order to stablish a correlation.
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Summary. The paper presents a study on the buckling behavior of slender steel columns under
fire conditions, which depends on two main factors: the thermal elongation of the column,
which provokes an increase of the axial compression force if the column is axially restrained,
and the degradation of the steel mechanical properties due to temperature’s rise. In order to
model the restraining effect of the surrounding structure, the column’s model adopts an elastic
axial spring at the top section, insensitive to fire, together with a constant axial force that
represents the serviceability load of the column. The column’s mechanical behavior is based on
a total potential energy formulation, considering an elasto-plastic law for steel, and the
member’s kinematic description is performed in means of the Generalized Beam Theory. The
Rayleigh-Ritz method is used to render the problem discrete, and the bifurcational stability
procedures are applied, thus respecting the true bifurcational behavior of the system. The
column’s behavior under fire conditions is appropriately described by plotting the restraining
force at the top cross section against the column’s temperature, for several values of the
restraining spring’s stiffness coefficients and the axial serviceability load. The influence of
plasticity, which is triggered immediately after the buckling state, is assessed, and the critical
temperature, defined by the temperature at which the restraining force returns to zero, is
computed. A set of conclusions ends the paper.
1 INTRODUCTION
In solid mechanics, severe thermal stresses can be encountered in several cases in practice,
such as aircrafts in supersonic flight, spaceships re-entering in the atmosphere, industrial
machinery submitted to heat generation or in cryogenic reservoirs [1]. For civil engineers, the
performance of building structures under fire conditions is a subject of major relevance, due to
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the recurrent occurrence of hazardous events [2]. When a structural member is submitted to fire
conditions, it is exposed to very high temperatures, in certain cases surpassing 1000ºC, and two
main factors influence its behavior: the member’s elongation and the degradation of the
material’s mechanical properties with temperature, namely the Young’s modulus E and the
yield strength fy. Due to the member’s elongation, a compressive force is generated owing to
the restraining effect of the surrounding structure, which makes the member prone to buckling.
The buckling behavior of beam-type steel members under fire conditions has been intensively
studied in recent years. Neves and his co-workers [3-6] analyzed the restrained column depicted
in Figure 1 (a). This structural system considers that a simply supported column does not exist
singly but as a part of a frame, although its design is usually made on an individual basis. Hence,
the constant axial load Ned at the top of the column models the serviceability load applied prior
to the fire event and remains constant along the whole heating process, while the longitudinal
spring at the upper end B represents the restraining effect of the surrounding structure to the
column’s axial elongation. In the worst case scenario, it is considered the surrounding structure
is not affected by fire, and so the spring’s stiffness coefficient KB remains constant along the
heating process.
In the present study, this structural system is analyzed for uniform heating by means of a
Generalized Beam Theory (GBT) [7] energy formulation [8]. The column follows the EulerBernoulli beam theory [9], and consequently the analysis considers two modes of deformation
only: axial elongation and bending. It is assumed as well that the column is made of steel and
is perfectly straight at rest, and that the load Ned and the axial restraining force FB, provoked by
spring B, act both exactly along the column’s longitudinal axis. The Rayleigh-Ritz method
[10,11] is used to render the problem discrete, and for both modes of deformation the numerical
procedure adopts polynomial coordinate functions that arise directly from the boundary
conditions by a sequential procedure [8]. We consider slender columns only – those that buckle
before yielding – and a bifurcational path-switching technique is required to pass directly from
the trivial path, defined by the set of equilibrium states that emerge from the initial resting
configuration as the column is loaded and/or heated, to the post-buckling one without
destroying the true bifurcational behavior [12-14]. An elasto-plastic constitutive law for steel
is adopted, as depicted in Fig. 1 (b), and a plastic zone is considered near the mid-span cross
section, where plasticity is prone to occur. The evolution of the Young’s modulus E, of the yield
stress fy and of the steel’s thermal expansion coefficient  with heating is accounted for, and
the column’s behavior under heating is described by plotting the restraining force FB against
the applied temperature . All computations are performed by means of the symbolic
programming package Mathematica [15] and the critical temperature, defined as the
temperature at which force FB returns to zero, determines the column’s fire resistance and is
assessed for some relevant cases.
2 THE GBT MODEL FOR ELASTO-PLASTIC BEHAVIOUR OF RESTRAINED
EULER-BERNOULLI COLUMNS UNDER FIRE CONDITIONS
2.1 The kinematic description and the strains-displacements relations
The GBT modelling of a two-dimensional Euler-Bernoulli column adopts two modes of
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deformation, depicted in Figure 2: axial elongation and bending [8]. The displacement  of a
column’s generic point with coordinates  x , z  is defined by its longitudinal and transversal

components, in the form   x, z   u  x, z  , w  x, z  , and is given by:
i)
Longitudinal displacements:
2

u  x, z    i u  z   i f   x 

(1)

i 1

where the correspondent unitary longitudinal modal displacements are given by:
 u  z 
1

ii)

2

1  z1 
u  z      
1  zn 

(2)

Transverse displacements:
2

w  x, z    i w  z   i f  x 

(3)

i 1

where the correspondent unitary transverse modal displacements are given by:
 w  z 
1

2

 0 1
w  z       
 0 1

(4)

x, u

KB
B
Ned

L
w (x)
C

x

A
z, w

(a)

(b)

Figure 1: The analyzed structural model (a) and the constitutive law for steel (b)

In expressions (1) and (3), i f  x  , i  1, 2 represent the modal amplitude functions that depend
on the longitudinal coordinate x only. The prime  denotes differentiation with respect to x and
zj corresponds to the coordinate along the zz axis of the point where displacements are being
computed, in other words to the distance between the bending neutral axis and the fiber where
the strain is being calculated. The longitudinal strains  x ,tot , provoked by the displacements (1)
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and (3), are computed by means of the engineering strain concept [16]:
2

 x ,tot 

u 1  w  1 1
1 2 2 2 1
1 2 2
2
2
2
 
  u f   u f    w f    f     z   f    f  
x 2  x 
2
2

(5)

dx

x,u

dx
1 . 2f (x)
z . 2fu (x)

x,u

1 . 2f (x+dx)
z

z,w





u z 1

1

z,w

(a)

(b)

Figure 2: The adopted modes of deformation: axial elongation (a) and bending (b)

On the other hand, the variation of temperature  , assumed to be uniform along the whole
structural member, imposes an additional longitudinal strain given by [1,3]:
 x ,th      amb    

(6)

where  amb  20º C denotes the ambient temperature. Following the common perception of
thermal elongation, if the displacements along the structural member provoke strains  x ,tot
given by expression (5) equal to the thermal ones  x ,th given by expression (6), in other words
if the deformations due to thermal effects are not restrained so that the shape of the body is
conditioned only by heating, the strains arising from the displacements equal to the thermal
ones, and consequently the resulting mechanical strains, given by  x ,mec   x ,tot   x ,th , remain
null along the body and the thermal variation does not generate any stresses. Each modal
amplitude function i f  x  is rendered discrete by means of the Rayleigh-Ritz method [10] as
follows:
ni

i

f  x    j ai ji  x 

(7)

j 1

where the coordinate functions ji  x  are polynomials derived directly from the applicable
boundary conditions by a sequential procedure [8], and ni is the total number of adopted
coordinate functions for mode of deformation i. Often, it is convenient to consider only the
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kinematic boundary conditions for the computation of the coordinate functions. For mode 1,
only one boundary condition applies, namely 1 f  0   0 , and the first three polynomials of the
sequence are (L denotes the column’s length):
3x 2
2L

30
2
x3 3x 2 
2
1  x  
 2 

6  L
L 

1  x  

1

1  x  

3

(8,a-c)

210  x 4 2 x 3 x 2 
 
 
2  L3 L2
L

For mode 2, two kinematic boundary conditions must be considered, given the pinned-pinned
supports: 2 f  0   0 and 2 f  L   0 . The correspondent first three coordinate polynomials are:
 x2 x 
 
 L2 L 
 5 x 4 10 x 3 6 x 2 x 
3
 2  x   3 70  4  3  2  
 L
L
L
L
6
5
4
3

42
x
126
x
140
x
70
x
15 x 2 x 
5
 2  x   3 286  6  5  4  3  2  
 L
L
L
L
L
L

 2  x   30 

1

(9,a-c)

For both modes, Figure 3 depicts the coordinate polynomials for L=3. For mode 1, only the first
derivatives of the coordinate functions are presented because, due to expression (1), these are
the ones with physical interest. After the discretization procedure, a global numbering is
adopted for all generalized coordinates ia, which become the unknowns of the problem. This
numerical strategy enables an important simplification: given the nature of the problem, we
know since the beginning that the column’s transverse displacements are symmetrical with
respect to the mid-span cross section. Therefore, all coordinate polynomials related to bending
(mode 2) that do not respect this property can be discarded. For this reason, polynomials 2 and
4 are not used and not listed in expressions (11) to (13), and the dimension of the numerical
problem can be significantly reduced, which betters the numerical efficiency of the problem –
such a simplification would be impossible in the traditional FEM strategy.
2.2 The constitutive law and the internal strain energy of the column
The kinematic description just presented arises from the classical Bernoulli beam theory and
is independent of the material’s constitutive relation [9]. Consequently, the column’s
deformations are quantified uniquely by the longitudinal strain x,mec and the only stress used to
compute the internal strain energy is the longitudinal normal one x, being the shear stresses xz
obtained from the normal ones by local equilibrium. Since the column has pinned-pinned
boundary conditions, which is the standard case in structural stability analysis, the extreme
stresses due to combined bending and axial force occur along a region in the neighborhood of
the mid-span cross section, where bending moments reach higher values, being this region
much smaller than the member’s length and henceforth denoted by zone II, as depicted in Fig.
3 (a). On the other hand, the two column parts closer to the supports, henceforth denoted by
zones I and III, are submitted to much lower stresses during the heating process, and thus it is
legitimate to consider that these regions remain always in elastic regime. Therefore, it is
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considered that yielding occurs only along zone II, with length Lpl, and the total internal strain
energy of the column is given by the sum of the energies corresponding to each of the three


column parts. For zones I and III, along the intervals x  0,


L  L pl 

2 

 L  L pl 
, L
2


and x  


respectively, only elastic constitutive behavior is considered in the form:
 x  E  x,mec  E   x,tot   x,th 

Mode 2

Mode 1

(10)

Figure 3: The adopted coordinate functions for axial elongation and bending

The correspondent internal strain energies are given by [8]:
E 2
EA
UI  
 x ,mec dVol 
2
2
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LL p
2

L L p
2

 

EI
1
f  dx 
2

0

L L p
2

  f  dx  EA  
2

4

0

0

L

U III 

E 2
EA
 x ,mec dVol 

2
2 LLp
zone III

2

2

L L p
2



EA
2
f  dx 
2

0

LL p
2

2

L L p
2

  f 
2

2

1

1

L  Lp
EA 2
2
f  dx 
  2
2
2

 
0

L

2

L

2

2

2

2

1

f dx 

L L p
2

L

EA
f dx 
  
2
L L p

L  Lp
EA 2
f  dx 
  2
2
2

 
2

(11)

2

L L p
2

1

f dx 

0

 f  dx  EI2   f  dx  EA
 f 
2 

L

 f  dx  EA  
2

4



EA
1
f dx 
 
2

2

L

EA

8 LL p

L L p
2

(12)

2

2

where A and I stand for the cross section’s area and moment of inertia, respectively. The seventh
part in both expressions (11) and (12) does not interfere with equilibrium, because it does not
depend on the modal amplitude functions. Consequently, this part vanishes when the internal
strain energy is derived with respect to the generalized coordinates, in order to compute the
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correspondent equilibrium condition [12,13]. For zone II an elastic-plastic constitutive behavior
is adopted in the form of the Richard formula [17]:
 x   x ,mec  

E  x ,mec
1

n
2 2
 
E
  
1    x ,mec   
  f y
  
n

(13)

where n is an arbitrary positive coefficient, usually an even integer, and the greater values n
takes the closer expression (13) becomes to a bi-linear curve (in our study we will adopt n=8).
Expression (13) is illustrated in Figure 1 (b) for steel grades S355 and S450, whose mechanical
properties at ambient temperature  amb  20º C are [18]:



Young modulus: E  210 GPa
Yield stress: f y ,S 355  355 MPa or f y ,S 450  440 MPa



Thermal elongation coefficient:  amb  12.16  106 /º C

Since our interest is centered on the heating phase only, the unloading phase is not of our
concern and consequently the elasto-plastic material’s behavior can be interpreted as a
nonlinear elastic one following expression (13) – this strategy is valid as long as no strains
reversal occurs along the plastic zone II. Given expression (13), the correspondent internal
strain energy density has a hypergeometric form [8,19]:
x

ddU      x ,mec  d  x 
0

 1 1 5 E 8  x8,mec 
1
E  x2,mec 2 F1  , , , 

f y8 
2
 8 4 4

(14)

Due to the high nonlinearity of expression (14), the analytic calculus of the internal strain
energy, as performed in expressions (11) and (12), is no longer feasible. Consequently, the
integration of the internal strain energy along the elasto-plastic zone II must be performed
numerically, and to do so the central region of the column is divided in nT  nL small blocks, as
depicted in Fig. 4 (nT is the adopted number of layers along the transverse direction and nL is
the adopted number of slices along the longitudinal direction). For simplicity, we suppose these
blocks have regular dimensions and parallelepipedic form, so that a generic block  i, j  has a
volume dVolij  L  h  bij , where bij is the width of the block  i, j  perpendicular to the xz

Lpl

h
are respectively
nL
nT
the length along xx and the height along zz of each block, and h is the cross section’s total
height. Each block  i, j  in the global ordering becomes fully identified by the coordinates of
its geometric center:

plane, dependent on the cross section’s geometry, and  L 

and  h 

 L  L pl
1 
 1

 L  i   , hT  h  j   
2
2 
 2


 xij , zij   

(15)

where hT is the (positive) distance between the neutral axis and the cross section’s top edge.
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Since a significant number of blocks must be adopted for accuracy, the blocks are much smaller
than the member’s geometry, and so it is legitimate to consider that the cross section’s width bij
remains constant along each block and depends only on the coordinate zij given by expression
(15). It is legitimate to assume as well that all quantities are constant along each block, so that
the strain may be computed simply by replacing xij and zij of expression (15) in expression (5).
Hence, the internal strain energy in each block is simply given by the product of the strain
energy’s density (14) by the block’s volume:
dU ij  ddU ij L hbij

(16)

By the end of this process, the block’s strain energy dUij depends only on the generalized
coordinates ia and on the temperature , and the total internal strain energy stored in zone II is
simply obtained by summing the energies of all blocks:
nL

nT

U II   dU ij

(17)

i 1 j 1

x, u

KB
B
Ned

LIII
h

h
L

L

LII=Lpl

x
LI

A

z, w

(a)

(b)

(c)

(d)

Figure 4: The adopted column model for elasto-plastic analysis (a) and the degradation of E (b), fy (c) and  (d)
with temperature – comparison between the approximate formulae and the piecewise expressions of [19]

To complete the internal strain energy of the structural system depicted in Fig. 4 (a), the internal
strain energy stored at spring B must be added. Since this spring models the restraining effect
of the surrounding frame, which supposedly remains unaffected by the fire event, it follows an
elastic behavior and its stiffness coefficient KB remains constant during the heating process.

8

Pedro Dias Simão and João Paulo C. Rodrigues.

Under these conditions, its internal strain energy is simply given by:
UB 

2
FB
K
  uB  uref   B  uB  uref 
2
2

(18)

Besides, the spring is assumed to be at rest before the heating phase, so the reference
displacement uref at point B in expression (18) is defined at ambient temperature simply by:
N ed L
EA

uref 

(19)

where Ned is the serviceability axial load applied prior to the fire event.
Finally, the present formulation must account for the degradation of the steel’s mechanical
properties with heating. To do so and with the obvious exception of expression (19), which
shall be computed at ambient temperature, the mechanical properties are always calculated as
a function of the temperature , here assumed constant along the whole body. Instead of the
piecewise expressions listed in [20], these can be approximated by continuous and smooth
rational functions that enhance the numerical efficiency, as follows:
E  E    Eamb k E    E k E   
201.612   126566.357 
 134630.821  201.612 
 E  2
 2

   687.773  274552.641   607.773  248641.714 

f y  f y    f y ,amb k fy    f y k fy   
137.9953  52699.6055 
 100423.0745 137.9953
 2
 fy  2

   973.6827   299579.3477   214.0786   80400.9799 

(20)

       amb k   
11015.025 13.981 
11746.967
266.101 



  amb   2
1628.096
669492.241
9650.483
1104.623 










where E, fy and amb are the mechanical properties at ambient temperature, and the functions
k E   , k fy   and k   , equal to 1 when    amb , represent the thermal degradation. In
Figure 3 (b-d) these formulae are compared with the correspondent piecewise expressions
arising from the code of practice [20].
2.3 The potential of the external loading and the total potential energy of the system

The force Ned applied at the top edge section B generates the following potential:
   N ed u B   N ed  1 f 

xL

 N ed  1 f 

L

x 0

  N ed  1 f  dx

(21)

0

where the minus sign arises from the fact a positive Ned is considered to be of compressive type.
Taking into account expressions (11), (12), (15), (18) and (21), the total potential energy of the
whole system is given by V  U I  U II  U III  U B   , which, for a constant load Ned, is a mere
nonlinear function depending on the generalized coordinates ia and on the applied temperature
. At the present stage the stability procedures [8,12-14] are ready to be applied, in order to
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obtain the column’s behavior under heating.
3. ILLUSTRATIVE EXAMPLE

The numerical procedures just presented are now exemplified by the analysis of an illustrative
case. The adopted steel grade is S355 and the adopted cross section for the restrained column
is a standard HEB 200 bending about the weak axis:




area: A  78.1 cm 2 ; weak axis moment of inertia: I  2003 cm 4
height: h  200 mm ; width: b  200 mm
flange thickness: t f  15 mm ; web thickness: tw  9 mm

The adopted length is L=7.739 m, to which corresponds the reduced slenderness coefficient:
 L

A

I

fy
E

(22)

2

Only slender columns, those that buckle before the occurrence of yielding, are of our interest.
This condition implies that the numerical procedures presented above are applicable to columns
showing   1 , and we leave for future developments the analysis of shorter columns. The
Rayleigh-Ritz analysis converged with the use of the first 15 coordinate polynomials arising
from the sequential procedure [8] for the axial elongation model, and the first 8 odd polynomials
for the bending mode. This makes up a total of 23 generalized coordinates and, for a constant
pre-established applied load Ned and increasing temperature , the total unknowns of the
mathematical problem is 24. The column’s buckling design load at ambient temperature [18] is
N bRd  543.928 kN , and the constant compressive load applied prior to the fire event is
considered to be 20% of this value: N ed  108.786 kN . Figure 5 presents the evolution of the
restraining force FB with increasing temperature , for the three levels of the restraining
EI
stiffness K B  kadim
, where kadim is equal to 0.5 (case A), 0.1 (case B) and 0.05 (case C). The
L
resulting force-temperature  FB ,  curve is compared to the theoretical enveloping curve for
elastic behavior with thermal degradation [21] given by:
FB, PB 

 2 EI
2

L



k E  

1     amb   amb k  

 N ed  PEuler

k E  

1     amb   amb k  

 N ed

(23)

It becomes evident that the computed elasto-plastic curves follow the theoretical expression
(23) until plasticity is triggered, shortly after the critical state. Beyond that point, the elastic and
the elasto-plastic behaviors diverge, provoked by the spread of yielding along the member and
by the degradation of the mechanical properties with temperature. The critical temperature, that
defines the column’s fire resistance, is defined by point when the restraining force FB return to
zero, in all analyzed cases beyond 500ºC.
4. CONCLUSION

A novel numerical procedure for the analysis of restrained Euler-Bernoulli columns under
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fire conditions was developed in the paper, accounting for both geometrical and material
nonlinearities, such as yielding and degradation of the mechanical properties with the
temperature’s rise. The kinematics of the problem were described by means of the Generalized
Beam Theory, and the steel’s constitutive behavior was modelled by an appropriate nonlinear
smooth expression, based on the Richard formula. The spread of plasticity along the member’s
length and along the transverse direction as well were accounted for, and the Rayleigh-Ritz
method was adopted to render the problem discrete. The method reached accuracy with just 23
degrees of freedom, and a path-switching procedure was adopted to switch directly from the
initial path to the post-buckling one, thus dispensing the introduction of imperfections. The
method dispenses the use of a mesh and allows several simplifications that would be impossible
in alternative numerical strategies such as the FEM. In fact, the division in blocks is just a way
to perform numerical integration and to represent the spread of plasticity, and does not play any
role in the definition of the degrees of freedom. By the end, the critical temperature was
computed when the restraining force FB returns to zero, which defines the column’s
fireresistance, and in all cases it is beyond 500ºC.

Figure 5: Restriction force at the top edge section FB – comparison between the true elasto-plastic behaviors and
the elastic enveloping curve, for all analyzed cases

The analyzed problem was established in its most difficult form, owing to the presence of
bifurcations and the consequent need of path-switching techniques. Future enhancements of the
method will include the introduction of geometrical imperfections and residual stresses, which
will put the problem in an easier form, with no bifurcations and requiring simply a nonlinear
path-following scheme. Only then it will be possible to assess the influence of these factors on
the behavior of restrained columns under severe heating, by comparing the cases with and
without imperfections, for example. Additional aspects, such as temperature’s gradients, shear
deformations, cross section distortions and transverse loading shall also be included.
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Summary. Many recently-constructed unreinforced masonry (URM) buildings in Italy
performed poorly in the recent earthquakes. Cracks opened in the shear walls and slippage
between wall panels occurred. These buildings are made of tile hollow load-bearing blocks,
also known as Porotherm block masonry. Within this context, aiming at improving the data of
actual codes and guidelines, unreinforced masonry panels (URM) were first fully
characterized by experimental tests, afterwards the results allowed calibrating FE-models.
Lastly, a full 3D non-linear analysis was performed to investigate the in-plane response as
well as the causes of the crack pattern mode of this kind of masonry panels. To this end, by
assessing the shear capacity of Porotherm block masonry to withstand horizontal forces
resulting from seismic loads, these methods provided a highly effective means of verifying
the safety of the masonry structures and their vulnerability to extensive cracking.
1 INTRODUCTION
By observing the structural damage consequent to the recent earthquakes in Central Italy1,2,
it was possible to highlight that, in many situations, the vulnerability of recently-constructed
masonry buildings had a significant impact on the level of damage observed in the region. A
few of post-earthquake field investigations have demonstrated how, in fact, the local
unreinforced masonry (URM) building stock is constituted not only by historic masonry
buildings, made with solid bricks, squared or rubble stones, but also by an increasing
percentage of tile hollow load-bearing blocks3,4,5, also known as Porotherm block masonry.
Because of their good resistance to seismic actions, the use of Porotherm block masonry
panels was, in fact, promoted by the Italian Building Codes6 in most seismic areas. The
typical construction method consists in the use of cement mortar and 250-400 mm thick
blocks, to form a single-wythe panel. In order to reciprocally connect the walls and prevent
out-of-plane failuree mechanisms, the Italian Code requires the construction of Reinforced
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Concrete (RC) ring-beams, at each floor level and at the eaves level. The horizontal and roof
diaphragms are usually made of 1-way steel-reinforced concrete joists, tile hollow blocks and
a 40-50 mm-thick slab reinforced with steel-wire mesh. The joists are fixed to the ring beams
and both, the ring beam and the slab are cast simultaneously. As a consequence, many block
masonry buildings now exist and, in particular, a lot of these are rural residences in areas at
high seismic risk on the Apennines. Without considering that such a masonry typology was
also widely used for seismic upgrading of historic buildings, often protected by the Italian
Monuments and Fine Arts Office (Soprintendenza Archeologia, belle Arti e Paesaggio).
Nevertheless, given the relatively recent use of this masonry typology in Italy and other
seismic areas, little information is available about the failure mechanisms of hollow block in
URM masonry7,8. Despite the URM hollow load-bearing block masonry was very popular in
Italy since the 1980s, its structural response was never really tested by a destructive
earthquake before 2016. This is the background of the present study, which aims at predicting
the in-plane response and investigating the causes of the crack pattern mode of Porotherm
block masonry by means of experimental and numerical investigations. More specifically,
unreinforced masonry panels (URM) were first fully characterized by experimental tests,
afterwards the observed behavior allowed calibrating finite element (FE) models. To this end,
the laboratory outcomes were simulated numerically, via non-linear constitutive laws, in a
commercial FE modelling code9. To this end, by assessing the shear capacity of Porotherm
block masonry to withstand horizontal forces resulting from seismic loads, these methods
provided a highly effective means of verifying the safety of the masonry structures and their
vulnerability to extensive cracking.
2 EXPERIMENTAL ANALYSIS
2.1 Materials characterization
To determine the mechanical properties of the materials used for building the masonry
panels, a preliminary experimental campaign was performed on individual specimens of
blocks and mortar.

a)

b)

Figure 1: a) Clay hollow blocks, b) Ready-to-use cement mortar (containing sand, Portland cement and lime).

Six clay hollow blocks (250×300×180 mm), produced by a local manufacturer (Fornaci
Briziarelli Marsciano10, Figure 1a), were tested in compression to failure under non-eccentric
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load. Mean compressive strength was 6.58 MPa, with an average weight of 12.51 kg/block.
The mechanical characteristics of the mortar used to construct the walls (a ready-to-use
cement mortar11, Figure 1b) were determined by testing six mortar prisms (160×40×40 mm)
in bending according to ASTM C34812. Once the bending tests was performed, each
remaining half of the prisms (80×40×40 mm) was tested under compression in accordance
with ASTM C34913. Test results gave mean values of 3.75 Mpa and 15.7 MPa for bending
tensile and compressive strength, respectively.
2.2 Shear-Compression Tests
Four full-scale masonry panels (1510×950×250 mm), constituted by 8 rows of hollow
block units, 10-mm-thick and 15-mm-thick bed and head mortar joints, respectively, were
built at the laboratory by a professional mason to investigate their in-plane response. Panels
were simultaneously subjected to a vertical, constant, compressive stress of 0.18 Mpa and
0.30 MPa (normal to bed joint and needed to simulate the gravity loads of a two- or threestorey building), respectively, and a cycling and increasing horizontal shear load up to failure.
To this end, an MTS steel load frame was used for testing (Figure 2).

P

P

2 Hydraulic Cylinders for
Gravity Loading
D7

D6

Support Reaction

R

D1

D2

Blockwork Wall Panel
1510x950x250 mm

H

D5

LVDTs

D3

D4

Hydraulic Cylinder
for Shear Loading

Support Reaction

R

Figure 2: Test setup.

More specifically, the shear load was applied through the use of a 10 kN loading jack
placed along the horizontal line of symmetry (midpoint) of the panel. Two single-acting 500
kN hydraulic cylinders, placed between a rigid deep steel beam and the support frame, were
instead used for the application of the vertical load. The test configuration can be efficiently
described using the scheme of a three-point bending configuration. The two end-supports
were made of timber prisms (120×120×300 mm), whereas two steel plates (140×2050 mm)
were used to avoid unequal load transfer, thus preventing possible local failures. All panels
were equipped with seven inductive transducers (LVDTs) to monitor diagonal deformations
and horizontal and vertical displacement, respectively.
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Following the initial application of the vertical load, the shear load was applied in cycles of
increased magnitude, up to failure. It is worth noticing how, in all cases, the inability of the
vertical confinement to constitute a perfect constraint produced a lack of symmetry in stress
distribution between the two halves resulting from the division of the specimens. Unlike the
lower half of the panel, which may be considered as perfectly restrained, the upper half was in
fact able to rotate. Due to this lack of symmetry, the lower half of each specimen was more
stressed and the failure always occurred here. More specifically, due to the relative rotation
around the point of application of the horizontal load of the two halves, the mechanism
consisted in a horizontal crack, which progressively opened between the two overhanging half
panels (along the wall’s horizontal line of symmetry, Figure 3a). Anyway, since the apparatus
overhanging the panel (spreader beam, jacks, rods) prevented further separation and rotation
of the two halves, by increasing the in-plane lateral load, the wall panel started to exhibit
increasing shear strains, up to reach the failure due to diagonal cracking. The cracks opened at
block mortar interface, both in the vertical and horizontal joints, following a “zig zag” pattern
and leaving the hollow blocks for the most part un-damaged (Figure 3b).

a)

b)

Figure 3: Failure mechanism: a) horizontal crack along the panel’s horizontal line of symmetry; b) diagonal
cracking (zig-zag pattern).

The in-plane response of the walls was very satisfactory, with high lateral load capacities
varying between 152 and 185 kN, corresponding to a shear strength of 0.327-0.395 MPa. If
these values are compared with the shear strength of other types of masonry (solid bricks,
stonework, etc.), the hollow block masonry results much stronger15,16. As soon as the
principal tensile stress reaches the shear bond strength at the block/masonry interface, cracks
form and the failure occur.
3

NUMERICAL ANALISYS

3.1 Modelling strategy
The formulation of effective and accurate methods to investigate the in-plane behavior of
masonry structures is still a challenging task. Because of the anisotropic structural response of
masonry that stems from its composite nature, the development of efficient structural analyses
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often required two- or three-dimensional modelling strategies, i.e. more complex structural
schemes in comparison with those traditionally adopted for steel or concrete framed
constructions. Currently, among the different modeling approaches provided in literature, the
use of non-linear models implemented in sophisticated Finite Element (FE) formulations
seems to be the most promising17,18. In general, different scale strategies of different
complexity19,20 were adopted to model block masonry by FE analysis (Figure 4): macro,
micro and simplified micro scales.
COMPOSITE MATERIAL

a)
HEAD JOINT

UNIT-MORTAR INTERFACE

BLOCK UNIT

BLOCK UNIT

MORTAR JOINT

BED JOINT

b)
"AVERAGE" INTERFACE

EXPANDED UNIT

c)
Figure 4: Modelling strategies of different complexity: a) Macro-modelling; b) Detailed micro-modelling ; c)
Simplified micro-modelling.

As far as macro-modelling strategy (Figure 4a), masonry constitutive laws are based on the
assumption of a homogeneous and isotropic material, without distinguishing between mortar
and block units structural behavior (homogenization technique). Due to the reduced
computational effort, this kind of approach is traditionally adopted in large and practiceoriented analyses, where a compromise between efficiency and accuracy is often needed.
Conversely, at the micro-scale (Figure 4b), the masonry is considered as an heterogeneous
material, made of mortar joints and block units joined through unit-mortar interfaces, which
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usually represent a potential crack (or slip) plane due to the coupling between different
materials. To this end, all masonry components are modelled in detail by applying, separately,
different elastic (and optionally inelastic) properties for each constituent. Therefore, despite
large time and memory requirements, this approach enables a comprehensive analysis of the
masonry assembly with a more realistic prediction of its shear behavior and local damage
pattern. To reduce computational costs as much as possible, a simplified modelling procedure
can be then used as an alternative to detailed micro-modelling approach (Figure 4c). In this
case, the computational strategy consists in lumping each joint into an “average” interface
(discontinuous element), while the block units are expanded (up to half of the joint thickness
in horizontal and vertical direction) to keep the geometry unchanged.
Within this framework, with the aim of giving a better understanding of the block masonry
in-plane response, the numerical analysis was developed by a micro-modelling strategy, in
which interface elements were adopted to simulate the block-mortar decohesion mechanism.
3.2 FE model
The laboratory outcomes were implemented numerically, via non-linear constitutive laws,
in a commercial FE modelling code9. According to its capability of updating the geometric
stiffness matrix at each integration by following the cracking during load application, a threedimensional FE model was therefore developed to account for material non-linear behavior of
block masonry specimens. To this end, after defining their geometry with CAD drawings, the
panels were modelled by means of isoparametric solid elements (Solid 65), with eight nodes
and three degrees of freedom (DOF) at each node. To facilitate the analysis, the periodically
repeating patterns of the block masonry typology was discretized by dividing each periodic
unit cell into ten cuboid sub-cells (six block units, two bed and two head joints) with different
properties21 (Figure 5).

BLOCK UNIT

BED JOINT

HEAD JOINT

Figure 5: Derivation of eriodic unit cell.

Since all units were identically oriented and the masonry layout didn’t change through the
thickness, for convergence checking, each periodic unit cell was then discretized with a
sufficient number of elements across the sub-cells’ heights. After performing sensitivity
analyses using different mesh sizes, the FE mesh was in fact refined so as to have eight
elements (14×14×22.5 mm) across each block unit, three elements (14×14×3.33 mm) across
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each bed joint and three elements (14×3×22.5 mm) across each head joint (it is worth noticing
how in the micro-modelling the mesh size was dictated by the mortar joints thickness).
This guarantees the more critical details to be captured without distorted meshes and,
consequently, localization and shear lock effects. Figure 6 illustrates the full FEM: it consists
of 126,615 elements and 124,632 nodes, with 373,896 DOF.
SPREADER BEAM
LOADING PLATE
BEARING SUPPORT

BLOCK UNIT

HEAD JOINT
BED JOINT
BEARING SUPPORT

Figure 6: FE model with mesh discretization.

To simulate the behavior of block masonry, a three-dimensional non-linear model was
adopted using a damage mechanic approach. In such a context, a maximum tensile stress
(tensile cut-off) failure criterion was assumed for every masonry component (mortar and
block units). Such an elastic-plastic model, originally adopted for concrete and other brittle
materials, is able to account for both cracking and crushing failure modes through the use of a
smeared model. More in detail, the irreversible damage that occurs during the cracking
process of both mortar and block units was simulated by using only two material parameters
(assigned in agreement with the material properties obtained experimentally, see Section 2.1):
uniaxial tensile (ft) and compressive (fc) strength. Furthermore, to improve the reliability of
the proposed FE approach, the simulation of the contacts between the masonry wall and the
bearing supports and load plates, respectively, was performed through the use of unilateral
contact interfaces. In this application, surface-to-surface contact elements were chosen and the
contacting properties for the normal and tangent behavior were specified indirectly by a trialand-error procedure in the calibration process. Specifically, as for the behavior in the
tangential direction, a Coulomb friction law was applied to each interface assuming that
sliding may (or may not) occur by introducing a friction coefficient (μ = 0.4). The same
Coulomb friction contact behavior was then used in the normal direction to indicate how a
gap can appear when the compressive stresses become negligible.
3.3 FE analysis results
According to the aim of simulating the in-plane response of the specimens and therefore
providing an interpretation of the detected damage pattern, a numerical analysis was thus
performed, in which the FE model was firstly subjected to both self-weight and a distributed
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pressure load, followed by a ramped 10 kN horizontal load. Figure 7 reports the failure
progression sequence observed during the FE analysis on the block masonry panel. In
agreement with the damage observed at the end of the experimental tests, cracking is not
present on the whole specimen, but mainly on its lower half. More in detail, following the
opening of a predominant horizontal crack at the panel mid-height (Figure 7a), stepped
diagonal cracks developed (through bed and head joints) along the compressed diagonals
(Figure 7b), when the interface bond strength was attained.

a)

b)
Figure 7: FE model crack pattern: a) opening of the horizontal crack; b) stepped diagonal cracks.

To evaluate the accuracy and efficiency of the proposed FE model, the predictions of the
ultimate shear capacity were then compared with laboratory outcomes in Table 1. Even in this
case, it can be emphasized how both FE models (with vertical constant stress of 0.18 and 0.30
Mpa, respectively) satisfactorily reproduce the observed load capacities, since in both cases
the deviations between measured and predicted response were found to be no more than 13%.

8

G. Castori, M. Corradi and A. Borri

N° of
specimens
P-ND-18
P-ND-30

2
2

Vertical
stress
[Mpa]
0.18
0.30

Experimental in-plane
capacity
[kN]
157.3
184.7

Predicted in-plane
capacity
[kN]
180.0
200.0

Error of
the model
0.87
0.92

Table 1: Experimental vs predicted in-plane load capacities.

4

CONCLUSIONS

Despite block masonry wall constructions were very popular in Italy since the 1980s, their
seismic response was never really tested by a destructive earthquake before 2016 and,
therefore, little information is available about their failure mechanism or in-plane capacity.
Within this context, aiming at improving the data of actual codes and guidelines, a total of 4
full-scale unreinforced block masonry specimens were first fully characterized by shearcompression tests, afterwards the laboratory outcomes allowed calibrating FE-models. To this
end, accepting that interface between mortar joints and block units usually acts as a plane of
weakness and is, largely, responsible for the masonry inelastic behavior, a micro-modelling
strategy was used. Based on the results obtained from these analyses, the following
conclusions can be therefore stated:
The tests reported herein contribute to provide some relevant data of the seismic
response of hollow load-bearing block masonry. Specifically, compared with the
shear strength of other types of masonry (solid bricks, stonework, etc.), the hollow
block masonry in-plane response of the walls was very satisfactory, with high lateral
load capacities varying between 152 and 185 kN.
The inability of the vertical confinement to constitute a perfect constraint produced a
lack of symmetry in stress distribution between the two halves resulting from the
division of each specimen and in all cases the failure occurred in the lower half. More
specifically, following the opening of a predominant horizontal crack at the panel
mid-height, as soon as the principal tensile stress reaches the shear bond strength at
the block/masonry interface, stepped diagonal cracks develops (through bed and head
joints) along the compressed diagonals and the failure occurs.
Using FE models, based on a micro-modelling approach, showed an acceptable
procedure to predict the in-plane response of block masonry. The cracking patterns
observed experimentally were in good agreement with those predicted numerically.
Also, FE models satisfactorily reproduce the observed load capacities, since the
predicted values of ultimate shear capacity presented not more than 13% error.
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Summary. This paper presents an ongoing research on the evaluation of externally bonded
(EB) carbon-fiber reinforced polymer (CFRP) for the seismic retrofitting of reinforced
concrete (RC) beam-column connections. A series of identical real-scale specimens, with nonseismic steel reinforcement details, were designed according European standards (EC2) and
tested under reversed cyclic loading. The first specimen serves as a reference to understand
the behavior of internal RC beam-column connections. The second specimen is retrofitted
using EB-CFRP fabric prior to testing. CFRP retrofitting scheme is based on the observed
failure mode of the control specimen. Strengthening was designed and installed by Freyssinet
using CFRP fabric for flexural and shear strengthening with specific carbon anchorage system
to prevent early de-bonding of flexural strips. CFRP flexural strengthening consists of doublelayered FRP sheets applied on the surface of the beam and column. In addition, a CFRP
confinement (two, three or four strips) of the potential plastic hinge zone is installed and is
extended along the column and the beams to prevent shear failure. Increase of the maximum
load at failure (with a factor of 1.5) and the specimen ductility are expected. A specific
experimental setup allowing to perform oligo-cyclic test on real-scale RC specimen was
designed and is first precisely described. Finally, first results recorded on the reference
specimen are presented.
1 INTRODUCTION
Seismic reinforcement concerns a significant proportion of existing reinforced concrete
(RC) structures. In particular, retrofitting of buildings designed according to non-seismic
codes, should be considered when they are encountering heavy renovation and extension
construction works. Considering that the behavior of RC beam-column connections is critical
whenever the structure is subjected to seismic loadings, the enhancement of their flexural and
shear capacities is of great interest in the retrofitting process.
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Several strengthening techniques of beam-column joints are applied nowadays including
externally bonding (EB) of fiber-reinforced polymers (FRP). These composite materials have
proved their efficiency in many experimental studies1-3. They are extensively used in the
construction field. However, their contribution to the cyclic behavior of structural retrofitted
or rehabilitated assemblies is less known, especially at nonlinear stages. Therefore, innovative
repair solutions involving FRPs should be experimentally investigated prior to identify their
advantages and limitations in commercial application.
This paper discusses real-size test conducted on RC beam-column joints subjected to oligocyclic loadings up to failure. This is performed in the framework of Ilisbar project4, sponsored
by the French national research agency (ANR). An advanced carbon FRP (CFRP)
strengthening based on test’s results and observations is also presented.
2 CONFIGURATION OF EXPERIMENTAL TESTS
The study is part of a larger experimental campaign consisting of the testing of 4 RC beamcolumn interior joints subjected to oligo-cyclic loading inducing bending and shear in the
assembly. The first joint presented in this paper is the RC control specimen offering an
example of the “raw” behavior of RC structural member under seismic loading. The second
joint is seismically retrofitted with bounded carbon FRP (CFRP) sheets whereas the third and
fourth specimens are subjected to initial damage prior to rehabilitation with two different
CFRP reinforcement schemes. The two latter configurations are not addressed here.
2.1 Test specimens geometry
Real-scale RC beam-column interior joints were designed according to European standards
(Eurocode 2 – EC2), without taking into account the seismic recommendations. Specimens’
geometry is illustrated in figure 1. Each joint represents the intersection between one slab’s
principal beam and the corresponding upper column. Mid spans and height of usual structural
members are considered. The column above the connection has a 0.3m x 0.35m rectangular
section and a total length of 1.5m (without taking into account the height of the joint),
whereas the beams have a 0.3m x 0.4 m cross section. The total length of each primary beam
is 1.55 m (without taking into account the joint width) when transverse beam are 0.475m
long. The column under the connection as well as the secondary beam surrounding the
junction were added to simulate the continuity in the building. Additionally, the confinement
effect of transverse beam’s flexural reinforcement on the behavior of RC joints have been
reported in several studies3,5. Their dimensions are determined according to the minimum
embedment length of longitudinal steel reinforcement.
The latter was chosen to be symmetrical in the beams in order to consider a general case
study. Steel reinforcement design was determined according to the minimum and maximum
ratios established by the standards. Reinforcement details are presented in figure 2.
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Figure 1: Schematic view of beam-column joint specimens with applied loads and boundary conditions

Figure 2 : Details of steel reinforcement of beam-column joint specimens showing as well metallic plates used
to apply appropriate boundary conditions and loading (dimensions given in mm)

2.2 Materials properties and specimens construction
All the specimens were constructed in the laboratory. Steel rebars (B500B according to
European standards for reinforcement) were tied together in order to form identical
reinforcement cages. 6 specimens of each rebar diameter (8mm and 16mm) were tested
according to French standards for mechanical properties’ identification (NF EN ISO 6892-1,
NF EN ISO 15630-1). Results are recalled in table 1.

3

F. Rifai, J. Mercier, N. Kackowski, C. Bouiyed and M. Quiertant.

Bar diameter
[mm]

Yield strength
[MPa]

Tensile strength
[MPa]

Failure strain
[%]

8
16

589.8
526.8

639
600.6

3.46
6.5

Table 1: Material properties of steel reinforcements

The concrete was poured using type I Portland cement (CEM I 52.5 N CE CP2 NF Eqiom
Lumbres) in a water:cement:aggregate ratio of 0.55:1:5.2 by weight. The specimens were
poured in two phases: the lower column, the primary and transverse beams were cast first,
then, a week later, the upper column was poured. Since the capacity of laboratory mixer was
limited, specimens were cast by group of two. The 28-days compressive strength, Young’s
modulus and Poisson’s ratio of concrete were determined by conducting compression tests on
3 different cylindrical specimens of each batch according to French standards (NF EN 123903). Split test according to French standards (NF EN 12390-6) was performed on three
different specimens of the first fabrication in order to evaluate the tensile strength of concrete
mix. Results are summarized in the table below.
Compressive strength
[MPa]
49.87

Tensile strength
[MPa]
3.59

Young’s modulus
[GPa]
37.55

Poisson’s Ratio
[-]
0.132

Table 2: Mechanical properties of concrete

The CFRP strengthening system is made with flexible unidirectional fabric, having a surface
density of 350g.m-2, and a bi-component epoxy resin (Foreva EpxTFC). The main mechanical
properties of this system are a Young’s modulus of 105GPa and a tensile strength of
1700MPa.
2.3 Test setup and load history
This section describes the experimental setup developed in order to apply quasi-static
oligo-cyclic loading to the junction under constant axial compressive load applied to the
column, simulating seismic loading applied to a building in service. The setup is assembled
and fixed on a reaction slab of 10m x 60m, mechanically isolated from the rest of the
building. A reaction wall installed on the reaction slab is also used to fix the hydraulic jack
applying the cyclic loading. An overview of test configuration is presented in figure 3. The
experimental loading history applied to the first specimen is plotted in figure 4.
An axial load is first added to the junction in order to account for the gravity loads in a
residential building. This was applied to the column by the means of a closed frame consisting
of two high-strength steel rods stressed using two 1000kN hydraulic jacks. The contact
between the closed frame and the joint’s upper column (with hinge connection and centering
device) is accomplished by a displacement controlled loading up to 50kN. Beyond this value,
verified by a load cell placed on the top of the column, the application of axial force is loadcontrolled, slowly increased to the value of 500kN then kept constant during the tests. This
final value corresponds to almost 20% of concrete section compressive strength. The
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displacement-controlled loading sequence simulating seismic actions consists of three cycles
at a series of increasing displacement levels. The hydraulic jack used to apply those load
levels has maximum load and displacement capacities of 500kN and ± 250mm respectively. A
constant loading rate of 5mm/sec is respected as well as an increment of 5mm between
consecutive series (exceptions may apply for advanced displacement levels for duration issues
where the increment is equal to 10mm). A special assembly is used to ensure hinge-type
connection between the joint’s column and the actuator’s cylinder rod. The primary beams are
simply supported at their ends (roller supports on their upper and lower faces) whereas the
bottom of the column in hinged. Horizontal bracing elements are added to the setup in order
to increase its stiffness in the direction of lateral loading.

Figure 3: Mechanical setup for oligo-cyclic tests

Figure 4: Loading history of specimens

2.4 Prediction of failure mode
RC calculations were conducted according to European standards (EC2), assuming the
dimensions of RC sections, the steel reinforcement details and construction materials’
properties. Shear (Part 6.2 of EC2) and flexural (Part 6.1 of EC2) strength prediction, as well
as the corresponding lateral load applied on the joint, are summarized in the table below:
Element

Steel section
[cm2]

Column
(35cm x 30cm)
Primary beam
(40cm x 30cm)

8.04
(4ϕ16mm)
12.06
(6ϕ16mm)

Bending at failure
MRd
Lateral load
[kN.m]
[kN]

Shear at failure
VRd
Lateral load
[kN.m]
[kN]

120

86

119

119

124

107

160

200

Table 3: Predicted bending and shear capacities of RC joint
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Bending in column would be then responsible of RC joint’s failure. This failure mode is
confirmed by experimental results detailed hereafter.
4

EXPERIMENTAL RESULTS OF RC JUNCTION

4.1 Load-displacement experimental response
The hysteresis curve, describing load-displacement response of the end of the column
(where the lateral force in applied) at the third cycle of each displacement level, is shown in
figure 5. An exception is made for the last displacement level (D = ± 140 mm). At the latter
level, only two loading cycles were performed due to security measurements related to the
failure of one column longitudinal steel bar at the joint. Plotted data are those given by the
actuator’s load cell and LVDT sensor.
The positive side of the curve refers to push direction whereas the negative side refers to
pull direction. Push and pull behavior reveals slight dissymmetry due to some eventual
dissymmetry in the experimental setup. Maximum lateral forces attained are equal to 68.85kN
(at Δ = +65mm) and 81.68kN (at Δ = -70mm) in push and pull directions respectively. At the
end of the test, the applied lateral force was reduced to 36.09kN (loss of nearly 48% with
respect to maximum lateral force) and 56.59kN (loss of nearly 31% with respect to maximum
lateral force) in push and pull direction respectively.
4.2 General observations and failure mode
The specimen was examined at the end of each set of cycles (displacement level). At zero
load, photos of cracking patterns were taken. First, flexural cracks appeared in the
longitudinal beams. While their lengths increased with drift (lateral displacement imposed at
the end of the column) values (up to 60mm), their width did not significantly increase during
the test. Shear cracks initiated at the joint face appeared in transverse beams starting at drift
value of 45mm. These cracks developed significantly. Vertical cracks were also observed at
the beam-column joint since 40mm lateral displacement. They turned relatively wide and
continuous over the length of the joint starting 70mm displacement level. Flexural cracks
occurred at plastic hinge region of the upper column. Their opening was significant starting
75mm and spalling of concrete cover started at 80mm drift. Buckled longitudinal bar of the
upper column was totally revealed at 130mm at the face of the joint, without intentional
concrete hand removing. This bar failed at 140mm. Final failure pattern is shown in figure 6.
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Figure 5: Hysteric load-displacement response of RC joint

(a) West primary beam cracking pattern

(b) Joint at upper column – east
primary beam intersection

Figure 6: Cracking pattern and failure zone of RC joint at 140mm drift (end of the test)

3 CFRP STRENGTHENING TECHNIQUE
Following the experimental results on RC specimens, a strengthening technique aiming to
enhance both the flexural and shear capacities of the specimen was designed and applied by
Freyssinet & Cie. The flexural reinforcement consists of double-layered longitudinal strips
applied along the upper and lower face of the primary beams, near the connection and also
applied on two opposite faces of the column (see figures 7 and 8). CFRP confinement hoops
are added to enhance the bonding between these longitudinal fabrics and concrete surfaces, to
strengthen the connection and to prevent shear failure of the beams and/or of the column.
Moreover, factory-fabricated CFRP anchors are installed in the joint angle to resist out-ofplane loads.
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3.1 Retrofitting scheme
The strengthening details are presented in the following figure.

Figure 7: CFRP flexural strengthening

Figure 8: CFRP shear strengthening

The different steps of strengthening application are detailed successively. The first one
concerns surface and holes preparation. Concrete is grinded on the surface to be reinforced
with diamond disc for a high bonding on substrate. External square angles are grinded (1cm x
1cm chamfer) to avoid damage of the FRP composite. Holes are also drilled in the angles to
embed of CFRP anchorages (x2 per angle, each hole located at 10cm from the edge, 12mm
and 5cm depth). Photos of this strengthening stage are presented in figure 9.
Anchorage holes
Grinded
Surface
Square external
angles grinded
Figure 9: Surface and holes preparation for CFRP reinforcement

The second step is the application of flexural reinforcement. Foreva TFC/H is used for
flexural reinforcement (figure 7). 2 L-strips 300mm wide are applied on each branch. The
exact length is optimized for each strip to have the required adhesion on the substrate. Foreva
WFC 100 anchors are applied in the same process. Foreva Epx SC980 is used to fill holes
where anchor dowels are inserted. Then the anchor fans are stratified between two successive
layers. Application of flexural reinforcement is shown in figure 10.
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Hole resin
injection
2 layers
300 mm wide

Figure 10: Application of L-strip flexural CFRP reinforcement and installation of carbon anchor

The last step relates to confinement. Two overlapped Foreva TFC/H 300mm wide parallel
strips were then installed around the lower column, three around the upper column (near the
connection), and two around the primary beams (near the connection). An overlapping of
20cm long was ensured at the end of each strip. This step is presented in figure 11.
Final
result

20cm
Overlapping

Figure 11: Application of pier confinement of RC joint and final CFRP reinforcement view

3.2 Prediction of failure mode
Shear and flexural capacities of CFRP strengthened joint were predicted using FAGUS (a
tool of cubus engineering software for cross sections definition and analysis). Results, as well
as the subsequent horizontal loads applied, are summarized in table 9.
Tensile failure of CFRP fabric in the column due to bending at the joint would be then
responsible of strengthened RC joint’s failure. This mode will be checked by upcoming
experimental results.
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CFRP strengthening

Structural
element

Bending

Shear

Upper Column
(35cm x 30cm)
Lower Column
(35cm x 30cm)
Primary beams
(40cm x 30cm)

2 strips
(See fig.7)
2 strips
(See fig.7)
2 strips
(See fig.7)

3 x Double strips
300 x 1500mm2
2 x Double strips
300 x 1500mm2
2 x Double strips
300 x 1500mm2

Bending at failure
MRd
Horizontal
[kN.m]
load [kN]

Shear at failure
VRd
Horizontal
[kN]
load [kN]

185

132

223

223

170

147

300

390

Table 4: Predicted bending (with respect to CFRP tensile failure) and shear (with respect to RC section
and CFRP properties) capacities of RC retroffited joint (see table 4 for steel reinforcement details)
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CONCLUSION

An experimental setup is specifically designed in this study to conduct oligo-cyclic loading
(simulating seismic loading) on real-scale RC internal beam-column junctions under constant
axial vertical load (simulating service gravity loads in buildings). Experimental results of
control RC specimen showed the development of a plastic hinge in the upper column, at the
face of the connection. Concrete crushing and steel bars’ buckling were observed at advanced
imposed lateral displacement. Based on that, a specific EB-CFRP strengthening scheme was
proposed. Its contribution to the oligo-cyclic behavior on RC internal connection will be
shortly experimentally identified. Numerical simulations with finite element calculations are
being currently developed for detailed analysis of connections’ behavior.
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Summary. In the context of three-dimensional elastic frame structures analysis with small
strains and in the presence of large rotations we present a computationally effective model for
the Timoshenko beam element. Actually the kinematical and strain measures of the beam
element are completely defined by referring only to boundary nodal displacements and one
finite rotation parameter. The description of the finite three-dimensional rotations is well posed
under widely applicable hypotheses and all used variables are additive in the incremental
solution procedures. Analyses of complex spatial dome structures have been carried out to
validate the developed technique.
1 INTRODUCTION
Considerable work has been devoted to develop models for three-dimensional elastic frame
structures for small strains and in the presence of large rotations. In this context the corotational, with minimal set parametrizations and multiplicative representations of rotations, is
the most widely used approach. Indeed, the large-scale calculations required by these
formulations have encouraged efficient treatments of the finite rotations. The evolution of the
co-rotational approach can be traced by referring to the works of Stuelpnagel [1], Belytschko
and Hsieh [2], Argyris [3] , Cardona and Geradin [4], Atluri and Cazzani [5], Li and Vu-Quoc
[6], Le et al. [7].
An alternative approach, already used by adopting a Euler-Bernoulli beam model [8], now
proves to be a computationally effective approach if adapted to the Timoshenko beam theory.
Actually, kinematical and strain measures of the beam element are completely defined by
referring to boundary nodal displacements and one finite rotation parameter. In particular, the
director along the axis of the beam is defined directly by nodal positions while directors along
the principal axes of the cross-section are detected by referring to the related orthogonal plane
and the single used rotation parameter. The definition of local rotations, required for the
evaluation of torque and flexural deformation components, is obtained by imposing rotational
compatibility and equilibrium conditions across inter-element boundaries. The description of
the finite three-dimensional rotations is well posed under widely applicable hypotheses. Finally,
vectorial variables being employed to replace traditional angular rotational variables, the
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presented formulation takes advantages in calculating the element tangent stiffness matrix
As the infinitesimal nodal rotations are computed by vectorial operations among the adjacent
elements, such a formulation requires the extra storage of an integer matrix for the node connected elements recognition. These connections, furthermore, lead to complex
programming for the imposition of rotational boundary conditions and linked applied moments.
In contrast, by retaining similar approximation properties, the discretization uses one rotational
unknown for each element instead of the three required by the classical approaches.
Consequently, reduced dimensions of elemental force vector and tangent stiffness matrix are
obtained. We note that also simple nodal based assembling procedures can be implemented.
As regards beam element modeling, here we use a small strain - finite displacement
formulation of a two-node finite element based on the Timoshenko beam theory. The actual
configuration of the element is rigidly translated and rotated, and deformed according to linear
interpolations for local displacements and rotations. The nonlinear motion is recovered by
referring to the nodes at the boundaries of the element with three unknown displacements per
node plus one unknown rotation per element.
The paper is set out in the following way. In Section 2 we describe the update treatment of
finite displacements by nodal positions and the single used rotation parameter. In Section 3 we
define the kinematics of the beam element and the related energetic quantities are evaluated.
Section 4, after defining the treatment of applied moments and boundary conditions, contains
the description of the updated procedure and solution algorithm. Numerical examples that
compare the presented formulations with the classical rotation vector based parametrization are
presented in Section 5. Final conclusions are drawn in Section 6.
2 TREATMENT OF FINITE ROTATIONS
In the following, we denote with Greek indices the components of vectors and matrices while
Latin indices are reserved for nodes and element identification. Let 𝐠 α ={g αβ } and 𝐠̂ α ={ĝ αβ }
be, respectively, the actual and the initial configuration of three unit mutually orthogonal
vectors in the inertial reference basis 𝐤 α ={𝑘αβ }={𝛿αβ }, where 𝛿αβ is the Kronecker delta. Then,
̂=[𝐠̂1 |𝐠̂ 2 |𝐠̂ 3 ] links 𝐠̂ α and 𝐤 α vectors by 𝐠̂ α =𝐆
̂𝐤 α while 𝐆=[𝐠1 |𝐠 2 |𝐠 3 ] maps 𝐤 α into 𝐠 α
matrix 𝐆
vectors by 𝐠 α =𝐆𝐤 α .
̅(𝑘) ,
To obtain the updated treatment of rotations we refer to the 𝐠 α(𝑘) =𝐆(𝑘) 𝐤 α , 𝐆(𝑘) =𝐄(𝑘) 𝐆
expression for the actual configuration of the 𝐠 α orthonormal triad at the k-th step. Vectors
𝐞α(𝑘) defining 𝐄=[𝐞1|𝐞2 |𝐞3 ] represent the incremental rotation from the 𝐠̅ α(𝑘) previously
∗ ̅
̅(𝑘+1) = 𝐄(𝑘)
computed configuration. The subsequent k+1 step refers to the 𝐆
𝐆(𝑘) updated
∗
configuration with the 𝐞α(𝑘) established configuration of 𝐞α . The process is initialized by
̅(0) =𝐆
̂.
𝐆
Classically, the treatment of rotations is based on the recursive composition
̅(𝑘) 𝐠̂ α , 𝐄(𝑘) =𝐄(𝛙(𝑘) ), where 𝜓α components of 𝜓 are the unknown rotation
𝐠 α(𝑘) =𝐄(𝑘) 𝐆
parameters. Following the description given before, 𝐄(𝑘) is the incremental rotation matrix
̅(𝑘) =𝐆
̅(𝑘) (𝛙
̅ (𝑘) ) maps
which maps the updated frame 𝐠̅ α(𝑘) into the actual frame 𝐠 α(𝑘) while 𝐆
the initial frame 𝐠̂ α into the updated frame 𝐠̅ α(𝑘) . Based on the rotation vector 𝛙=φ𝝓, 𝝓𝑇 𝛟=1,
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of the Euler theorem to describe finite rotations, a representation of rotation operators is:
𝐆(𝛙) = 𝐈 +

sinφ
φ

𝛙× +

1−cosφ
φ2

𝛙× 𝛙× ,

(1)

where 𝐈 is the identity matrix. In (1) 𝛙× = Skew(𝛙) denotes the skew symmetric tensor obtained
by the components of vector 𝛙. The 𝛙=axial(𝛙× ) is the converse operation that extracts the 𝛙
vector from the skew symmetric tensor 𝛙× . In the use of the rotation vector by the (1)
representation the solution of the inverse 𝛙G =G−1 (𝐆) problem is required. By referring to the
established configuration 𝛙∗(𝑘) , the updated configuration is achieved in the subsequent k+1
∗ ̅
̅(𝑘+1) = 𝐆(𝛙G ). The process is initialized by 𝐆
̅(0) = 𝐈.
step as 𝐆 = 𝐄(𝑘)
𝐆(𝑘) , 𝛙G =𝑮−1 (𝐆), 𝐆
In the presented finite rotations formulation make respectively 𝐮𝑖 and 𝐮𝑗 displacement
vectors at the i and j boundary nodes of the element with length h, while discrete operators s
and d are defined by su=(𝐮𝑖 + 𝐮𝑗 )/2 and du=(𝐮𝑗 − 𝐮𝑖 )/h. Then, by evaluating the vector
connecting the i and j nodes, we refer to
𝐩1 = 𝑑𝐮 + 𝐠̂1 ,

𝐩

𝐠̌1= ‖𝐩1 ‖,

(3)

1

for the first actual vector of the orthonormal basis. By referring to the updated unit vector 𝐠̅ 2
we define the vector
𝐩2 = 𝐠̅ 2 − (𝐠̌1𝑇 𝐠̅ 2 )𝐠̌1 ,

𝐩

𝐠̌ 2= ‖𝐩2 ‖,
2

𝐠̌ 3 = 𝐠̌1 × 𝐠̌ 2

(4)

̌=[𝐠̌1 |𝐠̌ 2 |𝐠̌ 3 ] is orthonormal and coincides with the principal axes of the
such that the basis 𝐆
beam element. The additional rotation in the reference space characterized by the angle r about
the 𝐠̌1 axis
𝐆𝑟 = 𝐈 + sin𝑟𝐠̌1× + (1 − cos𝑟)𝐠̌1× 𝐠̌1×

(5)

̌ that links 𝐠 α and 𝐤 α vectors.
now completes the definition of the rotation operator 𝐆 = 𝐆𝑟 𝐆
We note that, in the definition of the 𝐠̌ 2 vector in (4), the vectors 𝐠̌1 and 𝐠̅ 2 have to form a
linearly independent set. However this is not an actual limitation for the incremental rotation
𝐄(𝑘) . Furthermore, rotation 𝐆𝑟 defined in (5) preserves the linearity of the vector space
operations because it has as axis of rotation the component 𝐠̌1 = 𝐠1 of 𝐆.
3

KINEMATICS AND ENERGETIC QUANTITIES OF THE BEAM ELEMENT

Let x be the referential coordinate along the beam element centerline with boundary nodes
i and j respectively in x=-h/2 and x=+h/2. Along the beam centerline the displacement vector
u(x) and the three orthonormal vectors 𝐠1 (x), 𝐠 2 (x) and 𝐠 3 (x) are defined in the global inertial
frame of reference 𝐤 α where, as previously stated, director vectors 𝐠 2 and 𝐠 3 are along the
principal axes of inertia of the cross-section.
In the beam element, global displacement vector u(x) is composed of rigid and deformation
components. In particular, we refer to the 𝐮
̅ (x) rigid displacements defined in the initial frame
̃ (x)={𝜑̃𝑖 (x)} rotations
of reference while the deformation 𝐮
̃ (x)={𝑢̃𝑖 (x)} displacements and 𝛗
are defined in the local rigidly rotated frame of reference. The deformation kinematics is
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assumed by the linear interpolations 𝑢̃1 =εx, 𝑢̃2 =γ2 x, 𝑢̃3 =γ3 x, for displacements
and ̃
𝜑1 =θx, 𝜑̃2 =χ2 x, 𝜑̃3 =χ3 x, for torque and flexural rotations. In the following we refer to
the definitions 𝛆𝑇 = {ε, γ2 ,γ3 } and 𝛘𝑇 = {θ, χ2 ,χ3 } for the deformation vectors.
Based on the above definitions local rotations and director components are now linked by
the vectorial operation
(8)

̃ × (x)).
𝐆(x)=𝐆(𝐈 + 𝝋

We note that the first order accuracy of the (8) representation leads to local evaluations
consistent with the small strains hypotheses. By evaluating (8) relation for x=-h/2 and x=+h/2,
respectively in the i, j, element boundary nodes, we have
ℎ

ℎ

𝐆𝒊 =𝐆 (𝐈 − 2 𝝌× ),

(9)

𝐆𝒋 =𝐆(𝐈 + 2 𝝌× ),

where local rotation definitions have been taken into account.
Furthermore, by referring to u𝑖𝑜 = u𝑖 (0) we now obtain rigid and deformation components
in the initial frame of reference by 𝑢̅𝑖 (x)=u𝑖𝑜 +x(g1𝑖 − ĝ1𝑖 ), and 𝑢̃𝑖 (x)=x(𝜀g1𝑖 + γ2 g 2𝑖 +
γ3 g 3𝑖 ), respectively. Then, in the vectorial notation, the motion of the x point is described as
u(x)= 𝐮𝑜 +x(𝐠1 − 𝐠̂1 ) +x(𝜀𝐠1 + γ2 𝐠 2 + γ3 𝐠 3 ).

(12)

Also here, by evaluating relation (12) for coordinates at the boundary nodes, and by using
orthonormality of the directors, we deduce that 𝐮𝑜 =su is the central point displacement and
𝜀=𝐠1𝑇 𝐩1 − 1,

γ2 =𝐠 𝑇2 𝐩1 ,

γ3 =𝐠 𝑇3 𝐩1 ,

(13)

are the expressions of the axial and shear deformations in the 𝛆 definition as a function of nodal
displacement and director components. Then, by denoting with 𝐃 = 𝐝𝐢𝐚𝐠[EA,GA,GA] the
elastic constitutive matrix of axial and transverse stiffness, we can write the following
expression for the related component of the elastic energy functional 𝑈𝜀𝑒 =½ℎ𝑒 𝛆𝑇𝑒 𝐃𝛆𝑒 of the
current e element.
We now consider the generic case of more p elements connected to the m element at the n
node. The compatibility relations computed in the following are valid for each m-p couple of
𝑇 ̂
̂𝑚
̂𝑚𝑝 = 𝐆
elements. Let, furthermore, 𝐏
𝐆𝑝 be the rotation matrix that carries out the
representations of vector respectively in the 𝐠̂ 𝑝α basis with respect to 𝐠̂ 𝑚α . By referring to the
𝛗𝑚𝑛 and 𝛗𝑝𝑛 nodal local rotations and by using relations (9), the rotational compatibility
condition at the n node, is obtained by making
𝑇
𝑇
𝑇
̂𝑚𝑝 = (𝐈 + 𝝋𝑚𝑛× )𝑇 𝐆𝑚
𝐆𝑚𝑛
𝐆𝑝𝑛 = 𝐏
𝐆𝑝 (𝐈 + 𝝋𝑝𝑛× ) = 𝐆𝑚
𝐆𝑝 +

ℎ𝑝 𝑇
ℎ𝑚 𝑇
𝑇
𝝌𝑚𝑛× 𝐆𝑚
𝐆𝑝 + 𝐆𝑚
𝐆𝑝 𝝌𝑝𝑛×
2
2

and then
𝑇
𝐆𝑚
𝐆𝑝 −

ℎ𝑚
2

̂𝑚𝑝 + ℎ𝑝 𝐏
̂ 𝝌
̂𝑚𝑝 .
𝝌𝑇𝑚𝑛× 𝐏
=𝐏
2 𝑚𝑝 𝑝𝑛×

(14)

Also here, we note that the first order accuracy used in the (14) equation leads to local
ℎ
evaluations consistent with the small strains hypotheses. From (14) we obtain 2𝑚 𝝌𝑚𝑛× =-
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ℎ𝑝
2

𝑇
𝑇
𝑇
̂𝑚𝑝 𝝌𝑝𝑛× 𝐏
̂𝑚𝑝
̂𝑚𝑝
𝐏
+𝐆𝑚
𝐆𝑝 𝐏
- 𝐈 that implies
ℎ𝑚
2

𝝌𝑚𝑛 = −

ℎ𝑝
2

(15)

𝑇
𝑇
̂𝑚𝑝 𝝌𝑝𝑛 + 𝐚𝐱𝐢𝐚𝐥(𝐆𝑚
̂𝑚𝑝
𝐏
𝐆𝑝 𝐏
− 𝐈).

𝑇
𝑇
̂𝑚𝑝
In (15) the local rotation 𝝑𝑚𝑝 = 𝐚𝐱𝐢𝐚𝐥(𝐆𝑚
𝐆𝑝 𝐏
− 𝐈) is implicity defined connecting directly
the 𝐠 𝑚α and 𝐠 𝑝α bases. Then we can evaluate at the first order:
𝟏 𝑇
̂𝑚𝑝 (−ℎ𝑚 𝝌𝑚𝑛 + 2𝝑𝑚𝑝 ),
𝝌𝑝𝑛 = ℎ 𝐏
𝑝

(16)

∀𝑝.

We note that rotation 𝝑𝑚𝑝 is a function of the assumed nodal displacements and elemental
rotations unknowns related to the m and p elements.
To recover expressions for the rotational deformations in the 𝝌𝑚𝑛 definition we now impose
equilibrium equations at the nodes. Twisting and bending moments 𝐦α at the n node due to the
m element can be expressed by 𝒎𝑚𝑛α = 𝐻𝑚αα 𝜑𝑚𝑛α,ξ 𝒈𝑚𝑛α . Here we denote with 𝑯 =
𝐝𝐢𝐚𝐠[𝐺𝐽1 , 𝐸𝐽2 , 𝐺𝐽1 ] the elastic constitutive matrix of torsional and bending stiffnesses about the
principal axes. With 𝒎𝑛 the applied vector moment at the n node, the related equilibrium
equation is 𝒎𝑚𝑛 = 𝒎𝑛 + ∑𝑝 𝒎𝑝𝑛 , with 𝒎𝑚𝑛 = ∑α 𝐻𝑚αα 𝜒𝑚𝑛α 𝒈𝑚𝑛α and 𝒎𝑝𝑛 =
∑α 𝐻pαα 𝜒𝑝𝑛α 𝒈𝑝𝑛α . For clarity of presentation, in the following we refer to the case 𝒎𝑛 = 𝟎.
Then, for the β component of equilibrium equation we have 𝐻𝑚ββ 𝝌𝑚𝑛β =
∑p,α 𝐻pαα 𝝌𝑝𝑛α 𝒈𝑇𝑚𝑛β 𝒈𝑝𝑛α . Therefore at the first order, by simple computations we obtain:
̂𝑚𝑝 𝑯𝑝 𝝌𝑝𝑛 .
𝑯𝑚 𝝌𝑚𝑛 = ∑𝑝 𝐏

(17)

By inserting compatibility conditions (16) in the (17) relation we have:
ℎ
2
𝑇
𝑇
̂𝑚𝑝 𝑯𝑝 𝐏
̂𝑚𝑝
̂𝑚𝑝 𝑯𝑝 𝐏
̂𝑚𝑝
𝑨𝑚𝑛 𝝌𝑚𝑛 = ∑𝑝 𝑨𝑚𝑝 𝝑𝑚𝑝 , 𝑨𝑚𝑛 = 𝑯𝑚 + ∑𝑝 ℎ𝑚 𝐏
, 𝑨𝑚𝑝 = ℎ 𝐏
.
𝑝

𝑝

In a similar way, in the dual case of more m elements connected to the p element at the n node,
we have:
ℎ𝑝
2
𝑇
𝑇
̂𝑝𝑚 𝑯𝑚𝑝 𝐏
̂𝑝𝑚
̂𝑝𝑚 𝑯𝒎 𝐏
̂𝑝𝑚
𝑨𝑝𝑛 𝝌𝑝𝑛 = − ∑𝑚 𝑨𝑝𝑚 𝝑𝑝𝑚 , 𝑨𝑝𝑛 = 𝑯𝑝 + ∑𝒎 𝐏
, 𝑨𝑝𝑚 =
𝐏
ℎ𝑚

ℎ𝑚

𝑇
̂𝑝𝑚
where 𝝑𝑝𝑚 = 𝐚𝐱𝐢𝐚𝐥(𝐆𝑝𝑇 𝐆𝑚 𝐏
− 𝐈). Then, by the these definitions of the local rotations we
can obtain the computation of the rotational element beam deformations as a function of the
assumed unknowns. We note that the 𝑨 matrices are defined by fixed quantities of the problem.
Therefore such matrices can be computed, for each node, at the preprocessing procedure.
Then, in the generic e element the 𝝌𝑒𝑖 and 𝝌𝑒𝑗 deformations are defined. These deformations,
at the first order, can be seen as the same approximation of the elemental deformation 𝝌𝑒 .
Therefore, by referring to the given definitions of 𝝌 vectors and 𝑨, we can write the following
expressions for the related moments and elastic energy functionals. In particular, now by
denoting with m,n and p,q the indices of the 𝑚
̅ and 𝑝̅ elements connected to the considered e
element respectively at the i and j the boundary nodes and by implicit definition of the 𝑩 and 𝑪
matrices, we have:
̅
𝑚

̅
𝑚

𝑚

𝑚

𝒎𝑒𝑖 = 𝑯𝑒 𝝌𝑒𝑖 = −𝑯𝑒 ∑ 𝑨−1
𝑒𝑖 𝑨𝑒𝑚 𝝑𝑒𝑚 = −𝑯𝑒 ∑ 𝑩𝑒𝑚 𝝑𝑒𝑚
and
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𝑝̅
𝒎𝑒𝑗 = 𝑯𝑒 𝝌𝑒𝑗 = −𝑯𝑒 ∑𝑝̅𝑝 𝑨−1
𝑒𝑗 𝑨𝑒𝑝 𝝑𝑒𝑝 = −𝑯𝑒 ∑𝑝 𝑩𝑒𝑝 𝝑𝑒𝑝 ,
for moments, while
̅
̅
𝑚
𝑚
1 ℎ𝑒 𝑇
ℎ𝑒
ℎ𝑒
𝑈𝑒𝑖𝝌 =
𝒎𝑒𝑖 𝝌𝑒𝑖 = ∑ 𝝑𝑇𝑒𝑚 𝑩𝑇𝑒𝑚 𝑯𝑒 𝑩𝑒𝑛 𝝑𝑒𝑛 = ∑ 𝝑𝑇𝑒𝑚 𝑪𝑒𝑚𝑛 𝝑𝑒𝑛
22
4
4
𝑚,𝑛
𝑚,𝑛
and
𝑝̅
𝑝̅
1 ℎ𝑒 𝑇
ℎ𝑒
ℎ𝑒
𝑈𝑒𝑗𝝌 =
𝒎𝑒𝑗 𝝌𝑒𝑗 = ∑ 𝝑𝑇𝑒𝑝 𝑩𝑇𝑒𝑝 𝑯𝑒 𝑩𝑒𝑞 𝝑𝑒𝑞 = ∑ 𝝑𝑇𝑒𝑝 𝑪𝑒𝑝𝑞 𝝑𝑒𝑞
22
4
4
𝑝,𝑞
𝑝,𝑞
for torque and flexural components of the energy functional. From the implementation point of
the view, connections at the i node of the element are carried out by repeating 𝑚
̅ times the
assembling of internal force vectors and stiffness matrices for each m connected element. The
same procedure must be repeated for the 𝑝 ≤ 𝑝̅ elements related to the j node. From the above
expressions we note that a node based procedure of assembling can also be implemented.

4 BOUNDARY CONDITIONS, UPDATED PROCEDURE AND SOLUTION
SCHEME
Boundary conditions imposition implies a case depending on the implementation of the
solution process. In effect, conditions involving rotations and moments given at boundary nodes
are imposed by specializing related elements by following the formulation described in Section
3 because we have worked without nodal global rotations. Furthermore, note that only the
external work of forces can be defined in the described formulation so that moments can be
modelled as forces following the motion of points of the beam element. By referring to a vector
𝒎𝑛 be the spatially fixed moment applied in the n node of the e element and 𝒈𝑒𝑛α the related
nodal basis we proceed as described in [9].
For each step of the predictor-corrector algorithm for the equilibrium curve individualization
displacements and rotation must be updated. In the classical rotational vector based formulation,
with the presence of a multiplicative procedure, such an updating phase also has to carried for
each Newton step. As is well known, displacements are updated by the simple addition of the
correction values and rotations by composition of the related operators. Here composition of
̌ that links actual 𝒈α and reference 𝒌α
rotation operators is made through expression 𝐆 = 𝐆𝑟 𝐆
basis. We note that in the 𝐆𝑟 definition only the r parameter is used as a rotation about the given
̌ operator,
𝒈1 axis. Then r is updated by adding this correction directly. Definition of the 𝐆
finally, is based on the displacements of the nodes and on the last evaluated 𝒈2 vector as 𝐠̅ 2
director in the (4) computation.
The definition of equilibrium equations is based on the classical stationary problem for the
energy functional. Because a multiplicative approach is used here, admissible variational
formulation and linearization must be carried out at the solution point in respect to the 𝛿𝐆 =
𝛿𝝋× 𝐆 consistent condition, where 𝛿𝝋 is the spatial component of the angular variation. A
predictor-corrector scheme as described in [10] for the equilibrium path individualization is
used in the analysis.
5

NUMERICAL EXAMPLES
Some numerical tests have been carried out with the suggested algorithm. The presented
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seven elemental unknowns formulation (P), based on nodal displacements and one rotational
value, has been compared with the classical twelve elemental unknowns formulation (RV),
based on the rotational vector in the (1) representation. Predictor-corrector steps are
̅𝑖𝑡 target iteration
characterized by the use of Newton's method as corrector with several 𝑁
counts. Tables report the number (steps) of predictor-corrector steps, the (𝑁𝑚 ) mean value of
the number of Newton iterations in the steps and the (t) CPU time (s) spent on the whole
analysis. In all tests the initial solution point is (𝒒(0) , 𝜆(0) )=(0,0) while 𝜆(1) initial 𝜆-increments
are assigned. Traversing a given displacement component or load parameter value is adopted
as the stopping criteria of the continuation analysis. Several refinement levels of the mesh
obtained by using 𝑁𝑒 elements are also tested.
When compared to reference results convergence is verified by the estimated equilibrium
̅𝑖𝑡 =3,4,5 for the
paths computed by P and RV like formulations. In the tests the typical values 𝑁
extrapolations phase are used. From the resulting behaviour of the Newton iterations, however,
̅𝑖𝑡 =5 is almost a limit value for the predictor steps evaluation. In effect, for such
we note that 𝑁
a value, 𝑁𝑚 ≈ 4.5 denotes that several divergences in the corrector steps or excessively long
predictor steps occur before the analysis is completed.
5.1 Framed dome
The equilibrium curve of the framed dome shown in Figure 1 and analyzed in Battini [11],
Kouhia and Tuomala [12], was calculated with both P and RV approaches. The 𝜆-𝑤c vertical
load parameter - vertical displacement of the central point curves was computed until the 𝜆=200
value and displayed. By assuming ε=0 or ε=0.01 two different behaviours of the structure have
been considered. The dome was modelled using 𝑁𝑚𝑏 =6,10 elements for each member, i.e. a
total of 18𝑁𝑚𝑏 elements. In Figure 2 the fundamental path and the secondary path branching
out at the lowest bifurcation point are also displayed. Significant deformed configurations are
shown in Figure 3 for both loadings. In particular, the perfect case (a) is characterized by a
symmetric behaviour while the post-buckling mode (b) is a rotation around the central vertical
axis. Computational performances for the perfect and imperfect case are reported in Table 1
and in Table 2 respectively.

Figure 1: Framed Dome problem definition
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Figure 2: equilibrium paths for concentrated external force

Figure 3: deformed configurations
𝑁𝑒
̅𝑖𝑡 (𝜆(1) )
𝑁
steps
𝑁𝑚
t
steps
𝑁𝑚
t

6
3 (20)

4 (20)

5 (30)

10
3 (20)

4 (20)

5 (30)

132
3.000
139.9
146
3.000
486.7

34
3.824
47.6
36
3.833
162.0

15
4.267
23.1
15
4.133
77.1

147
3.000
759.7
144
3.000
2429.

35
3.829
228.0
37
3.838
821.1

15
4.267
107.4
15
4.267
354.3

P-formulation

RV-formulation

Table 1: concentrated force, perfect case: computational characteristics for the P and RV based formulations
𝑁𝑒
̅𝑖𝑡 (𝜆(1) )
𝑁
steps
𝑁𝑚
t
steps
𝑁𝑚
t

6
3 (20)

4 (20)

5 (30)

10
3 (20)

4 (20)

5 (30)

220
3.005
241.8
251
3.016
851.7

48
3.917
69.8
61
3.918
258.8

22
4.591
37.5
23
4.565
115.0

217
3.005
1091.
246
3.016
4144.

49
3.918
319.3
62
3.935
1334.

21
4.524
157.5
23
4.565
571.0

P-formulation

RV-formulation

Table 2: concentrated force, imperfect case: computational characteristics for the P and RV based formulations
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For the same structure a different shape of the external force was also considered. Here all
points at the intersections of beam members are subjected to a vertical external force 𝜆. In
Figure 4 the fundamental path and the secondary path branching out at the lowest bifurcation
point are displayed with the analysis stopped when the value 𝜆=80 was reached. Also here the
perfect case is characterized by a symmetric behaviour while the post-buckling mode is a
rotation around the central vertical axis. Computational performances for the cases without and
with applied force imperfection are now reported in Table 3 and in Table 4 respectively.

Figure 4: equilibrium paths for distribuited external force
𝑁𝑒
̅𝑖𝑡 (𝜆(1) )
𝑁
steps
𝑁𝑚
t
steps
𝑁𝑚
t

6
3 (10)

4 (10)

5 (15)

10
3 (10)

4 (10)

5 (15)

134
3.030
146.8
156
3.205
576.4

44
3.795
61.7
53
3.849
218.2

26
3.033
39.7
25
4.200
121.6

135
4.019
693.0
159
3.266
2974.

43
3.767
268.2
52
3.827
1147.

25
4.120
172.1
25
4.200
617.6

P-formulation

RV-formulation

Table 3: distributed force, perfect case: computational characteristics for the P and RV based formulations
𝑁𝑒
̅𝑖𝑡 (𝜆(1) )
𝑁
steps
𝑁𝑚
t
steps
𝑁𝑚
t

6
3 (5)

4 (5)

5 (10)

10
3 (5)

4 (5)

5 (10)

136
3.081
151.3
199
3.106
695.9

62
3.823
88.3
73
3.849
311.5

29
4.379
45.8
29
4.414
139.7

135
3.081
680.4
194
3.103
3254.

63
3.825
411.6
82
3.854
1767.

29
4.379
209.6
31
4.548
792.9

P-formulation

RV-formulation

Table 4: distributed force, imperfect case: computational characteristics for the P and RV based formulations
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CONCLUSIONS
In the hypothesis of large displacements and rotations and small strains, a technique to
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analyze the behaviour of three-dimensional finite element beam frames has been presented. By
adopting the Timoshenko beam model, a computationally effective beam element is obtained
because kinematical and strain measures are completely defined by referring to boundary nodal
displacements and only the one finite rotation parameter. The treatment of rotational boundary
conditions and external moments proves to be more complex with respect to the typical
formulations used in co-rotational frameworks. Nevertheless, the description of the finite threedimensional rotations is well posed under widely applicable hypotheses, and the analysis of
complex spatial dome structures, where matrices of large dimension and bandwidth occur,
involves a significant reduction in the CPU time with respect to the classical approaches.
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Summary. Extreme events may cause local damage to building structures, and this can be most
serious when one or more columns fail. Several studies were carried out for the failure of
interior or end columns. The major advances in this direction come from numerical studies and
testing of scaled substructures. However, some of the alternative load paths can not be evaluated
by testing substructures. In this study, a complete and real-scale RC building structure was
carried out by ICITECH of the Universitat Politècnica de València to assess its progressive
collapse behaviour under corner-column failure scenarios without and with the consideration
of infill masonry walls. Before testing, as a reference for the experimental tests, a finite element
model was developed in ABAQUS considering a dynamic analysis and material and
geometrical non-linearities. This paper analyses the results predicted by the numerical
simulation (alternative load paths, displacements and damage of the RC structure) and shows
some preliminary results of the tests..
1 INTRODUCTION
Extreme events (i.e. terrorist attacks, vehicle impacts, explosions, etc.) may cause local
damage to building structures, and this can be most serious when one or more columns fail,
leading to the progressive collapse of the entire structure or a large part of it [1]. Since the
beginning of the 21st century there has been growing interest in the risks derived from extreme
events, especially after the attacks on the Alfred P. Murrah Federal Building in Oklahoma in
1995 and on the World Trade Center in New York in 2001. The accent now is on achieving
resilient buildings that can arrest progressive collapse after such an event, especially when they
form part of critical infrastructures, have a large number of occupants, or are public buildings
(e.g. hospitals, shopping centers, theaters, etc.), with the intention of preventing injuries and
deaths [2–6].
To date, several studies have been carried out where the failure of interior or end columns
have been studied [7–9]. However, the failure of corner columns has hardly been addressed,
despite the vulnerability and major probability of an eventual progressive collapse triggered by
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a corner-column failure:
 In a building structure, corner columns are the most exposed to extreme events, such
as those due to terrorist attacks, vehicle impacts, or extreme environmental actions.
 The most advanced current standards consider corner columns as critical elements,
whose sudden failure must be evaluated in the design phase of the structure.
 When a corner column fails, it is more difficult to find alternative loading paths.
The greatest advances in this direction come from numerical studies and testing of scaled
substructures in the laboratory (e.g. [10,11]). However, some of the alternative load paths can
not be evaluated by testing substructures, and results from numerical simulations are not reliable
without the contrast with experimental and real results.
The research partially presented in this conference paper aims to fill the existing gap. In this
study, dynamic and non-linear numerical models were performed to predict the behaviour of an
experimental test. This test consisted of a real 3D building structure carried out by the ICITECH
of the Universitat Politècnica de València (UPV). In this way, the novelty of the research and
this conference paper remains in: i) the assessment under real conditions of any alternative load
path against corner-column failure scenarios, ii) the use of an extensive monitoring system
during test, and iii) the performance of the test under the accidental load combination prescribed
by the codes as a real method for assess the dynamic performance and the effects under real
conditions of load (it is worth to note that dynamic effects depends on the level of damage).
This study also includes an analysis of the influence of infill walls to arrest the progressive
collapse of RC structures in corner-column failure scenarios.
2

A BRIEF DESCRIPTION OF THE BUILDING AND TESTS

A real-scale RC building was designed with only research purposes. This building had two
floors of 2.8m height, four bays with 5.0m span length, flat-slabs 20cm thick and columns of
30x30cm2. Prescriptions of Eurocode 2 [12] were adopted and a category of use corresponding
to high occupancy buildings (C1, C2 o C3) [13] was chosen. In addition to the self-weight of
the structure, a dead load of 2kN/m2 and a uniformly distributed live load of 3kN/m2 were
considered in the design of the structure.

Figure 1: 3D view of the design.

The building, under accidental actions, was verified following EC-1, part 1-7 [2], for a
consequence class 2b (Upper Risk Group). At this point, the building was designed using the
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simplified methodology of the tying forces and elements (horizontal and vertical ties). A
discussion about the origins and the validity of the tying simplified methodology is discussed
in [6]. As a result, the design of the building was only slightly modified with respect to the
design without accidental actions. This is a common trend when considering flat-slabs, as
pointed out in [6]. Fig. 2 shows an example of horizontal ties working after an internal-column
loss.

Figure 2: Example of horizontal ties working after and internal-column loss.

Two experimental tests for two different failure scenarios were considered in this study. In
both cases, a corner-column loss was considered, selecting two opposite corners columns to
avoid the influence of a damaged structure in the second test. These columns were steel-based
(HE-300B profile) prepared with a mechanism to reproduce a sudden failure. Only the structure
of the building was tested for the first failure scenario, whereas infill masonry walls were also
introduced for the second failure scenario. These masonry walls were only reproduced in the
first floor and in those modules with more influence in the defined corner-column failure
scenario. Fig. 3 and Fig. 4 show the real building prepared for the first and the second failure
scenarios, respectively.

Figure 3: Building and definition of the first failure scenario.
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.
Figure 4: Building and definition of the second failure scenario.

Finally, and before testing the structures without and with infill masonry walls, the building
was verified using the alternative load path method with the notional removal of the cornercolumns selected (See Section 3). Experimental and predicted numerical results are presented
in Section 4. The latter were used as a reference during the tests.
3

FINITE ELEMENT MODEL

A nonlinear dynamic finite element (FE) analysis was carried out in this work using
ABAQUS Software [14] and considering material and geometrical non-linearities. The FE
model included the RC structure, those steel columns prepared for the failure scenarios and the
infill masonry walls (only in the second failure scenario).
RC and steel columns were modelled as BEAM elements (B33) with an elastic behaviour,
considering that cracking in the concrete columns should be reduced. SHELL elements (S4R)
were used for flat slabs and the infill masonry walls. For the floors, different areas with different
amount of reinforcement were considered according to the structure design. A concrete damage
plasticity model was adopted to reproduce the non-linear behaviour and damage of the concrete,
adopting those expressions given by EC-2 [12]. As a first approach, results for the model with
infill masonry walls were not predicted due to the variability of the results according to the
unknown mechanical properties and connections with the RC structure. This model will be
performed as a future work based on the experimental tested mechanical properties of the
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materials and the results obtained from the test under the second failure scenario. Table 1 shows
the parameters considered in this preliminary study.
Value*

Property

Steel
Concrete
Modulus of Elasticity [MPa]
210000
33000
Poisson’s Ratio
0.3
0.2
Compressive strength [MPa]
--38
Tensile strength [MPa]
--2.9
*Values should be modified in future works according to the experimental results
Table 1: Mechanical properties of steel and concrete elements.

The lower nodes of the concrete columns of the ground floor had restricted displacements
and rotations, whereas those corresponding to the steel columns had restricted displacements
and free rotations. Fig. 5 shows a 3D view of the FE model.

Figure 5: 3D view of the FE model without (left) and with infill masonry walls (right).

The self-weight was applied automatically with densities of 25kN/m3 and 78.5kN/m3 for
concrete and steel, respectively. Dead load (DL) and live load (LL) were applied as a uniformly
distributed mass on the slab. The accidental load combination was used in the analysis (i.e.
1.2DL + 0.5LL) in accordance with GSA [3]. This load was also reproduced experimentally.
The gravity acceleration was introduced gradually over time using a ramp function within
t=0.0s and t=1.0s, similarly to Buitrago et al [15]. This was followed by an interval of
stabilization and the introduction of the accidental events at t=1.0s. The response of the structure
was computed until t=2.0s. As explained before, local failure scenarios followed the
conventional notional member removal approach used traditionally for permanent structures to
assess whether the structure can develop alternative load paths after accidental events [3,4,16–
19]. Predicted results of the FE model are presented in Section 4 and were used as a reference
for the experimental tests.
4

RESULTS

This Section presents the predicted results for the first failure scenario where there is no infill
masonry walls in the structure. This is a common trend when considering structures under
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progressive collapse, in which secondary elements as infill masonry walls are not considered.
Future works will analyse that this could conduct to not appropriate results since the secondary
elements play an important role in arresting progressive collapse. Actually, infill masonry walls
are considered as an important alternative loading path in accidental scenarios [1].
Fig. 6 and Fig. 7 show the time-dependent vertical displacement obtained in the centre of
the bay attached to failed column and in the upper point of this column for the first failure
scenario, respectively. As it is shown, the RC structure achieve an important deflection after
the accidental event within t = 1.0s and t = 2.0s. This response, as can be seen from the deformed
shape, is governed by two main alternative load paths: a) bending; and b) Vierendeel action.
Other alternative load paths, as membrane or arch action, were not mobilized in this case. Arch
action can be mobilized when an external or internal column is lost, whereas membrane action
is usually activated after the bending action, with high rotations at joints and a stiff horizontal
restrain.

Figure 6: Position and time-history results (vertical displacement) in the center of the bay attached to the failed
column.

Figure 7: Position and time-history results (vertical displacement) in the upper point of the failed column:
predicted by the FE model (left) and registed in the test (right).

Fig. 8 and Fig. 9 show the predicted damage (cracking) on the upper and lower part of the
RC slabs, respectively. The most important cracked areas are represented as grey areas. As can
be seen, this damage is localized in zones near the joints between slabs and columns, where
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negative bending moments are important after the accidental event. Damage is also localized in
the bottom part of the slabs near the failed column due to the flexural stresses introduced by the
Vierendeel action. As an example of what occurred in the experimental test, Fig. 10 shows a
photography of some cracks produced on the slabs near to the column-slab joint attached to the
failed column after the accidental event.

Figure 8: Predicted tensile damage of the upper part of RC slabs in the first failure scenario (deformed shape
magnified 10 times) at 2.0s.

Figure 9: Predicted tensile damage of the lower part of RC slabs in the first failure scenario (deformed shape
magnified 10 times) at 2.0s.
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Figure 10: Cracks on the slabs near the joint column-slab attached to the failed column after its sudden failure.

With the inclusion of the infill masonry walls, we expect that the maximum vertical
displacement and concrete damage are much lower than those predicted by the FE model
without infill walls, as occurred in the experimental test (reduction about 80%-90% of the
maximum vertical displacement).
5

CONCLUSIONS AND FUTURE WORKS

A real-scale RC building structure was carried out by ICITECH-UPV to assess its
progressive collapse behaviour under corner-column failure scenarios without and with the
consideration of the infill masonry walls. Before testing, as a reference for the experimental
tests, a FE model was developed to predict the most important results and the general behaviour
of the RC structure. This FE analysis consisted on a dynamic nonlinear numerical analysis
performed in ABAQUS. From the experimental and predicted numerical results obtained, the
following conclusions can be drawn:
 The design following the simplified methodology of the tying forces and elements
[2] did not require any additional reinforcement detail for the horizontal ties. This is
a normal trend when considering flat-slabs.
 After a sudden column removal, the RC structure was able to withstand the accidental
action with the activation of some alternative load path.
 The accidental event produced some important deflections and damage on the RC
structure. However, after the accidental event, the integrity of the structure was
maintained and it was able to arrest effectively the possibility of propagating a
progressive collapse.
 Bending and Vierendeel actions were the most important alternative load paths under
corner-column failure scenarios. As it is confirmed by experimental testing, infill
masonry walls were another important alternative load path, highly reducing
displacements and damage of the RC structure (80%-90% of reduction). Other
alternative load paths, as arch or membrane actions, were not activated. Arch action
is not present in corner-column losses, whereas membrane action needs high
rotations on column-slabs joints and stiff horizontal restrains, which is not the case

8

Manuel Buitrago, Jose M. Adam, Elisa Bertolesi, Pedro A. Calderón, Juan J. Moragues

of this test.
As future works, experimental research and analyses with dynamic nonlinear numerical
simulations fitted to the experimental results without and with infill masonry walls will be
developed to precisely analyses the different alternative load paths and the influence of
introducing the infill masonry walls on the structural behaviour against progressive collapse.
This analysis will be extended to other cases through parametric analysis and other types of RC
buildings.
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Summary.
Building industry has always been considered as one of the effective parameters on energy
consumption. The active engineers in this field have always been concerned about decreasing
energy consumption of the whole country. Improving the energy efficiency of buildings is a
key strategy in responding to climate change and resource challenges associated with the use
of fossil fuel derived energy. One of the factors that can have a significant effect on the
materials of the building envelope is thermal insulations. The characteristics of the building
envelope play a decisive role in determining building operation energy. Polymeric transparent
Insulation Materials add to the strategies that may be used to sustain these improvements:
they can reduce heat loss by providing high thermal resistance while effectively transmitting
solar energy and contributing to the luminous environment. Specifically, in this research, a
residential building was designed accurately using the Design Builder software, and then,
results analyzed by Energy Plus software to compare the energy consumption and carbon
dioxide (CO2) emissions of materials, annually and monthly. In the first step, the effect of all
kinds of Polymeric thermal insulation have been investigated to represent how these
insulators influence on these variables. In the second step, by analyzing the cost savings
associated with reducing the consumption of gas and electricity, the environmental cost,
social costs, reduction of carbon dioxide emission, the cost of all kinds of insulations and
payback time has been investigated. The results indicate that it is based on the fact
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1 INTRODUCTION
Plastics in buildings offer lightweight and low-cost alternative solutions to glass and other
claddings; in this way, plastic materials are useful for building applications. During the last
years, new plastics have been developed, resistant to UV radiation and without showing
decoloration, and there is a growth in the variety of the plastics while their lifespan and
quality increase. Over the past decades, attention has grown to energy and environmental
problems. Many national and international policies have been taken to ensure a more tolerable
future for the planet. In general, research shows that about 40% of the total energy
consumption in different countries is in the building sector. In addition, the identified
potential for energy efficiency in the building sector have been increased and the
measurements of high energy consumption in this sector can provide a response to a
significant reduction in greenhouse gas emissions.
The buildings facades plays an important role in overall energy consumption, as it is heavily
influenced by the environmental climate, so that the occurrence of heat losses along the
external walls accounts for a large part of the energy losses of the entire building. Therefore,
insulated walls are very necessary. Thermal Performance is not the only factor to be
considered when choosing an appropriate material. So this material in the construction sector
as well as non-thermal features such as sound insulation, fire resistance, water vapor
permeability and environmental impact are considered to be human health.
2. LITERATURE REVIEW
In a study carried out by Rahman, Rasul et Khan (2010), different opportunities for energy
conservation measures (ECMs) on HVAC and lighting system of a four-storied institutional
building using Design Builder (DB) were investigated. Energy savings in major investment
variable air volume (VAV) systems were classified against constant air volume system(CAV),
and low coefficient of performance (COP) chillers against high COP chillers), minor
investment (photo electric dimming control system against general lighting, and double
glazed low emittance windows against single-glazed windows) and zero investment. [1]. this
would bring about 41.87% electric energy saving annually, 2.99% of which could be saved
with zero investment, 12.02% with minor investment, and 26.86% with major investment .
The study conducted by Tahsildoost et Zomorodian (2015) examined techniques of energy
retrofit and the necessity of appropriate solutions for two school buildings built about 2000 in
Iran, also providing categories based on age and construction parameters as follows: (CASE
A: built before 2000 with low quality construction -non-insulated exterior envelope and single
layer glazing’s with metal frame windows, and CASE B: built after 2000, only with insulated
roof)(faghat ruye masalaro tozih dadi bayad natayeesho mizashti). [2]. Gul et Patidar (2015),
focused on the electrical consumption of an academic
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building of Heriot-Watt University, Edinburgh, Scotland, Adopting a case study approach, to
determine the influence of room activities and occupancy in terms of lectures, seminars and
meetings on the energy consumption of the building from January 2013 to May 2013.
Therefore, daily average electricity consumption, total daily occupancy and daily room
activities were considered. An online questionnaire was distributed to staff and students as
well as interviews to have a clear view of relationship between electricity and occupancy. The
results of the questionnaire indicated that 92% of the building users are visitors. 67% of the
respondents were found to use a laptop, 14% use a PC and 37% use a tablet or an IPad. About
6% said that they use an electric kettle and table lamp, 4% use microwave ovens and only 2%
use portable heaters [3]. An analysis of the current situation of the public school in Rome was
carried out by De Santoli et al (2014), to identify strategies for energy saving through
investigating dimensional, technological and architectural features. Low technological level of
envelope and plant system lead to insufficient thermal performance for school. To achieve to
an insufficient thermal comfort, several standard interventions were defined according to the
historical and architectural features. By comparing the costs the analysis was performed,
parameterized for standard retrofit interventions for the existing envelopes and plants to the
benefits achievable by the interventions in terms of energy and money saving through a
simple payback time analysis (PBT) useful to identify priorities for action. The result showed
a total cost save about 0.09 D/kWh. The study found on type and quality of the refurbishment
and his payback time was the creation of problemsolving activities and opportunities aimed to
reach the required standards speedily and consciously, avoiding waste of time and money [4]
A calculation conducted by Buonomano et al (2014), focused on energy and economic
savings of 4 hospital buildings. Four strategies were analyzed to improve energy performance
namely as installation of, case I; roofs thermal insulation, case ii; a substation climatic 3-way
valve, case iii; radiators thermostatic valves, case iv; AHU (air handling unit) timeprogrammable regulation. CASE iv was possibly the most profitable action among the
proposed energy saving scenarios determining major savings both during winter and summer
operations with a very low capital cost. According to the strict economic point of view, a
centralized heating regulation (CASE ii) was more profitable than a room one (CASE iii) [5]
4:In order to evaluate energy performance and the dynamic thermal behavior of the green roof
house-holiday building, Gagliano et al (2014 ), conducted a survey in Italy using
DesignBuilder(DB). The available Energy savings through the introduction of the green roof
showed the significant reduction of the total cooling and heating about 80%, 34%,
respectively. Furthermore, compared to the traditional roof the green roof provided lower
fluctuation of its superficial temperatures, diminishing the average daily temperature
fluctuations from 12 °C to 6 °C. In addition, the thermal inertia properties were improved [7]
Dogan sahin et al (2015), Adopting a historical building approach, focused on energy efficient
retrofitting (EER) interventions in Izmir-Turkey to bring down the energy consumption of
the building, taking heritage values into account, though. The risk and benefits of any chosen
EER assessed through risk-benefit analysis were gathered into three packages. Results of the
Package 1, not damaging the heritage values, indicated that the annual primary energy
consumption decreased while the
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heating energy demand increased. In case of Package 2, again not damaging the heritage
values, showed that the heating energy demand and total annual primary energy consumption
were reduced with respect to the Package 1. Package 3 represented the effect of maximizing
the energy saving without considering the heritage value [8]. Sekki, et al (2015), investigated
heating and electricity consumption to find out differences by comparing primary energy
consumption. The buildings studied were educational buildings comprising 82% of the
schools, 68% of the day care centers and all university buildings which were classified based
on the construction year in the City of Espoo in southern Finland. The assessed educational
buildings’ characteristics were evaluated in terms of volume, heat consumption, energy class,
gross area, electricity consumption, heat production, ventilation. These evaluations were
based on the actual energy consumption measured to find out both heating and electricity
consumption.
Based on the results, differences in energy consumption and primary energy consumption of
studied buildings were high and newer buildings consumed less heating energy. As an
example, differences between the primary heating and electricity consumption in day care
centres were 83%, in schools 84% and in university buildings76%. However, there was no
obvious correlation for electricity consumption [9]. A life cycle model was presented to a case
study located in hot humid (Antalya) and cold climate (Erzurum) of Turkey by Mangan et
Koçlar Oral (2015), implementing effective energy retrofit strategies- thermal insulation and
PV systems- to improve building energy performance. Then the effect of each measure on life
cycle energy consumption and CO2 emission was determined by using the “Life Cycle
Energy (LCE)” , and “Life Cycle CO2 (LCCO2)” analysis was developed based on life cycle
assessment (LCA) method. In total, 12 evaluated alternatives were divided into two groups.
The alternative with an optimum performance for Antalya, among the described alternative
groups, was A4 (Thermal insulation value ≥ U value in TS 825 (Uwall1= 0.31 W/m2K,
Uroof=0.55W/m2K), and the alternatives by which the thermal insulation thickness for 7 cm
was implemented, obtaining Uwall1: 0.31 W/m2K and Uwall2:0.43 W/m2K values.
Comparing A4 (alternative for Antalya) with A1( No thermal insulation layer in the exterior
wall components Uwall1=0.79 W/m2K) in which there was no thermal insulation layer in the
exterior wall components, an increase in embodied energy and embodied carbon values
respectively with the ratio of 3% and 1% was observed.
An alternative by which the thermal insulation thickness for 20 cm was implemented, and
Uwall1:0.14 W/m2K and Uwall2:0.17 W/m2K values were obtained was the alternative with
an optimum performance for Erzurum which was A11 (Thermal insulation value ≥ U value in
TS 825 Uwall1=0.14W/m2K, Uroof=0.55W/m2K). As to the PV system application, the
alternative with an optimum performance for Antalya and Erzurum was A12 (Mono
crystalline silicon module for terrace roof (190Wp) PV surface area: 148.36 Wp/m2)
alternative by which roof PV system was dealt with [10]. To detect operating problems and
find out the opportunities for energy conservations (ECOs), Ali Alajmi (2012) focused on
energy audit (EA). Sampled building was an educational building in a hot summer climate
located in State of Kuwait- Kuwait. A list of issues was identified which were violating the
energy conservation principles, such as those outlined in

4

Ghorbanalavi F, Arioglu N.

the ASHRAE Standard 100-2006. To measure how much energy could be saved, different
recommended effects (HVAC system, Lighting, Plug-in equipment) on building’s thermal
performance had been simulated using DesignBuilder (DB). In order to assess the feasibility
of utilizing the ECOs, the auditor had to calculate the payback period. It was indicated that if
all the recommendations had been implemented, 52% of the total energy could be saved.
Furthermore, it was found that the CO2 emission due to electricity use in the building would
be reduced by 648 tons a year[11]. To achieve energy efficient building design, Erdemir
Kocagil and Oral(2015), were set to evaluate design parameters of traditional Diyarbakır
houses on heating and cooling loads in Turkey via simulations performed by Design Builder.
They evaluated the thermal performance of building forms, generated from traditional
architecture, within the defined settlement textures. They also determined four commonly
seen reference standardized plan types: (L-type plan, U-type plan, inner courtyard plan and
central courtyard plan) and the total surface area that losses heat (A) and the total volume that
is sheltered within the building (V), (A/V ratio) as a form factor which was also used by six
different A/V ratios; 0.50, 0.60, 0.70, 0.80, 0.90 and 1.00. Each building form, alternatively
derived from plan type and A/V ratio combinations, was simulated as an independent building
(reference building) apart from the four alternative settlement textures (ST1, ST2, ST3, ST4)
which were developed based on the existing settlement (ST1 and ST2; settlement texture with
respectively 6m and 3m street width, ST3 and ST4; settlement texture consisted of blocks
respectively with four buildings and six buildings). Consequently, building form and
settlement texture was found to be influential in heating and cooling loads, and there was a
clear correlation between A/V ratio and the heating and cooling loads. By an increase in A/V
ratio, the heating and cooling loads increase too. Inner courtyard plan type, among different
building form alternatives, was found to need the lowest heating and cooling loads while L
type plan need was the highest. On the other hand, ST4, the buildings within the settlement
texture alternative, consume the lowest cooling energy, and the reference buildings consume
the lowest heating energy [12].
3. BUILDING PHYSICS
This five-story building is modeled according to existing plans. Each floor area of this
building is 150 square meters and the interior classification of spaces is also done according to
the existing drawings. Figures 1 and 2, respectively, have a view of the external dimensions of
the simulated building and internal division of spaces.
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Fig 1: view of modeled building
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Fig 2: A view of the division of the interior spaces
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3-1- BUILDING CONSTRUCTION

All windows of this building are made of double-glazed transparent type with a thickness of 6
mm, in the middle layer, there are 13 mm air gas, whose u-value is equal to 2.66 (watt /m ^ 2
k). The materials used for all parts of the building except the external walls in all cases are the
same as the original composition and is constant. physical and thermal characteristics of
various materials are distributed on the basis of the 19th article of the national building
regulations of the Islamic republic of Iran[16]. In table 1, 2 and 3, the specifications of the
materials are listed for the ceiling, floor and the outer walls, respectively, from the outer layer
to the interior layer (required for analysis) with the thermal specifications.
TABLE 1 Properties of materials used for the building floor

Reference standard

Density
(Kg/m3)

Thermal
conduction
(w/m°k)

2000

0.7

0.03

Waterproofing

1

1800

0.95

0.2

Cement

2

1500

1.15

0.1

Gravel

3

1800

1.15

0.4

Concrete

4

5.68

0.0054

0.025

Air Gap

5

1100

0.57

0.013

Plaster

6

Iran National Building
Regulations[16]
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]

Thickness
Layer
Name of material
(m)
arrangement

TABLE 2 Properties of materials used for the building ground

Reference standard
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]

density
(Kg/m3)

Thermal
thickness
conduction
(m)
(w/m°k)

Name of
material

Layer
arrangement

ceramic

1

1000

0.85

0.0254

1800

0.95

0.0254

Cement

2

2300

1.15

0.2032

Concrete

3

900

0.3

0.0254

Plaster

4
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Table 3 Properties of materials used for the building external wall
density
(Kg/m3)

Thermal
conduction
(w/m°k)

thickness
(m)

2600

2.8

0.1

Granite

1

1800

1.3

0.01

Cement

2

1900

0.74

0.1

Iran National Building
Regulations[16]

840

0.047

0.04

Iran National Building
Regulations[16]

900

0.3

0.02

Reference standard
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]
Iran National Building
Regulations[16]

Name of
Layer
material arrangement

Pottery(in
chie?
Insolation
material
Plaster

3
4
5

3-2- Heating and cooling system
Radiator system with gas central heating boilers was used for heating of the case study
building. The heating system is made up of a natural gas-fueled boiler and heat exchanger
tubes and radiators. The cooling system is also made up of heat engine and splint, powered by
urban power. There are heating and cooling systems in all parts of the building except for the
corridor.
3-3- The studied climates
Tabriz
is
located
in
northwest
of Iran in East
Azerbaijan province
between Eynali and Sahand mountains in a fertile area in shore of Aji River and Ghuri River ,
Tabriz's elevation ranges between 1,350 and 1,600 metres (4,430 and 5,250 ft) above sea
level. The valley opens up into a plain that gently slopes down to the eastern shores of Lake
Urmia, 60 kilometres (37 miles) to the west. With cold winters and temperate summers,
Tabriz is considered a summer resort. Tabriz has a humid continental climate
regular seasons (Köppen Dsa).
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The annual precipitation is around 280 millimetres (11 in), a good deal of which falls
as snow during the winter months and rain in spring and autumn. The average annual
temperature is 12.6 °C (54.7 °F).
Bandar Abbas is a port city and capital of Hormozgān Province on the southern coast of Iran,
on the Persian Gulf. The city occupies a strategic position on the narrow Strait of Hormuz,
and it is the location of the main base of the Iranian Navy. Bandar Abbas is also the capital
and largest city of Bandar Abbas County. At the 2006 census, its population was 367,508,
with 89,404 families. andar Abbas has a hot desert climate (Köppen climate
classification BWh). Maximum temperature in summers can reach 49 °C (120 °F) while in

10

Ghorbanalavi F, Arioglu N.

winters the minimum temperature may drop to 5 °C (41 °F). The annual rainfall is around 170
millimetres (6.7 in) and the average relative humidity is 65%.
In the summer, Bandar Abbas sees some of the highest average dew points of any city in the
world, averaging 27 °C (81 °F) and frequently exceeding 30 °C (86 °F). As a result, heat
indices generally top 50 °C (122 °F) for most days during the summer.[10][11] This immense
humidity causes summer diurnal ranges to be lower than in most desert climates, and is a
result of air flow from the warm waters of the Persian Gulf.

3-4- material selection; Polymer base Transparent Insulation Materials
Transparent Insulation Materials, which seek to offer the simultaneous resistance to heat flow
and facilitate the transmission of light, are almost always assembled with at least one
transparent cover and typically occupy the air cavity between the layers. TIMs are generally
classified under four categories according to the structure of the TIM layer Fig. 1. The
categories are: (a), (b), (c) and (d) .
•

Density and temperature stability
materials

Thermal conductivity

PMMA
high density
polyethylene

0.167-0.25 W/m.K
0.42 - 0.51

ETFE foils

0.137 0.238

PTFE foils

Density, ASTM
D792
1170-1200MPa
930 to 970
kg/m3

Specific Heat
Capacity
1466 J/kg/K
2.25 kJ/kg °K

0.061

0.45 – 0.48 1.9 –
2.0

2200 kg/m3

970 ‐ 1.09e3 J/kg
°C

1.38 g/cm3

0.9 kJ/(kg·K)

50 kg/m³

1131 (J/kg K)

0.25 W/(m·K)
PVC (polyvinyl
chloride);

Rigid: 0.14–0.28
Flexible: 0.14–0.17

styrofoam

Dow Chemical 0.0330.036
K. T. Yucel et al.
0.036-0.046
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1. Validation of results
In order to ensure the accuracy of the results obtained in this paper, the results of the
simulation of the basic building have been validated in the two step.
In the first step, with regard to the fact that the simulated building exist in reality, the results
of the gas and electricity consumption, taken from building simulation for one floor of the
building are compared with the amount of gas and electricity consumed by the actual volume
extracted from the gas bills.
According to table 4, it is summarized that the simulation error rate in the amount of gas and
electricity consumed in the second floor is about 8 and 2 percent, which indicates that the
accuracy of the calculations of simulation and results are reliable.
In order to be more sure of the given results, one of the building's room is considered and the
circuit is designed and connected to different sensors. These sensors are installed to measure
temperature in one of the building's rooms and the room temperature is measured for the
summer week.
In order to measure the temperature, the sensor LM335 are used. The output of this sensor is
analog and for increases in every Kelvin degree, the output voltage is increased by 10mV.
In order to be able to measure this voltage, the Arduino board has been used. These sensors
connected to Arduino analogue bases. This project uses ARDUINO MEGA25 board which
has 16 analog inputs, to measure temperatures in different locations, 10 sensors have been
used and connected to analogue Arduino bases. The module SD CARD is also used to record
the measured temperatures on the memory card.
The results of the measured temperatures are compared with the results obtained from the
software for the desired room in Fig. 1. The results of the graph 1 indicate that the
temperature values measured in most hours of the week have no significant difference with
the simulated results and have a good accuracy.
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Air Temprature in Summer Design Week
Air Temprature

40
35
30
25
20

12:00:00 AM
5:00:00 AM
10:00:00 AM
3:00:00 PM
8:00:00 PM
1:00:00 AM
6:00:00 AM
11:00:00 AM
4:00:00 PM
9:00:00 PM
2:00:00 AM
7:00:00 AM
12:00:00 PM
5:00:00 PM
10:00:00 PM
3:00:00 AM
8:00:00 AM
1:00:00 PM
6:00:00 PM
11:00:00 PM
4:00:00 AM
9:00:00 AM
2:00:00 PM
7:00:00 PM
12:00:00 AM
5:00:00 AM
10:00:00 AM
3:00:00 PM
8:00:00 PM
1:00:00 AM
6:00:00 AM
11:00:00 AM
4:00:00 PM
9:00:00 PM

15

hour
Simulated

Measured

Fig 1: Comparison of measured and simulated results for summer design week

No.
1
2
3
4
5
6

Table 4 Properties of insolation used for external wall
Insolation
Conductivity
Specific heat
Density
Type
w/mk
j/kgºk
Kg/m3
ETFE
0.137
450
61
PTFE
0.25
970
2200
Styrofoam
0.033
1131
50
PVC
0.14
900
1390
PMMA
0.167
1466
1190
HDPE
0.42
2250
930

2. Results
Figures 2 and 3 show, respectively, the amount of energy required for heating in monthly and
annual terms for the Tabriz climate. According to the explanations presented for the Tabriz
climate, the energy consumption in this climate is of particular importance and the results
indicate that by embedding polymeric insulators into external wall building materials, the
energy consumption of building heating can be reduced. The amount of energy consumed for
building heating in the Bandar Abbas climate is shown in Figures 4 and 5 on a monthly and
annual basis. According to the results, it can be concluded that the importance of energy
consumption is much lower compared to discrimination in Bandar Abbas.
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According to the results, it can be concluded that the heating energy consumption in Bandar
Abbas is much lower compared to Tabriz. Comparison of heating energy for the examined
thermal insulation materials in this study shows that the use of Styrofoam insulation in both
climates has the greatest reduction in heating energy consumption. Thus, it reduces thermal
energy consumption by 63 percent in the Tabriz climate. On the other hand, the energy
consumption in the Bandar Abbas area is very low, therefore, the use of this type of material
can reduce energy consumption closer to zero.

Monthly Heating Energy
25000

KWh

20000
15000
10000
5000
0

ETFE

HDPE

PMMA

PTFE

PVC

Styrofoam

Base

Fig 2: Monthly heating energy consumption for Tabriz climate in different conditions

Annual Heating Energy
80000
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60000
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40000
30000
20000
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Heating Energy

ETFE

HDPE

PMMA

PTFE

PVC

Styrofoam

Base

45393

60383

48199

53894

45666

28000

75564

Fig 3: Annually heating energy consumption for Tabriz climate in different conditions
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Monthly Heating Energy
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Fig 4: Monthly heating energy consumption for Bandar Abbas climate in different conditions

Annual Heating Energy
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4
3.5

KWh

3
2.5
2
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1
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Series1

ETFE
0.092

HDPE
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2.6287559 0.02536226

PTFE

PVC

stryofoam

Base

0.82

0.001

0.01291919

4.4206

Fig 5: Annually heating energy consumption for Bandar Abbas climate in different conditions
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Monthly Cooling Energy
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Fig 6: Monthly cooling energy consumption for Tabriz climate in different conditions
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Fig 7: Annually cooling energy consumption for Tabriz climate in different conditions
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Monthly Cooling Energy
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Fig 8: Monthly cooling energy consumption for Bandar Abbas climate in different conditions
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Fig 9: Annually cooling energy consumption for Bandar Abbas climate in different conditions
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Monthly CO2 Production
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Fig 10: Monthly Carbon dioxide production for the Tabriz climate in different conditions
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Fig 11: Annually Carbon dioxide production for the Tabriz climate in different situations
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Monthly CO2 Production
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Fig 12: Monthly Carbon dioxide production for the Bandar Abbas climate in different
situations
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Fig 13: Annually Carbon dioxide production for Bandar Abbas climate in different situations
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Figure 6 and 8 show heating energy consumption in summer months in Tabriz and Bandar
Abbas. Also, we can see the annual cooling energy consumption for the Tabriz and Bandar
Abbas regions, as shown in Figures 7 and 9, respectively. According to the explanations given
in the previous section, in relation to the climate conditions of Bandar Abbas and Tabriz,
cooling energy consumption in the Bandar Abbas region is expected to be much higher than
the Tabriz climate. The results of the studies for the amount of cooling energy indicate that
among the analyzed insulations, Styrofoam Insulation for Bandar with the 20% decrease,
and PVC insulation with about 7% reduction for Tabriz are the best insulation.
Figures 10 and 12 show the amount of carbon dioxide produced by the building on a monthly
basis. The carbon emission in the building is due to fuel consumption for heating, cooling, hot
water and space lighting. Clearly, reducing the amount of energy consumed for cooling and
heating demand in building will result also in carbon emission reduction.
Figures 11 and 13 show that among the analyses materials, the use of Styrofoam annually can
diminish the emission of carbon for both Bandar Abbas and Tabriz by 10% and 40%,
respectively.
Cities of Tabriz and Bandar Abbas are among the most populated cities of the country and
every year are involved with various environmental problems, such as air pollution, this
reduction in the total production capacity of buildings can help to have a clean air and
improve people's health.
3. Economic analysis
The cost of electricity consumed according to the reference 48 and the Ministry of Energy's
approval, if the whole building is taken into account, the tariff for household electric power
consumption is 3226 rial for non-tropical (Tabriz) regions. The cost of gas consumption
according to the reference 48 and the Ministry of Energy's approval, if the whole building is
taken into account, is 4865 rial for non-tropical (Tabriz) regions [17].
In the energy sector of the country, external costs are actually costs that are imposed on the
society and the environment through the production, transmission and consumption of energy,
but not at the price of goods or services. The lack of attention to environmental costs leads to
devastating effects on resources and as a driving force, the power generation system leads to
instability.
It seems that the estimation of environmental costs and their inclusion in the final cost is a
significant step towards clarifying the process of pricing goods and services in the energy
sector, which provides the scientific basis for moving towards market-based pricing on the
country's electricity consumption.
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These costs arise when economic activities have a negative impact of direct environmental
degradation such as emissions of pollutants, degradation of ecosystems and other groups.
In other words, in the field of environmental science, this term is used to quantify
environmental and health effects. In order to calculate social costs accurately, environmental
values should be identified and the extent of the impacts of any type of pollutant on the
environment and the effect of pollutants on environmental units should be estimated.
The social costs of the fossil fuels use of in the country for various pollutants are expressed in
the annual balance sheet of electricity. So that a reduction in greenhouse gas emissions can
save about $ 20 per ton of carbon dioxide[18,19]. Economic analysis with regard to the
amount of energy consumed for heating (natural gas consumption), required energy for
cooling (urban power consumption) and production of carbon dioxide according to the
average inflation rate of the last three years announced by the Central Bank of the Islamic
Republic of Iran.
Bandar abbas(year)
20
21
19
34
35
11

Tabriz (year)
37
24
22
37
40
12

Type of insulation
PVC
PMMA
ETFE
HDPE
PTFE
Styrofoam

Conclusion:
Building sector is one of the sectors that has a significant contribution of energy consumption
in developing countries. Hence, it is essential to find solutions to reduce energy consumption
in buildings.Proper selection of building materials based on taking the climate condition of
each region into account can reduce energy consumption and air pollution. The results of this
paper indicate that the use of insulation generally reduces the consumption of cooling and
heating energy in both the hot and cold climate of Bandar Abbas and cold of Tabriz. Among
the insulations examined, Styrofoam is the most suitable insulator for Tabriz and Bandar
Abbas, and has the lowest return on investment.
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ABSTRACT
The present paper is dedicated to the service design of reinforced concrete sections under axial load
and bending moment, according to Eurocode 2 recommendations [1]. The objective of the work is to
evaluate the maximum stress in the concrete in practice design of reinforced concrete structures. The
rectangular sections can be composed of fibre or traditional concrete and are considered to stand only
the compressive stresses. Tensile stresses are only supported by the steel. The constitutive law for
traditional concrete under compression is the nonlinear equation of EC2[1]. The behaviour of fibreconcrete follows the equation developed by Camponi [2]. Both models are compared to the linear
elastic behaviour generally employed in the service design and used also in reference [3].
The equations are implemented into a mathematic symbolic software. The results obtained for different
bending moment and axial load, can be compiled into the form of tables or design abacuses considering
a range of steel variations and steel reinforcement layout.
The evaluation of the stresses considering the linear elastic behaviour for sections under high axial
load, that is the case of columns, may deliver erroneous results. The nonlinear law of EC2 carries
problems in the integration of stresses: the computation depends on the concrete class; the no
dimensional design or analytical expression cannot be delivered, as in the case of the linear elastic
behaviour [3], and only a numerical solution is obtained. These are the reasons why the design abacuses
are presented for fixed values of the maximum stress in compressed concrete equal to 0.45fck and
0.60fck, where fck is the characteristic value of the compressive concrete strength.
The application of these results is very convenient for beams and framed structures in a quick and
careful design as in the learning classes, or integrating a database in a computational program.
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ABSTRACT
This study analyses the most common challenges encountered in numerical modelling and nonlinear
analysis of complex historical masonry structures of the built cultural heritage. The research
highlights the need for preliminary activities, including historical investigation, inspection, and
structural health monitoring, to support the advanced computations by means of essential empirical
data for model calibration and validation. This multidisciplinary scientific approach allows drawing
optimum conclusions from the structural analysis, in order to plan future studies or interventions
respectful of the heritage value of the historical building.
The study presents a numerical model, specifically developed for complex historical masonry
constructions, able to describe the time-dependent strain accumulation in the material due to longterm exposure to constant stress, as well as the damaging behaviour under different stress states. The
resulting coupled viscoelasticity and tension-compression continuum damage model is characterised
by several advantages, especially in terms of simplicity and computational efficiency. The strain
driven format, the reduced number of internal variables and input parameters make the model
suitable for the numerical analysis of large historical structures, such as churches or cathedrals. The
proposed constitutive model is combined with a crack-tracking technique to represent tensile crack
localization, allowing a more realistic description of damage phenomena and mesh-objective results.
The proposed numerical model is applied to the study of two important monuments in Spain, i.e.
Mallorca Cathedral and the church of the Poblet Monastery (UNESCO Wold Heritage Site). The
structural analysis of the first case study allows understanding the reasons of its current deformed
condition, i.e. critical construction process, strain accumulation given by long-term creep
phenomena, and nonlinear geometric effects. The structural analysis of the second case study allows
the structural diagnosis of the existing deformation and cracking patterns, given by architectural
alterations experienced by the monument in the past, insufficient buttressing of the naves, and effects
of past earthquakes.
In both studies, the results of the advanced numerical results, fully supported and validated by the
empirical evidence from experimental activities, motivate the development of future studies based on
continuous structural health monitoring, now under consideration.
The authors would like to thank the Ministry of Science, Innovation and Universities (MCIU) of the
Spanish Government, the State Agency of Research (AEI) and the European Regional Development
Fund (FEDER) through the SEVERUS project (Multilevel evaluation of seismic vulnerability and
risk mitigation of masonry buildings in resilient historical urban centres ref. num. RTI2018-099589BI00)

Figure 1. Numerical model of a structural bay of Mallorca Cathedral.

Figure 2. Numerical model of a structural bay of the church of the Poblet Monastery.
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